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ABSTRACT 

The research conducted was part of a project sponsored by the Virginia Department of 

Transportation and the Virginia Transportation Research Council.  One PCBT-53 girder was 

fabricated with lightweight, self-consolidating concrete.  An additional composite cast-in-place 

lightweight concrete deck was added at the Virginia Tech Structures and Material Laboratory. 

The project had two specific goals.  The first was to experimentally determine the shear 

strength of the bridge girder.  The initial tests focused on the web-shear strength of the girder, 

and the second tests focused on the flexure-shear strength.  The theoretical predictions for the 

web shear strength were all conservative when compared to the experimentally measured failure 

strength.  The theoretical predictions of the flexure-shear strength were typically unconservative 

because during the flexure-shear test the girder reached the nominal flexural strength, and a 

failure occurred in the previously damaged region of the beam.  Shear strength was also 

predicted using the design material properties.  Results from these calculations suggested that the 

equation for the steel contribution to shear strength proposed in the NCHRP Simplified Method 

were unconservative.   

Further investigation into the results from the web-shear test showed that the maximum 

nominal shear strength calculated using the AASHTO LRFD Specifications was typically 

unconservative.  Test results from this project suggested that the constant multiplier of 0.25 used 

in the LRFD equation for Vnmax may be too high.  Further research may be needed to accurately 

quantify an upper limit on the shear strength.  Additionally, predictions of the initial web-shear 

cracking load were conservative when using the AASHTO Standard Specifications and the 

NCHRP Simplified Method.  The initial web-shear crack angle was under-predicted using the 

AASHTO LRFD Specifications. 

The second goal was to monitor the change in prestress over time (and hence the 

prestress loss) occurring in the PCBT-53 girder.  Prestress losses were experimentally measured 

by vibrating wire gages (measured changes in concrete strain) and flexural load testing.  



 

 

Measured prestress losses were compared to a theoretical prediction calculated using the 

AASHTO Refined Method.  The amount of prestress recorded at any given time using vibrating 

wire gages was greater than predictions from the AASHTO Refined method.  The effective 

prestress measured just prior to deck placement was higher than the theoretical prediction, and 

the measured effective prestress at the time of testing was also higher than the theoretical 

effective prestressing force.  The effective prestress value calculated using the flexural crack 

initiation method was significantly lower than the effective prestress values predicted by both the 

code provisions and the vibrating wire gages; however, the effective prestress value calculated 

using the flexural crack re-opening method corresponded very well with the effective prestress 

values predicted by the code provisions and measured by the vibrating wire gages.  The 

discrepancy in the crack initiation effective prestress values may be due to prestress losses 

occurring between placement of the concrete and transfer of the prestress force.  These losses are 

not taken into account when using current code provisions to estimate prestress losses.  

Additional research is recommended to determine if these losses occur in bulb-tee girders, and if 

so, to quantify them. 

Finally, from test results within the scope of this research project, design of prestressed 

bulb-tee girders with lightweight, self-consolidating concrete is practical.  The current AASHTO 

LRFD Specifications provided conservative results when predicting the shear strength of the 

PCBT-53.  Additionally, prestress losses in PCBT girders fabricated with lightweight, self-

consolidating concrete were less than those predicted using the AASHTO Refined method. 
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CHAPTER 1.   INTRODUCTION 

1.1  Background 

1.1.1  Prestressed Concrete 

Prestressing is defined as preloading a structure to avoid undesirable results, and the use 

of prestressing is very applicable to reinforced concrete design.  The benefits stem from the basic 

principle that concrete is strong in compression and weak and brittle in tension.  Prestressing 

concrete reduces the tensile stresses that are present under service loads by adding an external 

precompression force.  The first successful attempt at producing prestressed concrete came about 

in 1928 when Eugene Freyssinet of France used high-strength steel wire to add a compression 

force to a concrete pipe (Collins and Mitchell 1997).  

The definition of prestressed concrete can be further divided into two categories: 

pretensioned concrete and post-tensioned concrete.  The difference in these two types of 

procedures is classified by the state of the concrete when the prestressing force is applied.  

Pretensioned concrete members are created by tensioning high-strength steel strands prior to 

placing concrete.  The steel is pretensioned within the formwork bed and the concrete is poured 

around the tensioned steel.  Once the concrete reaches a specified compressive strength for 

release, the prestressing force is transferred to the hardened concrete.  Post-tensioned concrete 

members are fashioned by applying a compressive force after the concrete has been poured and 

allowed to harden.  An empty duct is cast into the concrete structure and then post-tensioning 

strand is threaded through the duct after the concrete reaches a specified compressive strength.  

The strand is finally stressed and the concrete is compressed by the external force. 

Prestressed concrete offers many benefits over typical reinforced concrete members.  The 

addition of the external compressive force significantly reduces diagonal and longitudinal tensile 

stresses that would occur during service loads.  The external compressive force also helps to 

minimize or eliminate cracking from service loads.  Deflections from service loads can also be 

controlled through the use of calculated camber in a member.  Although many of the practical 

benefits of prestressed concrete revolve around serviceability limit states, the addition of 

prestressing to a member requires the use of high strength steel strand and takes greater 

advantage of high strength concrete. 
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1.1.2  Lightweight Concrete 

Lightweight concrete is made with lightweight aggregate.  This aggregate can be the 

coarse aggregates, the fine aggregates, or both.  The main difference between lightweight 

concrete and normal weight concrete is the variation in weight per cubic foot of the two 

materials.  Lightweight structural members with rebar typically weigh around 120 pounds per 

cubic foot whereas normal weight members weigh approximately 150 pounds per cubic foot.   

Lightweight concrete can be produced to match the same compressive strength as normal 

weight concrete and thus it is a very advantageous material.  There are three practical benefits of 

this type of concrete: reduced member weight, heat insulation and sound absorption.  

Considering specifically bridge girders, a reduction in the member weight leads to reduced dead 

load (self-weight) acting on girder.  Additionally, lightweight concrete can be used in other parts 

of the bridge such as the foundations and deck to reduce he overall structure weight.  Finally, the 

lower unit weight of this concrete allows for prestressed members to be transported to job sites 

on routes that normal weight concrete would not be able to pass through, and erection of long 

members is easier with lower capacity cranes.  Lightweight concrete also resists heat from fire 

better than normal weight concrete because of its manufacturing process.  This process involves 

initially fire heating the aggregate which makes it more stable than conventional aggregates, and 

this process also helps to reduce spalling at high temperatures.  Sound absorption is often 

dependent on the porosity of the chosen material.  This means porous lightweight concrete 

aggregate can be very advantageous in reducing undesired noise.   

Unfortunately, when the maximum compressive strength of lightweight concrete is the 

same as normal weight concrete, the overall strength may be limited by the crushing of the 

lightweight aggregate.  Additionally, the tensile strength and modulus of elasticity of lightweight 

concrete are typically lower than those of normal weight concrete.  These limitations are widely 

known for lightweight concrete and can be accounted for in design. 

1.1.3  Self-Consolidating Concrete 

There is a growing need to have a high strength concrete mixture that can flow between 

closely spaced reinforcing bars and still provide adequate consolidation, strength, and filling of 

the formwork. Self-consolidating concrete (SCC), also known as self-compacting concrete, 

yields a distinct advantage over typical concrete due to its liquid nature.  The first successful 
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production of SCC occurred in 1988 by Professor Hajime Okamura from the University of 

Tokyo (PCI 2003).  The material characteristics of SCC were targeted for use in the building 

industry to replace insufficient skilled labor that is responsible for vibrating and properly placing 

durable concrete.  Concrete members in this area of the world are subjected to and designed for 

high earthquake loads.  Thus, the buildings typically contain a higher density of reinforcement 

and require evenly distributed concrete throughout the members. 

The low viscosity of this concrete does not lead to any significant separation in material 

ingredients; separation of materials throughout the depth of a member can lead to defects in the 

concrete.  The liquid nature of this concrete allows the formwork to properly fill during casting 

and eliminates many of the typical bug holes present in concrete members.  The lack of vibration 

during construction allows for faster production times and a savings in overall cost because 

fewer laborers are needed.  The most beneficial aspect of SCC is its ability to flow through 

formwork with congested reinforcement and tight corners.  The bridge industry can take 

particular advantage of this quality when dealing with thin webbed, bulb-tee girders.  These 

girders often contain congested shear reinforcement for strength within the web, and normal 

concrete often does not flow well when traveling through the web, and does not completely fill 

the bottom bulb.  This results in voids in the concrete finish, often termed bug holes or a 

honeycombing effect in the finished concrete surface. 

Although SCC is a material of the future, it does not come without some disadvantages.  

Self-consolidating concrete is typically made with smaller coarse aggregate sizes and a larger 

amount of fine materials.  This may lead to higher shrinkage values over time and also can 

negatively affect the tensile strength and shear strength of the concrete.  Potential problems such 

as a loss of air voids and segregation of the constituents may occur if a self-consolidating mix is 

not properly designed and placed. 

1.1.4  Lightweight, Self-Consolidating Concrete 

Lightweight, self-consolidating concrete (LWSCC) is a new development in high 

performance concretes.  This type of concrete utilizes the advantages of both lightweight 

concrete (reduced weight, heat insulation, and sound absorption) and self-consolidating concrete 

(low viscosity and good consolidation).  One major benefit of LWSCC over normal weight SCC 

is the fact that the concrete has a low specific weight coupled with a high compressive strength 

(Müller 2005).  This is particularly beneficial in the precast industry because members can be 
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more slender and more lightweight which in turn lowers the transportation and installation costs.  

Müller (2005) states that in restoration work, LWSCC is also beneficial because replacing or 

repairing members already in place with a lighter concrete will not increase the loads from the 

self-weight.  This is a practical benefit with bridges because use of lightweight concrete does not 

increase the load on existing piers and foundations.  This also allows the bridge to maintain its 

current load rating. 

Developing a lightweight concrete with a low viscosity also yields some disadvantages.  

Lightweight concrete has very porous coarse aggregates which can absorb water from the mix.  

This can lead to a premature stiffening of the concrete mix and thus takes away from the self-

consolidating properties of a LWSCC mix if aggregates are insufficiently saturated prior to 

mixing.  Coarse aggregate in LWSCC also tend to float because there is a large difference in the 

density of the aggregate and the density of the mortar or paste (Müller 2002).  Intuition also leads 

to the idea that since weight (and gravity) is the driving force in the flow and consolidation of 

normal weight SCC, lightweight aggregates paired with high amounts of sand yields a lower 

self-weight in LWSCC than in a normal weight SCC mix which might hinder flow.   

1.2  Objectives 

The research described herein is part of a project sponsored by the Virginia Department 

of Transportation (VDOT) and the Virginia Transportation Research Council (VTRC).  The 

physical testing reported in this thesis was conducted at the Structures and Materials Laboratory 

at Virginia Tech.  This project had two specific goals.  The first was to experimentally determine 

the shear strength of one lightweight, self-consolidating concrete bridge girder.  One PCBT-53 

girder was fabricated with LWSCC.  An additional composite cast-in-place lightweight concrete 

deck was added at the Virginia Tech Structures and Material Laboratory.  The composite system 

was tested to determine loads under which the girder exhibited first cracks, web shear cracks, 

and flexure-shear cracks.  The second goal was to monitor the change in prestress over time (and 

hence the prestress loss) occurring in the PCBT-53 girder.  Cracking and ultimate shear 

calculations were performed using American Association of State Highway Transportation 

Officials (AASHTO) code provisions and provisions suggested in NCHRP Report 549.  Both the 

AASHTO Standard Specifications for Highway Bridges (2002) and the AASHTO Load and 

Resistance Factor Design (LRFD) Bridge Design Specifications (2006) were investigated.  

Prestress loss calculations were done using the AASHTO LRFD Bridge Design Specifications 
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(2006).  Final comparisons are used to determine if the code provisions yield conservative results 

for this type of concrete. 

1.3  Thesis Organization 

Chapter two presents a literature review including test results and code provisions that 

relate to shear tests and long term prestress losses on LWSCC prestressed members (or more 

importantly, lightweight members and self-consolidating members separately).  Chapter three 

discusses both the PCBT-53 fabrication and the composite deck fabrication.  This chapter also 

includes a description of the test setups and the testing procedures with information describing 

the instrumentation used during testing.  Chapter four presents the experimental results from 

each test setup with appropriate analysis and discussion of the data.  The final chapter highlights 

the conclusions from testing of the PCBT-53 beam with code comparisons, recommendations, 

and suggested future research. 
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CHAPTER 2.   LITERATURE REVIEW 

2.1  Shear Strength 

Prestressed concrete members are most commonly subjected to shear forces and flexural 

forces.  Each of these force effects causes a different type of ultimate failure.  Structural 

engineers typically choose to design such that a ductile flexural failure will occur prior to a 

brittle shear failure.  This is because flexural failures are obvious due to considerable amounts of 

cracking and large deflections.  In bridges, this type of failure allows for redistribution of forces 

to adjacent beam lines.  Bridges are designed to have redundancy (many beams supporting the 

load).  This redundancy does not exist if the bridge girders cannot redistribute the load; thus, if 

they are not designed to have ductility.  Keeping that in mind, the shear strength of prestressed 

members is a very important limit state to satisfy.  If the shear strength controls in a member, the 

failure will be sudden, often times unexpected and typically more dangerous since the load 

carrying ability is lost completely.   

Shear cracking has caused costly premature and catastrophic failures of reinforced and 

prestressed concrete members (Collins and Mitchell 1997).  Brittle shear failures can be avoided 

by providing an adequate web thickness and shear reinforcement in members with high shear 

forces.  To better understand concrete’s behavior in shear, the cracking pattern of concrete 

subjected to shear stresses must be discussed.  Shear cracking is a complex problem because 

many factors affect the concrete cracking, including: the compressive and tensile strength of the 

concrete, the span-to-depth ratio of the prestressed member, the member size, the amount of 

axial force applied, the actual shear force and moment applied at each individual section, and the 

amount of shear and longitudinal reinforcement.  Typically, a crack will form in a member when 

the principle tensile stress reaches the cracking strength of the concrete at the same location, and 

if a crack forms where shear stresses are high an inclined crack will develop.  This inclined crack 

is a diagonal crack perpendicular to the principle tensile stress direction as shown in Figure 2-1.   
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Figure 2-1. Diagonal tension cracking in a prestressed I-girder 

 

Diagonal cracks resulting from high shear stresses are typically assumed to form 

independently of other cracks in the member, but that is not always the case if flexural cracks 

already exist.  Testing has shown that two types of diagonal cracking can occur in prestressed 

beams: flexure-shear cracking and web-shear cracking (Nilson 1987).  Flexure-shear cracks 

develop when previously existing vertical flexural cracks propagate in an inclined direction after 

a critical combination of flexural and shear stresses has been reached.  Web-shear cracks are 

often visible near the support (high amount of shear force) of prestressed girders without 

previously existing flexural cracks in that area.  A web-shear crack will form in a member when 

the principle tensile stress in the concrete reaches the tensile strength of the material.   

Typically, the overall calculated shear strength of a concrete member is called the 

nominal shear resistance, Vn, and can be broken into two separate pieces.  Initially, all of the 

shear resistance is provided by the concrete itself, but once cracking has occurred other parts of 

the girder must continue to carry the load.  Shear resistance at this point is developed through 

friction along the surface of the cracking plane and through aggregate interlock along the 

cracking plane.  The shear resistance is also carried by longitudinal bar dowel action as the 

longitudinal reinforcement crossing the diagonal crack tends to resist the vertical shear.  These 

forms of shear resistance are all part of the member’s contribution to the overall shear strength in 

the form of the nominal shear resistance provided by the concrete, Vc.  Secondly, the vertical 

shear reinforcement, often mild steel stirrups, contributes to the overall shear strength in the form 

of the steel shear strength, Vs.  Finally, the nominal shear resistance, Vn, is the sum of both Vc 

and Vs. 
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From the literature, a review of existing code provisions for shear are discussed, and 

results from shear testing of members fabricated with both self-consolidating concrete and 

lightweight concrete are presented.  The general goal of this review was to determine if the 

current code provisions for shear strength are adequate for these special types of concrete.  

Within this goal, important characteristics of the material properties and shear strength results 

were discussed to help determine if the code provisions also relate well to LWSCC.  

2.1.1  AASHTO Standard Specification Provisions 

The AASHTO Standard Specifications 17th Edition (2002) specifies that the nominal 

shear strength, Vn, multiplied by a resistance factor, φ, must be greater than or equal to the 

factored shear force at the section in consideration, Vu.  The nominal shear strength is made up 

of both the shear strength provided by the concrete, Vc, and the shear strength provided by the 

shear reinforcement, Vs.   

The concrete shear strength, Vc, is the lower of the flexure-shear strength, Vci, and the 

web-shear strength, Vcw.  The flexure-shear strength, Vci, specified in AASHTO Article 9.20.2.2 

as Equation 9-27, is computed using the equation shown below. 
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Where: 

Vci = nominal flexure-shear strength provided by concrete (lb) 

f′c = compressive strength of the concrete at 28 days (psi) 

b′ = web width of a flanged member (in.) 

d = distance from extreme compressive fiber to centroid of the prestressing force (in.) 

Vd = shear force at section due to unfactored dead load (lb) 

Vi = factored shear at section due to applied loads occurring simultaneously 

        with Mmax (lb) 

Mcr = moment causing flexural cracking at section due to externally applied loads (lb-in.) 

Mmax = maximum factored moment at section due to externally applied loads (lb-in.) 
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The value of d should not be taken less than 0.8h with h being the overall depth of the member.  

The moment causing flexural cracking at the section due to externally applied loads, Mcr, can be 

computed with AASHTO Equation 9-28, from Article 9.20.2.2, as shown below. 

 

( )dpec
t

cr fff
Y
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Where: 

I = moment of inertia about the centroid of the cross section (in.4) 

Yt = distance from centroidal axis of gross section to extreme fiber in tension (in.) 

fpe = compressive stress in concrete from effective prestress at extreme tensile  

         stress fiber (psi) 

fd = stress due to unfactored dead load at extreme tensile stress fiber (psi) 

 

The maximum factored moment and factored shear at the section due to externally applied loads, 

Mmax and Vi, are computed using the load combination causing the maximum moment at the 

section of interest. 

The web-shear strength, Vcw, specified in AASHTO Article 9.20.2.3 as Equation 9-29, 

shall be computed using the equation shown below. 

 

( ) ppcccw VdbffV ++= '3.0'5.3  2.3
Where: 

Vcw = nominal web-shear strength provided by concrete (lb) 

fpc = compressive stress in the concrete at centroid of cross section (psi) 

Vp = vertical component of effective prestress force at section (lb) 

 

Both Equation 2.1 and Equation 2.3 are used for computing the concrete shear strength 

for normal weight concrete.  A modification factor may be applied to these equations to adjust 

for lightweight aggregate concrete.  Two conditions are discussed in AASHTO Article 9.20.2.5 

and are listed below. 
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(a) When fct, the average splitting tensile strength of lightweight aggregate concrete (psi), is 

specified, the shear strength, Vci and Vcw, shall be modified by substituting fct/6.7 for 

√f′c, but the value of fct/6.7 must not exceed √f′c. 

(b) When fct is not specified, Vci and Vcw shall be modified by multiplying each term 

containing √f′c by 0.75 for all lightweight concrete, and 0.85 for sand-lightweight 

concrete. 

 

In the equation for the web shear strength, the compressive stress at the centroid of the 

cross section, fpc, shall include a reduced prestress force between the end of the beam and the 

transfer length.  This is specified in AASHTO Article 9.20.2.4, and this section also states that 

the transfer length for this reduction can be taken as 50 strand diameters. 

The shear strength provided by the steel web reinforcing steel, Vs, is calculated using 

AASHTO Equation 9-30, specified in Article 9.20.3.1, and shown below. 
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Where: 

Vs = nominal shear strength provided by shear reinforcement (lb) 

fsy = yield stress of non-prestressed reinforcement in tension (≤ 60,000 psi) (psi) 

s = longitudinal spacing of the web reinforcement (in.) 

Av = area of web reinforcement, no less than the equation shown below (in.2): 

 

sy
v f

sbA '50
=  2.5

 

The spacing of the web reinforcing steel should not be greater than 0.75h or 24 in.  When Vs, 

shown in Equation 2.4, is greater than 4√f′cb′d the maximum spacing of 24 in. should be reduced 

to 12 in.  No shear reinforcement is needed in the section of interest if the factored shear force, 

Vu, is less than half of φVc.  Equation 2.4 assumes a critical crack angle of 45 degrees crossing 

the vertical shear reinforcement.   

Finally, the factored shear force at the section in consideration, Vu, must be less than the 

nominal shear strength, Vn multiplied by the resistance factor, φ.  The nominal shear strength is 
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made up of both the concrete contribution to shear and the steel reinforcement contribution to 

shear.  Thus, Vn is equal to Vc added together with Vs.  An upper limit on the nominal shear 

strength, Vn, is implied in the equation for the steel contribution to shear, Vs, as shown in 

Equation 2.4.  This limit can also be shown as dbfVV ccn ''8+≤  and is used to prevent 

crushing of the concrete in the web. 

2.1.2  AASHTO LRFD Specification Provisions 

The AASHTO LRFD Specifications 3rd Edition (2006) specifies that the nominal shear 

resistance, Vn, multiplied by a resistance factor, φ, must be greater than or equal to the factored 

shear force at the section in consideration, Vu.  The AASHTO LRFD procedure for calculating 

the nominal shear resistance is based on the modified compression field theory (MCFT) as 

discussed by Collins et al. (1996), and it is a very different calculation than the procedure 

discussed for the AASHTO Standard Specifications.  First of all, the nominal shear resistance, 

found in AASHTO LRFD Article 5.8.3.3 is the lesser of Equation 5.8.3.3-1 and Equation 

5.8.3.3-2 which are shown below.   

 

pscn VVVV ++=  2.6
 

pvvcn VdbfV += '25.0  2.7
Where: 

Vn = nominal shear resistance of the section considered (kip) 

Vc = nominal shear resistance provided by the concrete (kip) 

Vs = shear resistance provided by shear reinforcement (kip) 

Vp = vertical component of the effective prestressing force (kip) 

f′c = specified compressive strength of concrete for use in design (ksi) 

bv = effective web width taken as the minimum web width within the depth dv (in.) 

dv = effective shear depth (in.) taken as the maximum of: 

hdad ep 72.0)3(9.0)2(
2

)1( −   

in which: 

dp = distance from extreme compression fiber to the centroid of the prestressing 

        tendons (in.) 
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a = depth of equivalent rectangular stress block (in.) 

de = effective depth from compression fiber to centroid of tensile force in  

       reinforcement (in.) 

h = overall depth of the member (in.) 

 

Equation 2.7 can also be considered the upper limit on the nominal shear strength, Vn, and is 

later discussed using the nomenclature Vnmax.  This limit is much larger than that implied in the 

AASHTO Standard Specifications. 

The nominal shear resistance provided by the concrete, Vc, found in AASHTO Equation 

5.8.3.3-3, is shown below. 

 

vvcc dbfV '0316.0 β=  2.8
Where: 

β = factor indicating ability of diagonally cracked concrete to transmit tension 

 

Since the LRFD Specifications state that compressive strength has units of ksi, the multiplication 

factor of 0.0316 in Equation 2.8 is equivalent to 1000/1 .  Furthermore, Equation 2.8 is used for 

computing the concrete shear strength for normal weight concrete.  A modification factor may be 

applied to this equation to adjust for lightweight aggregate concrete.  Two conditions are 

discussed in AASHTO Article 5.8.2.2 and are listed below. 

(a) Where fct, the average splitting tensile strength of lightweight aggregate concrete (ksi), is 

specified, the term √f′c shall be replaced by 4.7fct, but the value of 4.7fct must not exceed 

√f′c.   

(b)  Where fct is not specified, the term 0.75√f′c for all lightweight concrete and 0.85√f′c for 

sand-lightweight concrete shall be substituted for √f′c. 

It can be noted that the value of 4.7 multiplied by fct shown in part (a) is roughly equivalent to 

the value specified in the AASHTO Standard Specifications (fct multiplied by 1/6.7) except the 

units under the radical are in psi for the AASHTO Standard Specifications and ksi for the 

AASHTO LRFD Specifications. 

The nominal shear resistance provided by the shear reinforcing steel, Vs, found in 

AASHTO Equation 5.8.3.3-4, is shown below. 
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Where: 

Av = area of shear reinforcement within a distance s (in.2) 

s = spacing of stirrups (in.) 

fy = specified minimum yield strength of reinforcing bars (ksi) 

θ = angle of inclination of diagonal compressive stresses (°) 

α = angle of inclination of transverse reinforcement to longitudinal axis (°) 

 

Tables and charts are provided in the AASHTO LRFD Specification for the calculation 

of both β and θ.  These tables are in terms of νu/f′c, in which νu is the factored average shear 

stress and εx, is the longitudinal strain in the longitudinal reinforcement on the flexural tension 

side of the member (in./in.).  The terms νu and εx, as shown below, are defined by AASHTO 

Equations 5.8.2.9-1 and 5.8.3.4.2-1, respectively.  These equations are used when the section 

contains at least the minimum transverse reinforcement. 
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Where: 

Vu = factored shear force (kip) 
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Where: 

εx = longitudinal strain in the web reinforcement on the tension side of the 

       member (in./in.) 

Mu = factored moment, not less than Vudv (kip-in.) 

Nu = factored axial force, taken as positive if tensile and negative if compressive (kip) 

Aps = area of prestressing steel on the flexural tension side of the member (in.2) 

fpo = stress in prestressing steel when the stress in the surrounding concrete is zero (ksi). 

fpu = specified tensile strength of the prestressing steel (ksi) 
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Es = modulus of elasticity of the reinforcing bars (ksi) 

As = area of nonprestressed steel on the tension side of the member (in.2) 

Ep = modulus of elasticity for prestressing tendons (ksi) 

 

For typical levels of prestressing, a value of 0.7fpu is appropriate for fpo in pretensioned and post-

tensioned members.  If the value calculated for εx is less than zero (negative signifies 

compression), the denominator of Equation 2.11 for εx, currently stated as 2(EsAs + EpAps), 

becomes 2(EcAc + EsAs + EpAps).  In this modified denominator, Ec is the modulus of elasticity 

of the concrete and Ac is the area of the concrete on the tension side of the member below h/2. 

Finally, the LRFD code also states that the reinforcement should be proportioned such 

that at each section AASHTO Equation 5.8.3.5-1, as specified in Article 5.8.3.5, is satisfied.  

This equation is shown below. 
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The strand stress in Equation 2.12 must be reduced for calculations near the end of a 

beam due to the fact that the strand may not be fully developed at the section under investigation, 

and a bi-linear interpolation of resistance is assumed over the development length.  The 

development length is shown in AASHTO Equation 5.11.4.2-1, and it is shown below. 
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Where: 

ld = development length (in.) 

κ = 1.0 for pretensioned members with a depth of less than or equal to 24.0 in. 

κ = 1.6 for pretensioned members with a depth greater than 24.0 in. 

fps = average stress in prestressing steel required for nominal resistance (ksi) 

fpe = effective stress in the prestressing steel after losses (ksi) 

db = strand diameter (in.) 
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2.1.3  NCHRP Report Findings and Proposals 

The National Cooperative Highway Research Program (NCHRP) has published two 

reports.  The first, NCHRP Report 549, authored by Hawkins and Kuchma (2005), presents an 

alternative shear design method called the Simplified Procedure for Prestressed and 

Nonprestressed Sections in the newest edition of the AASHTO Specification.  This new method 

would provide engineers an alternate to the AASHTO LRFD Specifications in which the shear 

design is based on the MCFT.  Although the current LRFD method (based on MCFT) provides a 

design for both reinforced concrete and prestressed concrete, it is sometimes confusing to design 

engineers.  The MCFT method was unfamiliar and more complicated when compared to the 

AASHTO Standard Specification method based on Vci and Vcw.  The current LRFD design 

method also required more time because of its iterative nature.  The simplified method, as shown 

below for stress in psi units, very much resembles the AASHTO Standard Specifications in that 

the equations for the shear design of members includes modified Vci, Vcw, and Vs terms where 

Vci is the flexure-shear strength of the concrete and Vcw is the web-shear strength of the concrete. 
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Where: 

Vci = nominal flexure-shear strength provided by concrete (lb) 

f′c = compressive strength of concrete at 28 days (psi) 

bv = web width of a flanged member (in.) 

dv = distance from extreme compressive fiber to centroid of the prestressing force (in.) 

Vd = shear force at section due to unfactored dead load (lb) 

Vi = factored shear at section due to applied loads occurring simultaneously  

        with Mmax (lb) 

Mcr = moment causing flexural cracking at section due to externally applied loads (lb-in.) 

Mmax = maximum factored moment at section due to externally applied loads (lb-in.) 

 

( ) pvvpcccw VdbffV ++= 30.0'9.1  2.15
Where: 

Vcw = nominal web-shear strength provided by concrete (lb) 
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fpc = compressive stress in concrete at centroid of cross section (psi) 

Vp = vertical component of effective prestress force at section (lb) 

 

θcot
s

dfA
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s =  2.16

Where: 

Vs = nominal shear strength provided by shear reinforcement (lb) 

Av = area of web reinforcement (in.2) 

fy = yield stress of non-prestressed reinforcement in tension (≤ 60,000 psi) (psi) 

s = longitudinal spacing of the web reinforcement (in.) 

θ = crack angle calculated as (with stresses in psi units):  

8.1
'

095.00.1)θcot( ≤+=
c

pc

f

f
 when Vci > Vcw (otherwise take cot(θ) = 1.0) 

Finally, the nominal shear resistance, Vn, multiplied by a resistance factor, φ, must be 

greater than or equal to the factored shear force at the section in consideration, Vu.  Using this 

Simplified Method, Vn is computed using equations published in AASHTO LRFD Article 

5.8.3.3, shown previously as Equation 2.6 and Equation 2.7.  

Secondly, NCHRP Report 579 was published by Hawkins and Kuchma (2007) and 

addresses the current concrete compressive strength limitation of 10 ksi, discussed in AASHTO 

Article 5.4.2.1, allowed for use in the AASHTO LRFD Specifications.  The AASHTO LRFD 

Specifications state that concrete compressive strengths greater than 10 ksi may only be used 

with sufficient test results relating the compressive strength to other material properties.  To 

extend the use of high strength concrete up to 18 ksi in the LRFD Specifications, this project 

included shear strength testing on concrete with compressive strengths ranging from 10 ksi to 18 

ksi.  The authors of this report found that, with concrete compressive strengths up to 18 ksi, the 

LRFD Specifications were as accurate and conservative for members fabricated with high 

strength concrete.  In addition, the researchers found that both the method used in the AASHTO 

Standard Specifications and the newly proposed Simplified Procedure predicted the strength of 

test girders to an acceptable level of accuracy.  The old AASHTO Standard Specification 

procedures were the most conservative in general, but the Simplified Procedure was found to be 

especially conservative when predicting the strength of girders with the minimum shear 
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reinforcement only.  The authors state that this is because the Simplified Procedure was 

“intentionally more conservative for lightly reinforced members to guard against serviceability 

and fatigue problems” (Hawkins and Kuchma 2007). 

2.1.4  Self-Consolidating Concrete Shear Tests 

Although self-consolidating concrete (SCC) is a recently developed material, several 

research projects have been conducted to better understand the structural response under 

different loading conditions.  SCC is a highly beneficial material, especially in the bridge 

industry.  Its low viscosity allows concrete to flow into the thin webs of prestressed concrete 

bridge girders.  Projects reporting the results of shear tests on prestressed girders fabricated with 

self-consolidating concrete are discussed.  From these projects, it is important to see if the 

current code provisions for shear strength are adequate for SCC, and it is also important to take 

note of any interesting trends in material characteristics relating to shear strength calculations. 

2.1.4.1  Naito, Parent, and Brunn 

The researchers in this study tested four 35 ft long prestressed bulb-tee girders to help 

facilitate Pennsylvania Department of Transportation acceptance of SCC for use in concrete 

bridge members.  Two of the girders were made with a high-early strength concrete (HESC) 

which served as a baseline for behavioral comparisons and two of them were made with SCC.  

The mix designs for the four members were proportioned such that the design 28-day 

compressive strength was 8,000 psi. 

Overall, cylinder tests showed that the SCC had a higher compressive strength than the 

HESC mix.  The SCC mix also had higher splitting tension and modulus of rupture values 

although they were close to those of the HESC mix when normalized to the square root of the 

compressive strength.  The elastic modulus of the SCC mix was lower than that of the HESC 

which, according to the researchers, indicates that flexure and web-shear cracks associated with 

the development of tensile cracks may be delayed in the SCC mix, but deflections due to applied 

load or camber may be higher. 

From nondestructive testing, it was observed that the back calculated or apparent elastic 

modulus of the concrete was higher in the SCC mix than the HESC when measured with three 

separate in-place testing methods including measurements of: elastic shortening, camber, and 

surface strain.  The authors provide an explanation stating that the difference in these values and 
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those measured using cylinder test results may be due to the curing methods used in which the 

cylinders were kept moist and the girders were allowed to dry at the precast yard. 

Destructive testing of the girders consisted of two support configurations in which the 

researchers examined three failure modes: compressive-flexural failure, shear-flexural failure, 

and tensile-flexural failure.  For shear tests, the web reinforcement consisted of inverted U 

stirrups with no hooks on the ends.  The researchers found that the moment and shear strengths 

were approximately the same for HESC and SCC for each type of loading, but the girders made 

with SCC had a consistently higher ability to deflect under loading than those made of HESC.  

Creep and shrinkage tests were performed on match-cast cylinders.  The SCC mix was 

prone to more shrinkage and creep than the HESC mix; however, experimental measurements of 

creep and shrinkage in the girders themselves show that the SCC beams experienced less creep 

and shrinkage than the HESC girders.  This led the researchers to believe that the SCC mix has 

greater resistance to creep and shrinkage than the HESC. 

Prestress losses were measured using vibrating wire gages.  The change in stress 

associated with the gages gave losses due to creep, shrinkage, and elastic shortening.  The 

AASHTO LRFD estimate for relaxation was used to calculate the final effective prestressing 

force.  The SCC beams exhibited less loss of prestress than the HESC girder over the 75 days it 

was measured.   

Naito et al. (2006) came to the following conclusions from these tests.  The SCC mix had 

a marginally higher direct tension and modulus of rupture strength than the HESC mix.  Cylinder 

tests suggested that SCC had a lower modulus of elasticity while in-place testing contradicted 

this and indicated the HESC mix had a lower modulus of elasticity.  Both the SCC and HESC 

mixes exceeded the nominal strengths for all of the failure modes tested.  The girders achieved 

between 106 and 107 percent of the predicted shear strength. 

2.1.4.2  Hamilton and Labonte 

The University of Florida Department of Civil and Coastal Engineering along with the 

Florida Department of Transportation (FDOT) conducted a comprehensive test program 

comparing the structural behavior of AASHTO Type II bridge girders made with SCC to those 

constructed with normal concrete.  Six 42 ft prestressed girders were fabricated.  Three of the six 

beams were made from SCC and three were made from a typical, approved FDOT mix design.  

Four of the six beams, two made of SCC and two made of normal concrete, were designed for 
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testing in flexure and shear.  On top of these beams a composite deck was cast that was 12 in. 

thick and 24 in. wide (12 in. wider than an AASHTO Type II top flange) with a target 

compressive strength of 4,500 psi.  Two of the six beams, one made of SCC and one made of 

normal concrete, were tested in shear without the additional composite deck. 

The report noted some interesting statistics concerning the casting times and efficiency of 

using SCC over the typical concrete mix.  The authors claimed that construction of the SCC 

beams took approximately 40 percent less time than the construction of the regular beams.  Also, 

due to increased slump and the elimination of vibration during construction, these SCC beams 

took approximately 50 percent less labor than the normal concrete beams. 

The girders were designed using AASHTO LRFD Specifications for a mock bridge with 

6 ft beam spacing, 40 ft span length, and deck thickness of 10 in.  Each girder contained twelve 

0.5 in. diameter, 270 ksi, 7-wire low relaxation strands located in the bottom bulb.   

Destructive testing of the six beams occurred after all camber monitoring had been 

completed.  The compressive strength of both concrete mixes at testing was approximately 9,000 

psi.  The girders were tested using a single point load at a specified position on a simply 

supported member.  Two of the girders had a targeted shear failure mode, during which the 

researchers intended for a concrete strut to form or for a node crushing failure mode (with the 

possibility of strand slip).  Two of the girders were also tested to achieve a flexure-shear failure 

such that a flexural failure occurred with considerable shear cracking.  The last set of tests 

involved loading near a support (high shear forces) and short development lengths to promote a 

strand slip failure mode. 

Shear tests were conducted with a single point load and a web crack consistently formed 

at 30° in both types of specimens, going from the support to the point of loading.  The failure 

loads were also compared to many models for each test, including both the AASHTO LRFD 

Bridge Design Specifications of 1998 using the modified compression field theory and the ACI 

318/AASHTO Standard Specifications.  The researchers concluded that the code provisions 

provided conservative results for both types of concrete and there was little difference when 

comparing the performance of SCC and standard concrete for this type of test.  The researchers 

also noted that there was minimal difference in strength between the normal mix and the SCC 

mix. 
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Flexure-shear tests were conducted with a single applied point load.  The failure observed 

during the four tests (two on each beam) in the flexure-shear setup occurred when a compressive 

crushing failure of the composite deck directly under the point of loading occurred.  Again, the 

results from experimental tests were compared to different models using the limiting composite 

deck strength, including the AASHTO provisions for flexural strength.  The researchers observed 

that the flexural strength was comparable between the two types of beams, but the displacement 

ductility was better in the standard beams than in the SCC beams. 

The last stage of this testing program consisted of shear-slip tests which were conducted 

again with a single point load.  At ultimate load, strand slips were reported in all four tests (two 

on each beam).  The failure loads were again compared to the AASHTO provisions for a shear 

dominated failure. 

Hamilton and Labonte (2005) came to the following conclusions from these tests 

comparing both SCC and standard concrete mixes.  In general, the compressive strength of SCC 

mixes is estimated to be higher than that of a corresponding regular mix.  The researchers found 

that at the time of testing the six girders, the SCC mix had a higher compressive strength than 

that of the normal mix (in most cases).  Maximum deflections measured in all of the tests 

indicated that the standard mix had better deflection ductility than the SCC mix.  The standard 

mix beams reached, on average, 17.1 percent higher deflections at failure load than the SCC 

beams.  In general, the shear strength and the flexural strength of SCC was comparable to that of 

normal concrete, and the code provisions provided conservative results for both types of 

concrete. 

2.1.4.3  Nunally 

The researcher in this study tested two 60 ft long, prestressed bulb-tee girders to help 

facilitate the acceptance of self-consolidating concrete in highway structures in Virginia.  The 

project was a joint venture between the University of Virginia, the Virginia Transportation 

Research Council (VTRC), and the Federal Highway Administration (FHWA).  The testing 

program consisted of two PCBT-45 bridge girders constructed with SCC, and a composite deck 

cast on top of each.  The deck was 8.5 in. thick and 47 in. wide (the same width as the PCBT-45 

top flange) with a target compressive strength of 5,000 psi.  The girders contained eighteen 0.5 

in. diameter, 270 ksi, 7-wire low relaxation strands each.  The mix designs for the two members 
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were proportioned such that the girders had a design compressive strength of 8,000 psi at 28 

days.  

Two different test setups were used on the beams.  In the first test (Test 1A), a load was 

applied at a point along the first beam so that both the predicted flexural and shear strength were 

reached at the same time.  The test stopped once web shear cracks were opened.  The second test 

(Test 1B) was a continuation of the first test and was again performed on the initial girder.  The 

difference between Test 1A and Test 1B was a change in the support conditions such that the 

damaged area of the beam was no longer in the new testing span.  Test 1B continued until 

ultimate failure of the girder.  The third and fourth tests were conducted on the second beam 

again with a single point load.  This girder was loaded until a failure occurred in both shear and 

flexure. 

The author calculated the state of stress in each of the girders at different important 

cracking loads.  Mohr’s circle diagrams were used to calculate the stresses at the service level 

limit state for the point where cracks initiated (either web shear cracks or flexure-shear cracks).  

Results from these calculations were compared to the typical tension failure value of 7.5√f’c in 

flexure and 6√f’c in shear.  The principle tensile stresses in the experiment causing failure in 

shear or flexure were less than the expected values.  The results also were used to compare 

cracking angles to those predicted.  In general, the calculated angles from Mohr’s circle were 

higher than those measured in the experiments, but the crack angles predicted by the AASHTO 

LRFD shear provisions were lower than those measured. 

Nunally (2005) came to the following conclusions based on the information presented.  

For Tests 1A and 1B, the AASHTO Standard provisions accurately predicted the load at which a 

web shear crack or a flexure-shear crack would initiate.  The cracks were noticed during the 

experiments at lower loads than those predicted by AASHTO.  The AASHTO LRFD provisions 

were conservative for Tests 1A and 1B when used to predict the concrete shear strength as 

compared to the nominal concrete shear strength.  The crack angle used in the AASHTO LRFD 

calculations was lower than those actually measured during Test 1A and Test 1B.   

The AASHTO Standard provisions also predicted a higher load at which a web shear 

crack or a flexure-shear crack would initiate during Test 2.  The cracks were visually noticed 

during the experiments at lower loads than those predicted by AASHTO.  The AASHTO LRFD 
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provisions were again conservative in predicting the shear strength, but unconservative when 

predicting an accurate crack angle for Test 2. 

Ultimately, Nunally suggests that the allowable tensile capacity in the extreme tension 

fiber should be less than 5.5√f’c when designing with SCC in the future for structural 

applications (2005).  This limit on the tensile stress would ensure that the serviceability and 

safety of the structure are acceptable. 

2.1.4.4  Hegger, Görtz, Kommer, Tigges, and Drössler 

The researchers in this study looked to further research done on small specimens and 

reinforced concrete specimens made of SCC.  The goal of this project was to gain knowledge 

relating to the structural strength of prestressed concrete beams fabricated with SCC and their 

effects on the overall structural behavior.  The study included six tests on prestressed concrete 

beams made with SCC.  These tests were used to investigate the bond behavior of prestressing 

steel, flexural strength, and more importantly the shear strength.   

Four T-beams were constructed in accordance with DIN 1045-1, which is a design guide 

published in Germany titled: Concrete, Reinforced and Prestressed Concrete Structures - Part 1: 

Design and Construction.  The beams each had six 0.5 in. diameter strands.  The experimental 

program consisted of three self-consolidating concrete (SCC) beams and one normal, vibrated 

concrete beam to serve as a reference.  The beams were tested for flexural strength, shear 

strength, bond behavior, and anchorage zone behavior.  Both the SCC mix and the normal 

concrete mix had a target 28-day compressive strength of approximately 9,000 psi.   

Shear testing was completed with an additional evaluation of the crack-friction capacity 

of the SCC beams.  The friction across a shear crack contributing to the overall shear strength is 

an important factor when dealing with SCC because of the fact that this concrete contains 

smaller maximum aggregate sizes.  The researchers point out that the reduced crack-friction 

capacity of SCC beams has been confirmed, but other tests have shown that the influence of 

crack-friction is only applicable at lower loads.  At failure, the significance of crack-friction is 

reduced to zero because cracks are completely separated at the edges.  Failure during the first 

shear test occurred with complete separation of the crack edges.  In the second shear test, a 

flexural failure occurred because of a high density of stirrups (or a high reinforcement ratio). 

Hegger et al. (2003) stated that the shear design of these beams was appropriate for self-

consolidating concrete, and the results show that the strength of both beams surpassed the design 
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strengths.  The authors concluded that design using their code leads to a reduction in vertical 

shear reinforcement and to a higher strength in the compression strut; this leads to thinner webs 

on beams, and thus, lower transportation and erection costs due to the reduced weight.  

Furthermore, they state that SCC yields both economic advantages and occupational safety 

advantages because the noise pollution from vibrators is eliminated. 

2.1.4.5  Kim, Trejo, and Hueste 

The primary goal in this research project was to investigate the influence of self-

consolidating concrete aggregate and paste volume on shear strength.  These results were 

compared to experimental data from the same type of tests on a normal concrete mix.  The 

authors state that the shear performance of SCC is a concern because of the low volumes of 

coarse aggregate and high volumes of paste which help to maximize the flow of SCC.   

A total of 48 push-off tests were conducted with 36 of them on SCC specimens and 

twelve of them on normal concrete samples.  Twelve different SCC mixtures, with different 

experimental variables, were evaluated within these tests.  The variables included a variation in 

the target compressive strength at release (5,000 psi and 7,000 psi), two different aggregate types 

(smooth rounded gravel and highly angular aggregate), and three different volumes of coarse 

aggregate.  The two different types of aggregate both had a maximum size of 3/4 in.  Steel 

reinforcement in the push-off tests was designed to not cross the shear plane, but it was placed to 

prevent early failure of the specimens while the load was applied. 

Kim et al. (2007) concluded that, in general, the SCC mixtures exhibited less aggregate 

interlock than the normal concrete mixtures.  In addition, the aggregate type was deemed to be a 

critical factor influencing the aggregate interlock contribution to shear strength of SCC.  The 

specimens made with the smooth round shaped gravel had more aggregate interlock than the 

specimens made with the angular aggregate.  The authors also stated that the observed lower 

contribution to shear strength from the SCC mixtures may require additional shear 

reinforcement, but that a future study of typical girders fabricated with SCC will help to clarify 

this behavior. 

2.1.5  Lightweight Concrete Shear Tests 

A review indicates that only limited research has been conducted on the shear strength of 

prestressed girders fabricated with lightweight concrete, but research pertaining to the shear 
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strength of regular lightweight reinforced concrete members is well documented.  Projects 

reporting the results of shear tests on prestressed girders fabricated with lightweight concrete are 

discussed.  From these projects, it is important to see if the current code provisions for shear 

strength are adequate for lightweight concrete, and it is also important to take note of any 

interesting trends in material characteristics relating to shear strength calculations 

2.1.5.1  Meyer and Kahn 

The primary goal of this study was to extend previous research in an analytical study that 

showed the use high strength lightweight concrete (HSLC) is beneficial for extending bridge 

girder lengths.  Six AASHTO Type II prestressed girders (either 39 ft or 43 ft long) were 

fabricated and made composite with a cast-in-place deck.  The girders had ten 270 ksi, 7-wire 

low relaxation, 0.6 in. diameter strands each.  Three of the girders had a design compressive 

strength of 8,000 psi (termed Grade 1 or G1) while the other three had a design compressive 

strength of 10,000 psi (termed Grade 2 or G2). 

A composite deck was cast on top of each girder with a design compressive strength of 

3,500 psi.  The deck was 11.5 in. thick and 19 in. wide (7 in. wider than an AASHTO Type II top 

flange).  The composite deck was not designed to be the width of typical girder spacing.  It was 

designed to provide the same internal flexural moment arm “jd” as in a composite bridge with an 

8 in. thick deck and 93 in. girder spacing.   

Destructive testing of the six girders proceeded with three separate tests on each, yielding 

18 total shear tests.  Point loads were placed near each end of the girder for development length 

tests, and the middle section of the beam was tested for shear and flexural strength.  For shear 

testing, the web reinforcement consisted of two mirrored C-shaped stirrups. 

The shear reinforcement was designed in accordance with AASHTO Standard and 

American Concrete Institute (ACI) provisions and this spacing was referred to as single density.  

A double density stirrup arrangement was used in some testing setups to help study the effect of 

shear reinforcement.  Finally, the minimum amount of stirrups required was placed in the center 

section of each girder for a closer examination of the concrete shear strength. 

The experimental values and AASHTO Standard values show that the calculations for the 

concrete shear strength are conservative overall.  The experimental data, shown in Figure 2-2, 

also shows that there was little difference between the trend for G1 and G2 experimental Vc 

values when the stirrup spacing was minimum at the center of the girders.  The researchers state 
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that this minimum spacing data most truly reflects the Vc of the girders.  Meyer and Kahn 

concluded that this implies there is an apparent ceiling which limits the tension strength of the 

concrete. 
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Figure 2-2. Meyer concrete shear strength (Vc) vs. stirrup spacing 
 

Meyer and Kahn (2004) also present the predicted ultimate shear strength calculated 

using the AASHTO Standard method and the AASHTO LRFD method. They then compare 

those values to experimental results when a girder failed.  Both of the AASHTO approaches take 

into account the presence of lightweight concrete by using the correction factor λ, based on work 

done by Hanson (1961), which is equal to 0.85 for the use of sand-lightweight concrete.   

The AASHTO Standard calculations yield conservative results overall for HSLC, even 

more so after limiting the steel yield strength to 60 ksi.  The AASHTO LRFD calculations 

produced more conservative results than the AASHTO Standard Provisions for HSLC.  The 

researchers note that the AASHTO LRFD Specification becomes overly conservative at larger 

stirrup spacing where the stirrup contribution to the overall shear strength, Vs, is low.  At close 

stirrup spacing the two AASHTO methods provided very similar results. 

2.1.5.2  Ramirez and Malone 

The researchers in this study examined the ultimate shear strength of high-strength 

lightweight prestressed concrete beams.  Four AASHTO Type I prestressed girders were 

fabricated with lightweight concrete and made composite with a 4.0 in. thick deck made of 
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normal weight concrete.  The girders had ten 270 ksi, 7-wire low relaxation, 0.5 in. diameter 

special strands each.  Two of the girders had a design compressive strength of 6,000 psi while 

the remaining two had a design compressive strength of 10,000 psi.  The deck had a cast-in-place 

compressive strength of approximately 5,700 psi. 

Destructive testing of the four girders included a single test on each beam.  The support 

conditions produced a simply supported member with a single point load at the middle of the 

span.  For shear strength testing, two of the girders had vertical shear reinforcement in the form 

of a No. 3 double-leg stirrup with no hook on the bottom.  The spacing of the stirrups was close 

to the maximum stirrup spacing allowed by the AASHTO LRFD provisions.  The remaining two 

girders did not have any vertical shear reinforcement.  Additional longitudinal reinforcement was 

provided at midspan in each of the beams. 

Each test resulted in a shear failure, with web-shear cracks occurring first in each 

specimen.  The shear failure cracks typically ran from the single point load to the face of the 

support or to the end of the additional longitudinal bars closest to the support.  Additionally, 

most beams had more than one web-shear crack before failure.  The girders that did contain 

vertical shear reinforcement had yielding of some stirrups in the high shear force area that 

precipitated failure of the beam. 

The experimental results, taken as the maximum applied shear force during testing, were 

compared to analytical predictions of shear strength using the AASHTO LRFD Specifications.  

The experimental results were also compared to the AASHTO Standard Specifications (also 

known as the ACI 318 method). 

Ramirez and Malone (2000) stated that in all cases the measured shear strength exceeded 

the shear strength expected using code provisions.  However, the lack of sufficient shear 

reinforcement reduced the beneficial effect of stirrups after the formation of inclined cracks.  In 

addition, the minimum amount of reinforcement required by both the AASHTO Standard 

Specifications and the AASHTO LRFD Specifications did not significantly change the shear 

strength of the high-strength girder.   

Ramirez and Malone (2000) also note that the average ratio of the measured-to-calculated 

shear strength was 1.23 for the AASHTO LRFD method and 1.26 for the AASHTO Standard 

method and that both of the methods produce conservative results when estimating the shear 

strength of the four prestressed, lightweight concrete specimens.  Finally, the authors recommend 
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that the minimum required amount of shear reinforcement be increased because there was not 

very much reserve strength after the initial cracks formed and not because the calculated shear 

capacities were unconservative. 

2.1.5.3  Watanabe, Kawano, Suzuki, and Sato 

The researchers in this study examined the influence of lightweight concrete on the shear 

strength of prestressed members.  The researchers also looked at how the addition of prestressing 

force increased the shear cracking strength and the behavior of the concrete beyond shear 

cracking.  The experimental testing consisted of nine lightweight beams and three normal weight 

beams.  Three of the lightweight beams contained both lightweight coarse aggregate and 

lightweight fine aggregate, while the other six contained a combination of coarse and fine 

aggregate made of either lightweight stone or normal weight stone.  In these experiments, the 

researchers also varied the amount of prestressing on each type of beam to have different 

compressive stress in the extreme fiber.  The specimens were approximately 2 ft tall and 8 in. 

wide and about 20 ft in length.  The design compressive strength for the mix was approximately 

8,700 psi.   

Destructive testing of the beams included a single test on each.  The support conditions 

produced a simply supported member with two point loads approximately 20 in. on each side of 

midspan.  The beams had vertical shear reinforcement in the form of closed stirrups spaced at 

approximately 8 in.  Eight of the beams failed in shear accompanied by yielding of the vertical 

shear reinforcement, and one of the beams failed in shear without the stirrups yielding.   

The researchers present a discussion of how the aggregate type and prestressing levels 

influenced the shear cracking strength.  The experimental results indicated that the low tensile 

strength of the concrete was one of the reasons for low shear cracking strengths.  The tensile 

strength for the lightweight specimens (both lightweight coarse and fine aggregate) was about 

half of that for the normal weight specimens.   

Additional insight was provided on the shear strength of the concrete when the shear 

cracks were present.  The concrete contribution to shear when cracks are present was widely 

dependent on the type of aggregate used.  When lightweight aggregate was present, the 

transmission of stress through the concrete decreased significantly when a crack formed because 

this crack often penetrated through the aggregate itself creating a smooth crack surface.     
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Watanabe et al. (2004) came to the following conclusions from this research.  The shear 

cracking strength of members is lower when lightweight aggregate is used for both the fine 

aggregate and the coarse aggregate.  Additionally, the researchers concluded that the shear 

cracking strength increased with a higher amount of prestressing force, but that this increase did 

not relate to the type of aggregate used.  The shear strength provided by the lightweight concrete 

falls sharply after the initial shear cracks are present, and the shear strength of the concrete at 

failure tends to be lower when lightweight aggregate is used. 

2.2  Prestress Losses 

Prestressed concrete members contain prestressing strands which are initially stressed 

with a jacking force supplied by a hydraulic jack.  The strands lose prestress force either due to 

friction and seating loss as the prestress is applied in post-tensioned girders, or due to elastic 

shortening immediately after the prestress force is transferred in pretensioned, prestressed 

girders.  These losses are classified as instantaneous losses because they happen at the time of 

prestressing.  Typically, the remaining prestressing force after the instantaneous losses have 

taken place is referred to as the initial prestress force.  The prestressing strands also lose force 

over time as the concrete experiences both creep and shrinkage and to a lesser extent as the 

prestressing steel relaxes.  These losses take place over a long period of time, months or even 

years, and are classified as long term losses.  The force remaining after both instantaneous and 

long term losses have occurred is referred to as the effective prestress force.   

Losses due to friction are of particular interest when examining post-tensioned members.  

These losses occur when the steel strand rubs against the post-tensioning duct and the tension at 

the anchored end is less than that at the jacking end.  The total friction loss is calculated by 

adding together the losses from misalignment of the duct (wobble friction) and losses from the 

curvature of the steel tendon (curvature friction).  Friction losses are not pertinent to this thesis 

because the girder was not post-tensioned.  Anchorage slip occurs when the prestressing force is 

transferred to the anchors at the end of a prestressing bed and a small amount of slip is 

experienced.  Elastic shortening of the concrete happens when the prestressing force is released 

onto the member and the concrete is compressed.  Steel relaxation comes from the gradual 

reduction of stress in the prestressing steel over the lifetime of a member.  Finally, creep is 

defined as the change in volume over time due to sustained stress, while shrinkage is defined as 

the change in volume over time due to moisture loss when excess water not hydrated by cement 
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evaporates.  Thus, both the girder and the stressed strands are shortening over time resulting in a 

loss of prestress. 

The contribution of each individual type of loss as a part of the overall prestress loss 

depends on the material characteristics of both the concrete and the steel (for example, self-

consolidating or lightweight concrete), the method of prestressing whether the member is pre-

tensioned or post-tensioned, and the concrete age at stressing.  The factors contributing to 

instantaneous prestress losses can be determined using basic mechanics and are relatively 

straight forward to calculate since they happen immediately.  The determination of long term 

stress losses in prestressed members is a difficult task because the change in stress due to each 

individual factor is continuously affecting the other factors.  An accurate estimate of the final 

effective prestress is necessary for determining stresses at a section of interest and cracking 

loads. 

2.2.1  AASHTO Standard Specification Provisions 

The AASHTO Standard Specifications recommend both a general method and a lump 

sum method for calculating long term prestress losses at the end of service life.  The code states, 

in Article 9.16.2.1, that the general method applies to members made with normal weight 

concrete and prestressing strands (Grade 250 or Grade 270) that have stress-relieved or low 

relaxation properties (AASHTO 2002).  Total losses, specified by AASHTO Equation 9-3, are 

determined using the equation shown below. 

 

scs CRCRESSHf +++=Δ  2.17
Where: 

∆fs = total loss excluding friction (psi) 

SH = loss due to concrete shrinkage (psi) 

ES = loss due to elastic shortening (psi) 

CRc = loss due to creep of concrete (psi) 

CRs = loss due to relaxation of prestressing steel (psi) 

 

 Shrinkage loss for pretensioned members, according to AASHTO Equation 9-4, is 

calculated using the equation below. 
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RHSH 150000,17 −=  2.18
Where: 

RH = mean annual ambient relative humidity (%) 

 

 Elastic shortening loss for pretensioned members, according to AASHTO Equation 9-6, 

is calculated using the equation below. 

 

cir
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s f
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ES =  2.19

Where: 

Es = modulus of elasticity of prestressing steel (psi) 

Eci = modulus of elasticity of concrete at transfer of prestress (psi) 

fcir = concrete stress at the center of gravity of the prestressing steel due to the  

        prestressing force and the dead load of the beam immediately after transfer (psi) 

 

 Loss of prestress due to creep of the concrete, specified by AASHTO Equation 9-9, is 

calculated using the equation below. 

 

cdscirc ffCR 712 −=  2.20
Where: 

fcds = concrete stress at the center of gravity of the prestressing steel due to all dead loads  

         except the dead load present at the time the prestressing force is applied (psi) 

 

Finally, the loss of prestress due to steel relaxation for pretensioned girders using 250 ksi 

or 270 ksi low relaxation strand, as specified by AASHTO Equation 9-10A, is given by the 

equation below. 

 

)(05.010.0000,5 cs CRSHESCR +−−=  2.21
 

The second method, a lump sum method discussed in AASHTO Article 9.16.2.2, for 

determining prestress losses is presented for pretensioned girders with concrete compressive 

strength equal to 5,000 psi; the lump sum losses of 45,000 psi are recommended.   
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The general method and the lump sum method do not provide any recommendations for 

determining the prestress losses at any time other than the end of service life, such as when a 

composite deck is poured or if the time of interest is not at the end of service life.  Thus, due to 

the concrete age at the initiation of load testing, this method will not be used in this study, but it 

was presented for completeness.  This section of the Specification also refers readers to 

documented testing for properties and effects of using lightweight aggregate concrete for 

determining prestress losses, namely the Federal Highway Administration (FHWA) Report 

FHWA/RD – 85/045, Criteria for Designing Lightweight Concrete Bridges.  This study will not 

evaluate losses with the AASHTO Standard Specifications method because it is outdated and 

only applicable at the end of service life.  It is, however, good to see a review of the method for 

comparison to the current code mandated practices. 

2.2.2  AASHTO LRFD Specification Provisions 

The AASHTO LRFD Specifications provides two ways to calculate the losses that occur 

in prestressed members.  The first method is an approximate estimate of time-dependent 

prestress losses as specified in Article 5.9.5.3.  This method is applicable to standard precast, 

pretensioned members subjected to normal loading and environmental conditions, where: 

(a) Members are made from normal-weight concrete. 

(b) Concrete is steam-cured or moist-cured. 

(c) Prestressing steel is bars or strands with normal or low-relaxation properties. 

(d) Average exposure conditions and temperatures characterize the site. 

Prestress losses due to elastic shortening at the time of transfer or load application should be 

added to the time-dependent losses. 

The long-term prestress losses due to creep of the concrete, shrinkage of the concrete, and 

relaxation of the prestressing steel are determined using the equations shown below, which are 

AASHTO Equations 5.9.5.3-1, 5.9.5.3-2, and 5.9.5.3-3, respectively.  The first section of the 

equation shown below denotes the losses from creep, the second part of the equation is the loss 

due to shrinkage, and the third section is the steel relaxation losses.  
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in which: 
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Hh 01.07.1 −=γ  2.23
and 

)'1(
5
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=γ  2.24

Where: 

∆fpLT = long term prestress losses (ksi) 

fpi = prestressing steel stress immediately before transfer (ksi) 

Aps = area of prestressing steel (in.2) 

Ag = gross area of section (in.2) 

γh = correction factor for relative humidity of the ambient air 

H = the average annual ambient relative humidity (%) 

γst = correction factor for specified concrete strength at time of prestress transfer 

f′ci = specified compressive strength of concrete at release of strands (ksi) 

∆fpR = an estimate of steel relaxation loss taken as 2.5 ksi for low-relaxation strand 

 

The refined method was developed for pretensioned prestressed concrete girders with 

cast-in-place composite decks, and it attempts to capture the interaction between the precast 

girder and the cast-in-place deck for variations in both creep and shrinkage.  Each individual loss 

equation is based on research done by Tadros et al. (2003) to extend code provisions to high-

strength concrete.  The refined method categorizes prestress losses into two different time 

periods.  The first, losses occurring between transfer and deck placement, is comprised of two 

components: losses from elastic shortening at prestress transfer and time-dependent losses 

(creep, shrinkage, and relaxation of prestressing steel).  The second time period, losses occurring 

after deck placement, is again comprised of two components: time-dependent losses (creep, 

shrinkage, and relaxation of prestressing steel) and a gain in prestress resulting from shrinkage of 

the composite deck section.  The equation to calculate the overall prestress losses, using 

AASHTO Equation 5.9.5.4.1-1, is shown below. 

 

( ) ( )
dfpSSpRpCDpSDidpRpCRpSRpLT ffffffff Δ−Δ+Δ+Δ+Δ+Δ+Δ=Δ 21  2.25

Where: 

∆fpLT = change in prestressing steel stress due to time-dependent losses (ksi) 
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∆fpSR = loss due to shrinkage of girder concrete between transfer and  

            deck placement (ksi) 

∆fpCR = loss due to creep of girder concrete between transfer and deck placement (ksi) 

∆fpR1 = loss due to relaxation of prestressing strands between transfer and deck  

             placement (ksi) 

∆fpSD = loss due to shrinkage of girder concrete after deck placement (ksi) 

∆fpCD = loss due to creep of girder concrete after deck placement (ksi) 

∆fpR2 = loss due to relaxation of prestressing strands after deck placement (ksi) 

∆fpSS = loss due to shrinkage of deck composite (ksi) 

 

Prestress loss due to shrinkage of the girder concrete between transfer and deck 

placement is calculated using AASHTO Equations 5.9.5.4.2a-1 and 5.9.5.4.2a-2, and they are 

shown below. 

 

idpbidpSR KEf ε=Δ  2.26
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Where: 

εbid = concrete shrinkage strain of girder between transfer and deck placement 

Ep = modulus of elasticity of the prestressing strand (ksi) 

Kid = transformed section coefficient for time between transfer and deck placement 

Eci = modulus of elasticity of concrete at release of strands (ksi) 

epg = eccentricity of strands with respect to centroid of girder (in.) 

Ig = gross section moment of inertia (in.4) 

ψb(tf,ti) = girder creep coefficient at final time 

tf = final age (days) 

ti = age at transfer (days) 
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It can be noted that ψb(tf,ti) and εbid are calculated according to AASHTO Equations 5.4.2.3.2-1 

and 5.4.2.3.3-1, respectively.  These equations are discussed in depth in Chapter 4. 

Prestress loss due to creep of the girder concrete between transfer and deck placement is 

calculated using AASHTO Equation 5.9.5.4.2b-1, and is shown below. 
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Where: 

fcgp = concrete stress at centroid of prestressing strands just after transfer (ksi) 

ψb(td,ti) = girder creep coefficient at time of deck placement 

td = age at deck placement (days) 

 

Prestress loss due to relaxation in the prestressing steel between transfer and deck 

placement is calculated using AASHTO Equation 5.9.5.4.2c-1, and is shown below. 
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Where: 

fpt = stress in prestressing strands immediately after transfer > 0.55fpy (ksi) 

KL = 30 for low relaxation strands 

fpy = yield stress of prestressing strands (ksi) 

 

Prestress loss due to shrinkage of the girder concrete after deck placement is calculated 

using AASHTO Equations 5.9.5.4.3a-1 and 5.9.5.4.3a-2, and they are shown below. 
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Where: 

εbdf = concrete shrinkage strain of girder after deck placement 
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Kdf = transformed section coefficient for time after deck placement 

epc = eccentricity of strands with respect to centroid of composite section (in.) 

Ic = composite section moment of inertia (in.4) 

 

Prestress loss due to creep of the girder concrete after deck placement is calculated using 

AASHTO Equation 5.9.5.4.3b-1, shown below. 
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Where: 

∆fcd = change in concrete stress at centroid of strands from losses before  

           deck placement (ksi) 

ψb(tf,td) = girder creep coefficient at final time due to loading at deck placement 

 

It can be noted that ψb(tf,td) is calculated according to AASHTO Equation 5.4.2.3.2-1.  This 

equation is discussed in depth in Chapter 4. 

Prestress loss due to relaxation in the prestressing steel in the composite section after 

deck placement is calculated using AASHTO Equation 5.9.5.4.3c-1, and is shown below. 

 

12 pRpR ff Δ=Δ  2.33
 

 The gain prestress due to shrinkage of the composite deck section is calculated using 

AASHTO Equations 5.9.5.4.3d-1 and 5.9.5.4.3d-2, and they are shown below. 
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Where: 

∆fcdf = change in concrete stress at centroid of strands due to shrinkage of  

            deck concrete (ksi) 
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εddf = shrinkage strain of deck concrete after deck placement 

Ad = area of deck concrete (in.2) 

Ecd = modulus of elasticity of deck concrete (ksi) 

ed = eccentricity of deck with respect to the transformed net composite section (in.) 

ψd(tf,td) = creep coefficient of deck concrete at final time due to loading  

                 at deck placement 

 

It can be noted that ψd(tf,td) and εddf are calculated according to AASHTO Equations 5.4.2.3.2-1 

and 5.4.2.3.3-1, respectively.  These equations are discussed in depth in Chapter 4. 

 When lightweight concrete is used rather than normal weight concrete, the method of 

predicting prestress loss is the same.  The modulus of elasticity, E, is different for lightweight 

concrete when compared to normal weight concrete so losses calculated with elastic modulus in 

the denominator are expected to be larger while losses calculated with elastic modulus in the 

numerator are expected to be smaller. 

2.2.3  Self-Consolidating Concrete Prestress Losses 

A review indicates that an abundant amount of research has been conducted on the 

mechanical properties of self-consolidating concrete.  This includes studies focused on the 

engineering properties of SCC, including the modulus of elasticity, creep, and shrinkage among 

many others.  Studies completed that relate specifically to losses in prestressed self-consolidating 

concrete beams and the time dependent behavior of such concrete are discussed. 

2.2.3.1  Ruiz, Staton, Do, Hale 

The primary focus of this study was to look at the time dependent behavior of beams cast 

with self-consolidating concrete and the associated prestress losses.  There have been many 

different projects which investigate the loss of prestress in high strength concrete girders.  

Unfortunately, little research has been done on prestress losses associated with girders fabricated 

with SCC since it is a relatively new material. 

The experimental program consisted of two SCC mixes, termed SCCI for the mix made 

with Type I cement and SCCIII for the mix made with Type III cement.  The losses measured in 

beams cast with these two mixes are compared to losses measured in girders fabricated with a 

normal high strength concrete (HSC) mix.  Both the SCC mixes and the HSC mix were designed 
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to have the same compressive strength (12,000 psi) after 28 days of age.  A total of ten 

prestressed beams were cast with three of them made of the HSC mix and seven of them made 

with the two different SCC mixes.  The girders had two 270 ksi, 7-wire low relaxation, 0.6 inch 

strands each, and were 18 ft long.  They had a rectangular cross section with a width of 6.5 in. 

and a height of 12 in. 

Change in strain was measured in the beams using vibrating wire gages located at the 

center of gravity of the prestressed strands.  Loss in prestress was calculated by multiplying the 

change in strain in the steel by the modulus of elasticity of the strands.  This method does not 

take into account the relaxation of the steel because it is not accompanied by a change in strain. 

Ruiz et al. (2007) report that there was little change in prestress losses in both types of 

beams after 28 days of age was reached.  At that time, 93 percent of the overall measured losses 

were recorded.  The average measured losses for both the SCC mixes and the HSC mixes were 

very similar.  The authors also note that there was little difference in the elastic shortening for 

both the SCC beams and the HSC beams.  These losses were determined by measurements of 

vibrating wire gage strain just before release of the strands and just after release.   

The researchers also compared the measured results from this study to an analytical 

estimate provided by Tadros (2003) in the National Cooperative Highway Research Program 

(NCHRP) Report 496.  This estimate of prestress loss included an estimate for steel relaxation.  

The predicted overall losses, including steel relaxation, for the SCC mix were 35 percent 

conservative.  The predicted losses, including steel relaxation, for the HSC mix were 

overestimated by 20 percent.   

Ruiz et al. (2007) concluded that the preliminary results of their study show that there is 

little difference in the prestress losses for conventional high strength concrete mixes when 

compared to self-consolidating concrete mixes.  The results also show that the losses in the SCC 

beams were not as dependent on the early age compressive strength as indicated by the NCHRP 

method. 

2.2.3.2  Schindler, Barnes, Roberts, and Rodriguez 

The researchers in this study evaluated the hardened properties of self-consolidating 

concrete and how they affect performance of prestressed members.  Creep, shrinkage, and 

modulus of elasticity are also discussed due to their effect on the long term loss of prestress force 

in self-consolidating concrete members. 
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This study included 21 different mixtures of SCC and two conventional concrete mixes 

for comparison.  The two control mixtures were created using normal weight concrete with 

average 18 hour compressive strengths of approximately 6,800 psi after being subjected to a 

match cure with elevated curing temperatures.  One normal mixture was only tested for 

shrinkage, while the other was tested for both creep and shrinkage.  Self-consolidating mixtures 

were created for testing with a target compressive strength range of 5,000 psi to 9,000 psi. 

The modulus of elasticity was measured at four different times to help establish a 

comparison between SCC and normal concrete.  Measurements were taken at 18 hours after 

casting to record values pertaining to Eci, or the modulus of elasticity at prestress transfer.  

Modulus of elasticity was also recorded at 21 hours, 7 days, 28 days, and 56 days after casting.  

The modulus values recorded for the SCC mixes were also compared to values estimated using 

the AASHTO LRFD equation which is based on the compressive strength. 

The researchers found that the modulus of elasticity values at transfer (Eci) were lower for 

SCC than for the conventional mixes with a comparable compressive strength at transfer.  The 

modulus of elasticity of SCC at later ages was similar to those recorded for the control mixtures 

with a comparable compressive strength at transfer.  The modulus of elasticity as calculated with 

the AASHTO LRFD model underestimated the value recorded for the SCC mixes, with the 

typical error ranging from 0 percent to 10 percent.  It can be concluded that the modulus of 

elasticity values for the SCC mixtures are in reasonable agreement with the elastic stiffness 

assumed during design of conventional concretes (Schindler et al. 2007a). 

Shrinkage testing was completed using the SCC mixes and two control mixes.  Shrinkage 

was measured at nine different times following the initiation of drying, but only the shrinkage 

magnitude at 112 days after drying is evaluated.  The researchers were concerned that a higher 

sand-to-aggregate ratio may lead to higher drying shrinkage which affects the prestress losses.  

To compare the recorded values to an accepted model, the drying shrinkage was compared to the 

AASHTO LRFD estimate which only accounts for the humidity, volume-to-surface ratio, curing 

method, and specimen age.   

Shrinkage strains recorded at 112 days of drying for the SCC mixes used were of the 

same order of magnitude or less than those measured for the control mixtures.  There was no 

significant affect on the 112 day drying shrinkage values in the SCC mixes due to changes in the 

sand-to-aggregate ratio.  The AASHTO LRFD model underestimated the drying shrinkage at 7 
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days for both the SCC mixes and the conventional mixes, but at later ages (56 days or 112 days) 

the shrinkage values predicted by the code are higher than those measured for both mixes.  Thus, 

the researchers concluded that the shrinkage strains measured for the SCC mixes should be 

sufficient for use in full scale prestressed structural members (Schindler et al. 2007a).   

This project is not yet completed and Schindler et al. (2007b) are still looking at the long 

term loss of prestress force, more specifically losses associated with creep.  This part of the 

project intends to evaluate the creep behavior of the same SCC mixes relative to normal concrete 

mixes.  Creep testing was done on 6 in. by 12 in. concrete cylinders loaded to 40 percent of the 

compressive strength in 25 loading frames which applied a maximum load of 180 kips.  The 

temperature and relative humidity for these tests was the same as the shrinkage tests. 

Schindler et al. (2007b) found that the initial creep rates measured for three of the SCC 

mixes exceeded those recorded for the control mixtures, but the creep rates measured at later 

ages were similar or less than those recorded for the control mixtures.  The ultimate creep 

coefficients for the SCC mixes were lower than the control mixtures at all of the different 

loading ages.  The researchers suggest that this may be due to the fact that the water to cement 

ratio was lower for the SCC mixtures.  Finally, the researchers offered two possible solutions if 

the creep in self-consolidating concrete is higher than that of normal concrete: use a lower water 

to cement ratio or use a lower water content. 

2.2.4  Lightweight Concrete Prestress Losses 

A review indicates that an ample amount of research has been conducted on the 

mechanical properties of lightweight aggregate concrete.  This includes studies focused on the 

engineering properties of high performance lightweight concrete, including the modulus of 

elasticity, creep, and shrinkage.  Many of these results were compiled and presented by Harmon 

(2005) and Breen et al. (2001) in their review of the literature.  Studies that relate specifically to 

prestress losses in lightweight beams and the time dependent behavior of lightweight prestressed 

concrete are discussed. 

2.2.4.1  Kahn and Lopez 

Kahn and Lopez (2005) studied the time dependent behavior of high performance, 

lightweight concrete (HPLC) and the associated prestress losses.  Typically, creep and shrinkage 

are lower in normal weight high strength concrete than normal concrete, but they are higher in 
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structural lightweight concrete according to a study done by Pfeifer (1968).  The goal of this 

study was to determine how long-term behavior affects the prestress losses in high strength 

bridge girders fabricated with lightweight concrete.   

The experimental program consisted of two HPLC mixes, termed Grade 2 for an 8,000 

psi design compressive strength and Grade 3 for a 10,000 psi design compressive strength.  

Losses due to creep and shrinkage were measured during this study (over a period of 620 days) 

using 26 specimens, measuring 4 in. by 15 in.  AASHTO Type II girders were fabricated for the 

strength testing part of a larger study, but they were also used to monitor the experimental strain 

data from vibrating wire gages over time.  Strain measurements, taken from temperature adjusted 

vibrating wire gages data from each of the AASHTO Type II girders, were used to compute the 

actual prestress losses.  Each girder had an additional normal weight composite deck cast on top 

approximately two months after the beams were constructed.  These strain measurements were 

used to compute the actual prestress losses.  Three AASHTO Type II girders were cast from 

Grade 2 HPLC and three were cast from Grade 3 HPLC. 

The creep specimens were accelerated cured, and half of the specimens were loaded to 40 

percent of the initial compressive strength while the other half was loaded to 60 percent of the 

compressive strength.  The creep and shrinkage results presented were after 620 days of drying.  

The average specific creep results were quantified by subtracting the obtained shrinkage value 

from the combined creep and shrinkage measurements and by dividing the creep strain by the 

applied stress.  The researchers noted that 90 percent of the total creep and shrinkage values for 

both mixes (recorded at 620 days) were reached at approximately 250 days after the start of 

loading and drying.   

The Grade 3 (10,000 psi concrete) creep and shrinkage values recorded for HPLC were 

compared to Grade 3 high performance concrete (HPC) mixes, fabricated with normal weight 

concrete, that were part of other projects.  The average specific creep values for the HPLC was 

more than 45 percent less than the specific creep of the HPC mix that closely matched the HPLC 

mixes.  Furthermore, the shrinkage measurements recorded for the HPLC one year after loading 

and drying were initiated were approximately 20 percent greater than those measured for the 

HPC mixes. 

The researchers used creep and shrinkage data from the HPLC cylinders and girders to 

estimate the total prestress loss.  The calculated experimental losses were compared with many 
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models including both the AASHTO refined method and the AASHTO lump sum method.  The 

experimental results presented do not include a separate measurement of the steel relaxation; this 

value was calculated using the AASHTO refined method.  The measured creep and shrinkage 

values obtained after four months of testing were used to project experimental creep and 

shrinkage values for 40 years in the future.   

Results indicated that the AASHTO refined method overestimated both the total losses 

projected in the Grade 2 mix (42 percent over) and in the Grade 3 mix (75 percent over).  The 

AASHTO refined method also overestimated the creep and shrinkage losses by at least 100 

percent.  The AASHTO lump sum method only overestimated the losses in the Grade 3 mix by 

12 percent.  All of the methods underestimated the elastic shortening losses and the researchers 

claim this may be because of the way the elastic shortening was measured experimentally.  The 

strain measurement was taken one hour after prestress transfer and may have included some 

early age creep and shrinkage as well as the elastic shortening.  The researchers also state that 

this reason may also be why each method overestimated the time-dependent losses. 

Kahn and Lopez (2005) concluded that the creep values for the Grade 2 and Grade 3 were 

significantly lower than those reported by Pfeifer (1968) in his range of values for structural 

lightweight concrete.  The high performance lightweight concrete had less creep but more 

shrinkage than a comparable normal weight high performance concrete.  All of the prestress loss 

models overestimated the actual total losses due to elastic shortening, creep, and shrinkage in 

Grade 3 AASHTO Type II girders.  The AASHTO refined method also overestimated the losses 

for the Grade 2 girders.  The AASHTO refined and lump sum methods predicted higher prestress 

losses in high performance lightweight concrete than measured.  Finally, the researchers also 

noted that there is no modification factor for lightweight concrete in either of these methods. 

2.3  Summary of Literature Review 

This chapter has summarized previous research conducted on the shear strength of both 

self-consolidating members and lightweight members, and research conducted on prestress 

losses in both types of members.  While work has been conducted and documented on both types 

of concrete, relatively little work has been done on the shear strength of members fabricated with 

lightweight, self-consolidating concrete.  In addition, there is a lack of literature discussing the 

prestress losses in members fabricated with the same type of concrete.   
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Self-consolidating, lightweight concrete is a new material and its use is not yet 

widespread.  This material, however, is very advantageous and can be used in prestressed 

concrete structures once more is known about the structural response of members fabricated with 

this type of concrete.  The research outlined above suggests that the code provisions for shear 

strength are adequate for both SCC and lightweight concrete separately, but it is important that 

these provisions be compared to experimental results from tests on girders fabricated with 

lightweight, self-consolidating concrete. 

From the literature presented, there is little difference in the prestress losses for 

conventional high strength concrete mixes when compared to self-consolidating concrete mixes.  

For lightweight concrete, current equations in the AASHTO Specifications predicted higher 

prestress losses in high performance lightweight concrete than those measured on test girders.  

Again, the research outlined above relates to both SCC and lightweight concrete separately, but it 

is important that the AASHTO provisions be compared to experimental results from tests on 

girders fabricated with lightweight, self-consolidating concrete 
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CHAPTER 3.   DESIGN AND FABRICATION 

3.1  Girder Design, Instrumentation, and Fabrication 

3.1.1  Introduction 

This section provides details on the girder design, girder reinforcement, girder 

fabrication, and instrumentation.  A single 65 ft long PCBT-53 girder was fabricated at Bayshore 

Concrete Products Corporation (Bayshore), and then transported to be tested at the Virginia Tech 

Structures and Materials Laboratory.  A timeline for the beam fabrication and testing is as 

follows: 

1. PCBT-53 strands stressed on October 20, 2006 following which, instrumentation was 

installed on the reinforcement cage on October 23, 2006. 

2. Concrete was poured on October 24, 2006 and steam cured for approximately 16 hours. 

3. Strands were cut and the prestress was transferred to the beam on October 25, 2006 

4. The girder was shipped to the Virginia Tech Structures and Materials Laboratory and 

arrived on December 13, 2006.  At this time, the concrete was well over 28-days old. 

5. The composite deck formwork was completed on December 21, 2006.  The deck concrete 

was poured on January 9, 2007 and then cured for 14 days. 

6. Deck formwork was removed on January 15, 2007 and the deck passed 28-days in age on 

February 6, 2007. 

7. Instrumentation was installed on the beam and composite deck prior to the initial shear test 

which took place on February 20, 2007. 

8. A subsequent shear test on the same end of the beam with different loading conditions took 

place on March 1, 2007. 

9. The girder was moved and the support conditions altered for a flexure-shear test, and the 

beam was again instrumented prior to testing. 

10. The girder was tested for an anticipated flexure-shear failure on March 27, 2007.  The beam 

was then re-loaded on March 29, 2007 and loaded to ultimate failure. 

3.1.2  Girder Design and Details 

The PCBT-53 girder reinforcement was designed in two unique stages.  First, the 

anchorage zones were designed for a companion project which investigated the behavior and 

design of anchorage zones in prestressed concrete bridge girders, as documented by Crispino 
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(2007).  The two ends of the beam are referred to as the north end (12 ksi working stress in the 

anchorage zone) and the south end (18 ksi working stress in the anchorage zone) throughout the 

remainder of this thesis.  Secondly, the remaining vertical shear and horizontal shear 

reinforcement was designed for the shear testing of the PCBT-53.  The vertical shear design of 

the beam, in the critical area for the shear test, was based on forcing a web compression failure at 

the end of the girder, and allowing the nominal moment capacity to be developed elsewhere.  

The vertical shear design was done with an assumed angle of inclination of diagonal compressive 

stresses of 38 to 39 degrees.  The horizontal shear reinforcement was checked using the 

American Association of State Highway Transportation Officials (AASHTO) LRFD 

Specifications (2006) after the vertical shear reinforcement design was complete.  The majority 

of the vertical shear reinforcement extended out of the top flange of the beam and into mid-depth 

of the deck for composite action between the girder and deck.  Each vertical shear stirrup that 

extended out of the beam had an additional horizontal shear stirrup attached for a conservative 

design as shown in Figure 3-1.  These additional stirrups extended out of the girder at the edges 

of the top flange and continued into the deck. 

 

2 1/4"

3" 32 Total
Strands

2 1/4"

3"
26 Straight
Strands

6 Draped Strands
4 courtesy strands

#5

2"

PCBT-53

4'
-5

"

4 courtesy strands

13 spa. @ 2" 13 spa. @ 2"

2 spa. @ 2"

#5 #5

4'
-5

"

Cross section at end Cross section at midspan  
Figure 3-1. Cross section details of PCBT-53 

 

The 65 ft PCBT-53 girder cross section included 32 pretensioned 0.5 in. diameter, 270 

ksi, 7-wire low relaxation strands.  The nominal area for these strands is 0.153 in.2.  Six of the 

strands were harped at the end of the girder.  The harping points for these strands were located 

30 in. from each side of the center line of the girder.  There were four additional courtesy strands 
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located in the top flange of the beam.  These strands allowed the vertical and horizontal shear 

reinforcement to be tied off and were each stressed to 4 kips.  The 32 main strands were stressed 

to 75 percent of the 270 ksi ultimate stress (31 kips each).  The girder itself was designed using a 

specified compressive strength of 8,000 psi, and the release strength of the concrete used in the 

design was 5,500 psi.  Since the beam was fabricated with lightweight concrete, the design unit 

weight was assumed to be 120 pcf.  Beam details including cross section views, side elevations, 

and a final composite cross section are shown in Figure 3-1 through Figure 3-4. 

Vertical shear stirrups throughout the length of the girder consisted of a double leg No. 5 

bar, bent at 180° with a standard hook on the bottom.  Anchorage zone confinement 

reinforcement was made up of two pieces spliced together, enclosing all of the straight strands at 

the ends of the beam.  For horizontal shear strength, the 180° bend bars extended out of the beam 

and additional No. 5 U-stirrups were added in the top flange.  The stirrup geometry is presented 

in Figure 3-1.  Stirrup spacing is shown in Figure 3-2 and Figure 3-3 for the north end and the 

south end of the beam, respectively.  Figure 3-4 shows the entire composite cross section 

including the horizontal shear reinforcement.  Stirrup reinforcing steel material properties are 

assumed to be those typically used for reinforced concrete design and in accordance with ASTM 

document A615 (2005).  These material properties can be seen in Table 3-1 for No. 5, Grade 60 

rebar which has a minimum yield strength of 60 ksi. 
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Figure 3-2. North beam end elevation 
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Figure 3-3. South beam end elevation 
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Figure 3-4. Composite cross section 

 

Table 3-1. Steel reinforcement design material properties 

Diameter of #5 Bar (in.) 0.625 
Area (in.2)  0.31 
Weight (lb/ft) 1.043 
Tensile Strength (ksi) 90 
Yield Strength (ksi) 60 
Modulus of Elasticity (ksi) 29000 
Elongation (%) 9 
Coating None 

 

The prestressing strands in this project were those provided by Bayshore, and are a 

product of the American Spring Wire Corporation (www.americanspringwire.com).  Material 

property testing for strand delivered to Bayshore was conducted by American Spring Wire 

Corporation and reported to Bayshore via material certification sheets. The results of these tests 

can be seen in Table 3-2.  The American Society of Testing and Materials (ASTM) document 

A416 (2005) requires that the minimum yield stress of low relaxation strands should be at least 
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90 percent of the guaranteed ultimate tensile strength, which is 243 ksi for grade 270 strands.  

The yield stresses reported by American Spring Wire Corporation are greater than this 

requirement.  ASTM document A416 also requires that the breaking strength should be greater 

than the guaranteed ultimate tensile strength, and the total elongation should be greater than or 

equal to 3.5 percent.  Values from American Spring Wire Corporation show that all breaking 

strengths were greater than the guaranteed ultimate tensile strength and the total elongations of 

the strands were greater than the 3.5 percent minimum. 

 

Table 3-2. Prestressing steel material properties 

 Diameter 
(in.) 

Area 
(in.2)  

Yield Stress 
(ksi) 

Ultimate Stress 
(ksi) 

Elongation 
(%) 

Modulus of 
Elasticity (ksi) 

 0.5035 0.15358 259 285 4.52 29190 
 0.5037 0.15358 260 286 5.04 29000 
 0.5037 0.15358 256 286 5.04 29060 
 0.5035 0.15358 255 282 4.48 28710 
 0.5032 0.15281 256 283 4.48 28710 
 0.5040 0.15358 255 283 5.00 29050 
 0.5030 0.15281 255 281 4.50 29060 
 0.5037 0.15358 259 283 4.52 29180 
 0.5037 0.15358 257 283 4.52 29110 
 0.5032 0.15281 258 284 4.52 29110 
 0.5032 0.15281 260 284 4.52 29180 
 0.5037 0.15358 262 285 4.54 29060 
 0.5035 0.15358 262 285 4.54 29060 
 0.5032 0.15281 266 285 4.54 29020 
Average 0.5035 0.15331 259 284 4.63 29036 
Std Dev 0.0003 0.00038 3.3 1.4 0.22 150 

 

3.1.3  Girder Instrumentation 

Instrumentation was installed at midspan of the rebar cage prior to placing concrete.  Two 

VCE-4200 vibrating wire gages (VWG), manufactured by Geokon (www.geokon.com), were 

installed on both the bottom straight strands and the top, center courtesy strands.  The location of 

the vibrating wire gages in relation to the entire PCBT-53 cross section can be seen in Figure 3-5 

and Figure 3-6.  Vibrating wire gages, as discussed later, allow for measurement of strain during 

the pour, cure, and testing.  Each vibrating wire gage also contains a thermistor for monitoring 

temperatures.  Small concrete control specimens were also instrumented with vibrating wire 

gages to monitor the change in strain with no prestress force added to the concrete. 
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Thermocouples were installed to monitor the temperature of the concrete and formwork 

during casting, curing, and long-term conditions.  The thermocouple locations can be seen in 

Figure 3-5 and Figure 3-6.  Data from the VWGs and thermocouples were recorded by a 

Campbell Scientific CR-23X Micrologger.  The data were recorded by the micrologger every 90 

minutes except during casting of the beam, casting of the deck, and during testing.  The data 

recording interval was changed to one minute during casting of the beam and testing of the 

composite system.  During casting of the deck, data were recorded every fifteen minutes.  These 

smaller recording windows allowed the researchers to better understand the change in 

temperature and strain over time in the concrete and strand. 
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Figure 3-5. VWG and thermocouple locations 

 

 
Figure 3-6. (a) VWG on top strands (b) VWG on bottom strands (c) thermocouples 
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3.1.4  Girder Fabrication and Concrete Mixture 

After preparation, the PCBT-53 girder was cast in a single day at Bayshore Concrete 

Products Corporation.  This was a relatively long process because Bayshore has limited 

experience with casting lightweight, self-consolidating concrete.  The mix design of the beam 

prior to addition of any chemicals at the job site is shown in Table 3-3.  Three ready-mix trucks 

were rejected by Virginia Department of Transportation personnel who were present to ensure 

quality and composition of the LWSCC mix.  Quality control indicators were checked through 

measurements of slump, unit weight, and percent air content.  Slump was adjusted during 

inspection using both regular and high range water reducer.  The fresh concrete properties of the 

LWSCC beam can be seen in Table 3-4. 

 

Table 3-3. PCBT-53 initial concrete mix design 

Component Initial Mix Design 
Quantity (per yd3) 

Portland Cement   540 lb 
Slag  360 lb 

3/4 in. Stalite Lightweight Stone  850 lb 
Natural Sand 1158 lb 

Water 33.5 gal 
DCI 3 gal 

W/C Ratio 0.31 
Target % Air 6 

* Note: mixture also has Air Entraining admixture Daravair 
 

Table 3-4. PCBT-53 fresh concrete properties 

Test Batch 1 Batch 2 Average 
Slump Flow (in.) 23 20 21.5 

Air (%) 4.0 --- 4.0 
T20 (sec) 7 7 7 

Unit weight (lb./ft.3) 120.0 116.8 118.4 
Temperature (°F) 56 56 56 

 

The self-consolidating concrete, as expected, required a minimal amount of external 

formwork vibration, but workers did provide some internal vibration with wand vibrators from 

the top of the formwork.  The girder was then subjected to an overnight steam cure after being 

covered and sealed with blankets.  The following morning, an elastic modulus test, a 
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compressive strength test, and a split cylinder test were performed on concrete cylinder samples.  

Data from these cylinder tests and others can be found in Chapter 4 and Appendix A.  These 

cylinders were cured at the same rate and temperature as the beam, and these tests showed that 

the concrete had already surpassed the target release strength of 5,500 psi.  At this time the steam 

was turned off and the formwork was removed.  The concrete test cylinders were also stripped of 

their molds and thus were subjected to the same curing conditions as the girder until both the 

cylinders and girder were transported to the Virginia Tech Structures and Materials Laboratory. 

Following removal of the formwork, the strands were flame cut with an acetylene torch, 

starting first with the courtesy strands and the harped strands.  Finally, the bottom, straight 

strands were cut to transfer the prestress force to the beam.  The strands were cut simultaneously 

at both ends of the beam by two workers. 

3.1.5  Girder Transportation 

Non-standard lifting devices were used to lift and set the beam on the truck for transport 

from Bayshore and again to unload it from the truck at the laboratory.  These lifting devices, as 

shown in Figure 3-7, were used to pick the girder up through the top flange using structural steel 

tubing.  This is not the normal way that bridge girders are lifted.  Typically, a bundle of 

prestressing strand is fashioned such that a loop of strand is left exposed for cranes to lift the 

beams, and the ends of the strand loops extend well into the web of the beam.  This LWSCC 

beam was to be subjected to shear tests at the laboratory in the end region of the beam.  Using 

these atypical lifting devices eliminated this variable, and the corresponding influence of extra 

strands in the web, from the tests.  The PCBT-53 was lifted initially at Bayshore to test the 

devices, after which an initial camber measurement was taken.  This value and subsequent 

measurements that were taken are presented in Chapter 4.  The first lift of the beam was 

successful, and the girder was then transported to the Virginia Tech Structures and Materials 

Laboratory on December 13, 2006. 
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Figure 3-7. Girder lifting device 

 

Upon arrival at Virginia Tech, the beam was lifted off of the delivery truck with tension 

actuators and the specially fabricated lifting devices.  Initial placement of the 65 ft beam resulted 

in a 63 ft span length measured from center-to-center of each support.  Each end of the girder 

had a 1 ft overhang from the center line of the support beams.  The beam was then moved 

laterally and centered correctly for the initial shear test.  Lateral movement of the beam was 

facilitated by a newly fabricated roller system and low-friction Hilman rollers 

(www.hilmanrollers.com).  The beam delivery and roller system can be seen in Figure 3-8. 
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Figure 3-8. Roller system 

 

3.2  Deck Design, Fabrication, and Instrumentation 

3.2.1  Introduction 

The final cross section included a composite deck, as seen previously in Figure 3-4, 

which was cast at the Virginia Tech Structures and Materials Laboratory with lightweight 

concrete.  The deck had a design compressive strength of 5,000 psi.  The deck reinforcement was 

designed for a fictitious bridge in which the beams were spaced at 9 ft and the deck had a 9 in. 

thickness.  For ease of construction and testing at Virginia Tech, the deck was built with only a 7 

ft width so that the composite section fit easily between the steel loading frames. 

3.2.2  Deck Design and Details 

Once the beam was set in place for the first test, formwork for the 9 in. thick deck was 

installed as shown in Figure 3-9. The formwork was designed and installed following the same 

procedures used by most contractors, with the deck forms supported by the girders.  The 

formwork was installed in 8 ft sections as this is the typical length of plywood sheets and lumber.  

Holes, 3/8 in. in diameter, were drilled at 16 in. on center into the edge of the beam top flange 
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and a 3/8 in. by 3 ¾ in. long Powers Power Stud anchor (labeled F) was driven into each hole.  

These anchors were then bolted through the vertical 2x6 (labeled H) to support the formwork at 

the wood-concrete interface.  Additional vertical formwork support was provided by 2x4 kickers 

(labeled K), spaced at 2 ft on center, running from the outer edge of the deck to the bottom bulb 

of the girder.   

Pencil rods with a 1/4 in. diameter (labeled B) were installed to run transversely across 

the 9 in. thick deck to provide lateral support from the concrete pressure.  Additional longitudinal 

support was provided for the formwork when two adjoining 8 ft sections were connected.  At this 

connection, the two 2x4 studs (labeled D) on the 9 in. tall deck sections were screwed together, 

and the two 2x6 sections (labeled I) at the ends of the deck formwork were fastened together 

using two 0.5 in. threaded rods.  The two ends of the deck were closed to complete the formwork 

using 3/4 in. Plyform plywood and all of the formwork was sealed to protect against water 

leakage.  In addition, PVC tubing was installed to extend the holes for the girder lifting devices 

so that the composite section could be moved when testing was complete.   

 

 

A
B
C DE

F G HI

J
Materials Used:
A - 2x4 continuous board (2 each)
B - 1/4" pencil rod with clamp
C - 3/4" Plyform plywood
D - 2x4 at ends of 8' sections
E - 3/4" Plyform plywood
F - 3/8" Power Stud Anchors
G - 1/2" threaded rod adjoining formwork (2 each)
H - 2x6 continuous board (3 each)
I - 2x6 at ends of 8' sections
J - 2x6 stud at 2' on center
K - 2x4 kicker at 2' on center

K

PCBT
53

 
Figure 3-9. Deck formwork 

 

After sealing the formwork, the reinforcing steel for the deck was placed.  The deck 

reinforcing steel was supported off of low and high chairs and tied together with wire ties.  The 
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longitudinal rebar of the deck required splices since the beam was 65 ft long and rebar for this 

project came in 20 ft sections.  These splices were designed as 20 in. compression splices and 

placed as shown in Figure 3-10.  All of the rebar splices are offset to avoid putting a spliced 

section of reinforcement directly below a loading point for either test one or test two. 

 

Denotes Splice Region

P P P P
Test 2 Loading Test 1 Loading

16.0' 14.0' 14.0' 7.5'

12'
18'

10'
16'

12'
20'

10'
17'

15'

7'

 
Figure 3-10. Deck longitudinal reinforcement splices 

 

3.2.3  Deck Instrumentation 

Prior to pouring the deck, an additional thermocouple was added to the composite section 

in the deck concrete.  This thermocouple was also placed at the center line of the girder and at 

mid-height of the deck (4.5 in. from the top of the deck).  This thermocouple was used to track 

the temperature change of the deck concrete during casting, curing, and testing.   

3.2.4  Deck Fabrication and Concrete Mixture 

The mix design for the deck concrete was designed and tested at the Virginia Tech 

Structures and Materials Lab.  Two trial batches of lightweight concrete, as seen in Table 3-5 

were designed and tested before the deck was cast.  The first trial batch had too much water, but 

it did achieve the design compressive strength of 5,000 psi.  The second trial mix was redesigned 

to have less water, cement, and flyash while having more coarse aggregate and lightweight stone.  

The lightweight stone was a 3/4 in. aggregate made by the Carolina Stalite Company of 

Salisbury, North Carolina (www.stalite.com).  The lightweight aggregate was moisture 

conditioned according to Stalite’s recommendations for handling and batching their expanded 
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slate aggregate.  It is important to immerse or sprinkle lightweight aggregate in water for an 

extended amount of time before using it in concrete batches due to the cellular nature of these 

aggregates.  The absorption rate in lightweight aggregates is higher than most normal weight 

aggregates.  If the stone is not fully moisture conditioned, a loss of slump during mixing and 

delivery of the concrete can occur because water is absorbed during mixing and transportation.  

Based on cylinder specimen testing, the second mix achieved the desired strength while having 

the same water to cementitious material ratio as the first mix.  Therefore, it was deemed that this 

mix was to be used for the composite deck. 

 

Table 3-5. Deck concrete mix design 

Component 
Initial Mix 

Design Quantity 
(per yd3) 

Revised Mix 
Design Quantity 

(per yd3) 
Portland Cement 588 lb 520 lb 

Fly Ash 147 lb 130 lb 
Natural Sand 1111 lb 1216 lb 

3/4 in. Lightweight Stone 950 lb 979 lb 
Water 35.5 gal 31.2 gal 

Air Entrainment 1 oz 0 oz 
Retarder 4 oz 13 oz 

Super Plasticizer  0 oz 20 oz 
W/C Ratio 0.4 0.4 

Target % Air 3-5 % 3-5 % 
Target Slump 5-7 in. 5-7 in. 

 

The lightweight concrete for the deck was batched at a nearby ready mix plant and 

delivered to the lab in three separate batches.  The retarder admixture was added to the mix at the 

plant. The plant dispatcher did not mix in the high range water reducing admixture (super 

plasticizer) which was shipped separately and added on site for adjustment of the slump.  The 

local ready mix plant also typically withholds water from every mix to ensure that the desired 

slump can be achieved at the job site with the addition of water.  Adding too much water 

increases the water to cement ratio and in turn also decreases the concrete’s compressive 

strength.  For the composite deck, water was added to achieve an initial slump of 4 in. and then 

the high range water reducing admixture was added to achieve the desired slump between 7 and 

8 in. for a good, workable concrete.  Fresh concrete properties from the three delivery trucks can 

be seen in Table 3-6. 
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Table 3-6. Deck fresh concrete properties 

Test Batch 1 Batch 2 Batch 3 Average 
Batch Size (cy) 7 7 2 --- 

Final Slump (in.) 8.5 8.25 8 8.25 
Air (%) 3.0 3.25 --- 3.125 

Unit weight (lb./ft.3) 125.0 123.0 --- 124.0 
 

During the casting of the deck, as seen in Figure 3-11, concrete was transported from the 

ready mix delivery truck to the girder by an overhead crane and 1 cy concrete bucket.  A 

vibrating screed was used to level the concrete deck for the first 20 ft of the beam, after which a 

hand screed was used because the vibrating equipment stopped working.  On top of the girder 

and deck, wand vibration was used to consolidate the concrete in the formwork.  After all the 

formwork was filled with concrete, the top surface of the deck was bull floated and finished 

using hand trowels.  The top surface of the deck and approximately half of the formwork was 

covered with water-soaked burlap and plastic sheeting following completion of all concrete 

finishing.  This type of moist cure was applied to the deck for 14 days, even after the formwork 

was removed at seven days.  The Virginia Department of Transportation typically requires a cure 

consisting of two parts.  First, the concrete is covered with moist burlap (continually re-wetted 

for a period of seven days) and plastic, and second, the concrete is sprayed with a curing 

compound after seven days.  The 14 day moist cure was deemed sufficient to fulfill both of the 

typical requirements.  Concrete cylinder specimens were also cast and subjected to the same 

curing conditions as the deck. The cylinder molds were stripped the same day the deck formwork 

was removed.  The deck was allowed to cure beyond 28 days before the first test was started. 
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Figure 3-11. Deck concrete placement 

 

Preparation for testing of the girder started once the 14-day moist cure was completed.  

All anchors that were driven into the beam were ground off to be flush with the concrete.  No 

cracking from the weight of the deck was visible where anchors were embedded in the concrete.  

The 32 prestressing strands and the four courtesy strands were ground down so that the frayed 

ends were no longer evident and approximately 2 in. of strand was left protruding from the 

concrete. 

3.3  Testing Setup, Procedure, and Instrumentation 

3.3.1  Testing Setup 

All tests were performed using a simply supported span and two point loads, which 

simulated the AASHTO design truck rear axle spacing, as shown in Figure 3-12.  The point loads 

were 14 ft apart and applied directly to the composite deck using a simulated tire patch.  The 

AASHTO tire patch is specified in Article 3.6.1.2.5 in the LRFD Specifications (2006) and in 

Article 3.30 in the Standard Specifications (2002) as the contact area of a wheel, representing 

either one or two tires, assumed to be a rectangle with a width of 20 in. and a length of 10 in.  It 

is also assumed that this tire patch receives a uniformly distributed pressure over the entire area.   

For these tests, a tire patch was created using steel reinforced neoprene pads that were 24 in. 

wide, 10 in. long, and 2 in. thick.  This pad was not exactly the same dimensions as AASHTO 
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specifies, but was deemed adequate because it was already owned by the laboratory and thus, 

there was no need to design and purchase a new reinforced neoprene pad.  In addition, the 

researchers believe that the slight deviation from the specified AASHTO tire patch dimensions 

should not influence the test results. 

 

 
Figure 3-12. AASHTO design truck 

 

Each test setup consisted of a simply supported beam and two load frames representing 

the AASHTO truck rear axle spacing. To achieve the simply supported, pin-and-roller support 

conditions, a single, solid, 4 in. thick steel cylinder that was the full width of the bottom bulb (32 

in.) was used to support each end of the beam.  Because this steel cylinder would only be in 

contact with the beam over a very small area, a steel plate was used between the roller and the 

beam to distribute the load.  This steel plate was 14 in. long and 32 in. wide, hence the entire 

bottom bulb of the girder was supported through this plate to the steel cylinders.  Figure 3-13 

depicts both the roller and pinned support conditions with the additional steel plate in place to 

distribute the load.  The girder and rollers sat on steel W-shapes which were bolted to the 

reaction floor.  The support beams had stiffeners welded under the top flange where the beam 

rested on the support to prevent local web crippling.  The steel beams were W14x90 shapes. 

 

 
Figure 3-13. Beam end support conditions 
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A hydraulic actuator was mounted to a steel load frame to apply load at each point.  

These load frames were bolted to the reaction floor to ensure a closed loading system.  These 

actuators applied a single point load through a series of plates increasing in size and ultimately 

sitting on the neoprene tire patch.  The actuators were connected to an electric pump in parallel, 

and the hydraulic fluid pressure was monitored during testing.  

The applied load from each actuator was monitored during two of the tests using 

individual load cells.  One had a 300 kip capacity and the other a 500 kip capacity.  The 

remaining tests only used the higher capacity load cell to measure the applied load and an 

assumption was made that the loads were equal during the test and subsequent analysis.  For this 

reason, a comparison was done using load vs. displacement plots to determine if the percent 

difference in load reported between the two load cells was significant.  Figure 3-14 and Figure 

3-15 show a comparison of the two load cell values as reported at different displacements.  A 

typical percent difference was in the range of 1.5 to 1.8 percent.  The maximum percent 

difference, as evident in the initial flexure-shear test, was approximately 3.4 percent.  Based on 

these small percent differences, the researchers felt that the assumption to set the applied loads 

equal in both actuators for data analysis was not unconservative.  In addition, the researchers 

believe that the slight difference should not influence the test results. 
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Figure 3-14. Shear test #1 load cell comparison 
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Figure 3-15. Flexure-shear test #1 load cell comparison 
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3.3.2  Testing Instrumentation and Data Acquisition 

Several different kinds of instrumentation were used to monitor load, deflection, strain, 

and strand slip during each test.  As previously discussed, four vibrating wire gages were 

installed within the beam to monitor prestress loss, temperature change, and curvature.  This was 

achieved by recording the change in strain over time.  A load cell was used under each individual 

actuator to monitor load, with one load cell having a 500 kip capacity while the other had a 300 

kip capacity.  The load cells were calibrated before the testing began and were shown to exhibit a 

linear relationship between load and voltage to their specified capacity.  Deflection was 

measured at various points under the girder during testing using displacement transducers 

(referred to as wire pots for the remainder of the thesis) manufactured by Celesco Transducer 

Products, Inc. (www.celesco.com).  These wire pots were located directly below each loading 

point and below midspan of the girder.  The wire pots measured deflection to an accuracy of 0.01 

in. and had a stroke of approximately 10 in.  

Strain was measured in two different ways at two different parts of the composite system.  

During the first test of the beam, concrete surface strains were measured to determine when and 

where the first crack initiated in the bottom bulb using a detachable mechanical strain gage 

(DEMEC) and surface mounted gage points manufactured by Mayes Instruments Limited, from 

England (www.mayes.co.uk).  The DEMEC strain gage has a gage length of 200 mm (roughly 7 

7/8 in.) and measures changes in strain between the surface mounted points to an accuracy of ± 5 

με.  The DEMEC strain gage apparatus consists of a steel bar with two conical locating points, 

one fixed and the other which is able to pivot on a knife edge.  Figure 3-16 shows a top view and 

a side view of the DEMEC gage apparatus; the main beam, fixed locating point, and pivoting 

locating point are visible in the figure.  The locating points are positioned in the surface gage 

points which are stainless steel discs attached to the girder with a five minute epoxy gel.  

Movement of the pivoting point is measured by the dial gage located on the steel bar, and 

reported by the digital readout.  The stainless steel discs were affixed to each side of the girder at 

the lowest level of prestressing strands, directly below the point of maximum moment created by 

the loading setup, so that five strain measurements could be taken.  Figure 3-17 depicts the steel 

discs affixed to the side of the girder.  The first flexural crack was detected and observed through 

the use of these strain readings and a plot of load vs. strain.  When the plot became nonlinear, the 

beam was visually inspected for cracking to determine if a flexural crack was present. 
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Figure 3-16. DEMEC gage 

 

 
Figure 3-17. DEMEC steel disc affixed to the girder 

 

Secondly, strain was measured at the extreme compression fiber of the composite system 

with surface mounted, resistance-based strain gages produced by Vishay (www.vishay.com).  

Each strain gage had a gage length of 4 in. so that the gage gave an average strain across the 

mortar paste and the 3/4 in. coarse aggregate in the deck concrete.  These strain gages were 

placed 6 in. from the outer edge of the deck and 6 in. from the bearing pad.  Figure 3-18 shows 

the locations of the compressive fiber strain gages in plan view. 
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Figure 3-18. Surface strain gage plan view 

 

Finally, strand slip was measured on four of the prestressed strands along the bottom row. 

The strand movement was monitored to determine if slip was part of the eventual failure mode.  

Strand slip was monitored using linear variable differential transformers (LVDT), produced by 

Trans-Tek Inc., of Ellington, Connecticut (www.transtekinc.com).  The LVDTs have a total 

plunger range of approximately 0.15 in. and were calibrated to measure movement as small as 

one hundredth of an inch (they have a linearity percent of ± 0.5).  Each LVDT was fastened to 

the appropriate strand using a small bracket fabricated at Virginia Tech.  The spring loaded 

spindle touched the face of the end of the girder itself and detected movement of the strand 

relative to the end of the beam.  If the strand slipped inward, the LVDT spindle would retract 

inward yielding a displacement measurement.  Figure 3-19 (b) and (c) show how and where 

(triangles represent strands with LVDTs) each of the four LVDTs were mounted to monitor 

strand slip.  The remaining 22 strands (not including the harped strands) were marked with a 

piece of duct tape as shown in Figure 3-19 (a) to physically record slip with a ruler. 

 

 
Figure 3-19. Strand slip (a) duct-taped strands (b) LVDTs on strands (c) location of LVDTs 

 

Data from each test was collected with a Vishay Measurements System 5000 scanner and 

Strain Smart 5000 data acquisition software installed on the laboratory computer.  Data was 
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collected at a sample rate of one second for each test setup.  Prior to testing, all instrumentation 

installed on the girder was directly calibrated within this system.  The accompanying data files 

from Strain Smart 5000 were reduced into Microsoft Excel files for further analysis following 

the completion of each test. 

3.3.3  Web-Shear Strength Testing 

The focus of the first test on the beam and the initial test setup was to collect data 

pertaining to the predicted web shear strength of the girder.  The 65 ft girder was simply 

supported with a span of 63 ft and a 1 ft overhang past the center line of each support.  The two 

load frames were placed at a distance of 7.5 ft and 21.5 ft from the south end of the beam.  The 

support conditions were setup to allow for the pinned end to be the tested end of the beam and 

the roller end to be the non-tested end of the beam.  The test setup, load placement, and 

instrumentation locations are shown in Figure 3-20. 
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Figure 3-20. Shear test #1 setup and instrumentation 

 

During this initial test, the load was increased in 20 kip increments until the DEMEC plot 

of load vs. strain became nonlinear and visible flexural cracks were detected.  From this point on 

the DEMEC plot was not used and cracks were marked after each load increment of 20 kips was 

achieved.  As this test proceeded, the capacity of the 300 kip load cell was reached, and the test 

was halted for a few minutes while this load cell was taken out of the overall setup.  The test was 

then continued uninterrupted up to the 300 kip/actuator limit and beyond with the 500 kip 

capacity load cell still in place. 
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During the testing process a few different setbacks occurred.  First, as the test was 

approaching the limiting maximum load, as controlled by the steel loading frame bolted 

connections, the researchers were unsure about the accuracy of their load when comparing the 

load cell values to the pressure gage in line with the actuators.  The load cells had been calibrated 

on the Satec load frame in the Virginia Tech Structures and Materials Laboratory, which was 

later found to be mis-calibrated.  This was a minor setback as the load cells were re-calibrated on 

a different universal testing machine in the laboratory and the loads from the previous loading 

were linearly scaled to be accurate.   

Testing was again started after the load cells had been re-calibrated.  During this re-

calibrated test, the 300 kip capacity load cell was not used due to the fact that it would have to be 

taken out of the setup when loads exceeded 300 kips, which was expected.  Load was applied 

continuously until 290 kips was reached on each actuator, after which load was applied in 10 kip 

increments and new cracks were marked.   

The second setback occurred after the load cells had been re-calibrated.  The maximum 

available load as limited by the steel loading frame was again reached during the testing of the 

beam.  Unfortunately, this loading configuration with actuators located at 7.5 ft and 21.5 ft from 

the end of the beam did not produce a high enough shear force at the end of the beam to initiate 

the desired failure.  To resolve this problem a second shear test was planned on the same end of 

the beam. 

The focus of the second shear test on the beam was the same as the first, to collect data 

pertaining to the predicted web shear failure.  The 65 ft girder was still simply supported with a 

span of 63 ft and a 1 ft overhang past the center line of each support.  The two load frames were 

moved and placed at a distance of 7.5 ft and 10.5 ft from the south end of the beam.  The test 

setup, load placement, and instrumentation used are shown in Figure 3-21.  This test was started 

and proceeded without use of the 300 kip capacity load cell due to the fact that it would have to 

be taken out of the setup when loads exceeded 300 kips, which was expected.  The test was 

uninterrupted beyond 300 kips per actuator with the 500 kip capacity load cell still in place.  

Load was applied continuously until 170 kips was reached on each actuator, after which load was 

applied in 20 kip increments and new cracks were marked.  After the load per actuator reached 

250 kips, the load was increased to 290 kips and then in 20 kip increments until 330 kips per 
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actuator was achieved.  Beyond 330 kips, the load was increased at 10 kip increments until an 

ultimate load of 353 kips was reached. 
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Figure 3-21. Shear test #2 setup and instrumentation 

 

The researchers believe that this test setup came close to reaching the ultimate shear 

failure desired because there was clear evidence of concrete spalling in the web of the PCBT-53.  

Again, the ultimate strength of the steel load frame bolted connections was the limiting case.  

The researchers believe that if approximately 5 to 10 kips more could be applied the web of the 

girder would have become more completely crushed.  McGowan (2007) states that during tests 

of two normal weight, self-consolidating PCBT-45 bridge girders (those tested by Nunally) it 

was observed that full compression failure occurs soon after evidence of concrete spalling in the 

web is detected. 

3.3.4  Flexure-Shear Strength Testing 

The focus of the third and final test on the beam was to collect data pertaining to the 

predicted flexure-shear failure.  The 65 ft girder was moved longitudinally after conclusion of 

the shear test on the south end of the beam by Abbott Rigging, Inc. of Rocky Mount, Virginia 

(www.abbottrigging.com). This resulted in a simply supported span of 59 ft.  This was achieved 

with a 5 ft overhang past the center line of the support at the south end of the beam and a 1 ft 

overhang past the center line of the support at the north end of the beam.  During the move by 

Abbott, the support conditions were changed to allow for the pinned end to be the tested end of 

the beam and the roller end to be the non-tested end of the beam.  The two load frames were 

placed at a distance of 16 ft and 30 ft from the north end of the beam as shown in Figure 3-22.  
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As this test proceeded, the capacity of the 300 kip load cell was exceeded, and the test was halted 

for a few minutes while this load cell was removed.  This load cell was initially left in during the 

test to evaluate the accuracy of the two load cells in relation to each other; it allowed for a 

comparison of how the two loads differed as the hydraulic pressure was increased.  The test was 

then continued uninterrupted up to the 300 kip/actuator limit and beyond with the 500 kip 

capacity load cell still in place. 
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Figure 3-22. Flexure-shear test setup and instrumentation 

 

This test setup also experienced a problem due to the large deflections occurring due to 

the flexural dominated loading.  The roller supported end of the beam approached the support 

edge at large loads as shown in Figure 3-23.  To avoid this problem during subsequent tests, steel 

angles were welded to the steel support beams to prevent the pin from completely rolling off.  

The girder was then lifted off of the support with hydraulic actuators to re-adjust the pinned 

support and allow it to roll farther. 
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Figure 3-23. Support problems (a) large deflections (b) disconcerting roller position 

 

Once the support conditions were adjusted, the flexure-shear testing was resumed.  The 

PCBT-53 was loaded without using the 300 kip capacity load cell.  This allowed the test to run 

smoothly because loads were expected to exceed 300 kips/actuator near ultimate failure of the 

beam.  Ultimate failure of the girder was achieved during the flexure-shear test as discussed in 

Chapter 4.   

The PCBT-53 was then cut in half to aid in handling and removal of the beam.  The 

concrete was separated using a pneumatic jack hammer and the strands were cut at the centerline 

of the beam using an acetylene torch.  Each half of the beam was then rotated by Abbott Rigging, 

Inc. as shown in Figure 3-24.  This configuration allowed for the composite deck to sit directly 

on the truck bed eliminating any possibility of the section overturning during transportation. 
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Figure 3-24. Removal of one half of the PCBT-53 
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CHAPTER 4.   TEST RESULTS, ANALYSIS, AND DISCUSSION 

4.1  Material Properties 

4.1.1  Girder Concrete Properties 

The PCBT-53 girder was cast on October 24, 2006 in a single day at Bayshore Concrete 

Products Corporation using two batches of LWSCC.  The girder was then subjected to an 

overnight steam cure and the formwork was stripped the following day after an elastic modulus 

test, a compressive strength test, and a split cylinder test were performed on concrete cylinder 

samples.  Throughout the life of the beam, tests were performed on cylinders stored both at 

Virginia Tech and at the Virginia Transportation Research Council (VTRC).  Typically, two or 

three cylinders per batch were broken for each type of test at VTRC and usually only one 

cylinder per batch was broken for each test at Virginia Tech.  Comprehensive compressive 

strength test results and strength gain plots, splitting tensile test results and the corresponding 

plot, and modulus of elasticity test results and the corresponding plot can be seen in Appendix A. 

Measured concrete material properties over time are summarized in Table 4-1.  This table 

shows the average compressive strength, tensile strength, and modulus of elasticity test results 

for the specified concrete age.  The average compressive strength for the girder was greater than 

the target strength of 8,000 psi; in fact, the design strength was reached after the steam curing 

ended.  Code provisions for the tensile strength and the modulus of elasticity are also included in 

the table.  These values are calculated using AASHTO LRFD provisions (2006) and are based on 

the concrete compressive strength (and the concrete unit weight for modulus of elasticity).  The 

measured tensile strengths from split cylinder tests were slightly greater than code provisions, 

and in general, the measured modulus of elasticity was significantly less than the recommended 

code provision for modulus of elasticity.  
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Table 4-1. PCBT-53 material properties 

fct (ksi) Ec (ksi) Concrete Age 
(days) f'c (ksi) 

Meas. 0.20f'c
0.5 Meas. 33,000wc

1.5f'c
0.5 

Transfer 8.34 0.592 0.578 3,600 3,860 
7 8.14 0.620 0.571 3,550 3,820 
14 9.04 0.668 0.601 3,310 4,020 
28 8.96 0.653 0.599 3,450 4,000 

Shear Test 10.55 0.796 0.650 3,277 4,350 
Flexure-Shear Test 10.70 0.865 0.654 3,197 4,380 

* Unit Weight = 0.118 k/ft3     
 

It is interesting to note that the modulus of elasticity dropped over the life of the beam.  

This was evident at Virginia Tech during testing of the cylinders in the laboratory.  To check this 

problem, the apparatus used to determine the modulus of elasticity was taken apart and checked 

for accuracy.  The researchers deemed the digital reader was accurate and that the apparatus was 

working properly.  There is also evidence that the modulus of elasticity readings dropped during 

experiments at VTRC.  Figure 4-1 shows the decline in the elastic modulus.  The first five points 

on the graph are those corresponding to VTRC tests.  The final four points on the plot correspond 

to Virginia Tech (VT) data. 
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Figure 4-1. PCBT-53 modulus of elasticity plot 

 

It is evident from Table 4-1 that the equation used to calculate the modulus of elasticity in 

the AASHTO LRFD Specifications (2006) over estimated the value that was actually measured 
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using concrete cylinders.  Table 4-2 presents a comparison of three equations for modulus of 

elasticity that have been published.  These equations are based on the concrete unit weight (wc) 

and the concrete compressive strength (f’c).  The first equation shown comes from the AASHTO 

LRFD Specifications (2006) and was previously discussed.  The second equation was adopted by 

ACI Committee 363 (1992) in their State-of-the-Art Report on High Strength Concrete.  Finally, 

the third equation was presented by Cook (1989) as a power curve fit equation from 

experimental data.  Table 4-3 and Figure 4-2 provide a comparison over time of the measured 

girder modulus of elasticity to the predicted modulus of elasticity using the three previously 

discussed equations. 

 

Table 4-2. Comparison of Ec equations 

Equation wc units f'c units Ec units 
AASHTO LRFD 33,000wc

1.5f'c0.5 k/ft3 ksi ksi 
ACI 363 (40,000√f'c + 1,000,000)(wc / 145)1.5 lb/ft3 psi psi 

Cook wc
2.55f'c0.315 lb/ft3 psi psi 

 

Table 4-3. Comparison of girder measured and calculated Ec 

Ec (ksi) Concrete Age 
(days) f'c (psi) 

Meas. AASHTO ACI 363 Cook 
0 0 0 0 0 0 
1 8,340 3,600 3,860 3,420 3,300 
7 8,140 3,550 3,820 3,380 3,280 
14 9,040 3,310 4,020 3,530 3,380 
28 8,960 3,450 4,000 3,510 3,380 
56 9,460 3,320 4,110 3,590 3,430 
77 10,000 3,220 4,230 3,670 3,500 
119 10,550 3,280 4,350 3,750 3,550 
154 10,700 3,200 4,380 3,770 3,570 

* Unit Weight = 118 lb/ft3    
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Figure 4-2. Comparison of girder measured and calculated Ec  
 

From Table 4-3 and Figure 4-2, it can be seen that the predicted modulus of elasticity 

using the ACI 363 equation and the Cook equation fits the data from the PCBT-53 girder better 

than the predicted modulus of elasticity from the AASHTO LRFD equation. 

4.1.2  Girder Internal Instrumentation Results 

Vibrating wire gages (VWG), each with an internal thermistor, and thermocouples were 

installed in the PCBT-53 and the additional shrinkage blocks prior to casting of the concrete.  

These instruments were used to track the change in temperature over time.  Time zero in both 

cases corresponds to the beginning of the concrete pour.  From Figure 4-3 it can be seen that the 

VWGs reported only one location that exceeded the 71° Celsius maximum temperature limit set 

by AASHTO LRFD Construction Specifications (2004) in Article 8.11.3.5.  The maximum 

temperature reported by VWG number three in the top of the beam was approximately 72° 

Celsius which is very close to the specified temperature.  The VWGs located in the shrinkage 

specimens were not connected to the Campbell Micrologger until after the steam curing process 

began due to human error.  This leaves a blank in the data recorded by the VWGs in those 

specimens. 
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Figure 4-3. PCBT-53 VWG temperature change over time 

 

The thermocouple data shows that all measured locations in the girder exceeded the 

required temperature as shown in Figure 4-4.  This is interesting to note because of the large 

difference between these readings and those recorded by the VWGs.  The difference in the 

maximum temperatures shown in Figure 4-3 and Figure 4-4 is significant but unexplained.  The 

shrinkage specimens exhibited an interesting change in thermocouple temperature while steam 

curing.  They indicate a sharp increase in temperature correlating with the girder temperatures, 

but then the blocks lost approximately 20° Celsius over a four to six hour time period.  This may 

be because the blocks were removed from underneath the steam blankets, or some other type of 

curing conditions were experienced by the blocks.  The temperature began a sharp decline when 

the steam was turned off approximately 19 hours after the pour started.  At this time the 

formwork was also removed from the girder and the concrete was exposed to the ambient 

temperature.  A jump in temperature can be seen in both plots two days after casting the 

concrete.  This temperature rise could be due the fact that the station or ambient temperature also 

saw a sharp increase at that time. 
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Figure 4-4. PCBT-53 thermocouple temperature change over time 

 

The vibrating wire gages were also used both in the PCBT-53 and the additional 

shrinkage specimens to track the change in strain over time.  Time zero again corresponds to the 

beginning of the concrete pour.  The strain recorded by the VWGs was adjusted using a 

recommended temperature correction factor.  This factor, using the coefficients of thermal 

expansion for steel and concrete, is used because the concrete and the tensioned wire within the 

gage do not expand the same amount.  The coefficients of thermal expansion were assumed to be 

12.2 and 9.0 με/°C for steel and lightweight concrete, respectively.  The coefficient of thermal 

expansion value for steel was provided by Geokon who manufactured the VWGs, and the 

coefficient of thermal expansion for lightweight concrete is reported in AASHTO LRFD Article 

5.4.2.2.  Strain recorded by the vibrating wire gages is shown in Figure 4-5.  Any changes in 

strain observed should not be due to thermal expansion or contraction since the temperature 

correction is made for all of the gages.  Therefore, the strains observed should most likely be due 

to shrinkage effects or expansion of the girder concrete from hydration.   
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Figure 4-5. PCBT-53 VWG strain over 36 hours since casting 

 

Early age strains and stresses are very difficult to explain due to the rapid change in the 

concrete’s properties such as the modulus of elasticity and the coefficient of thermal expansion.  

Keeping this in mind, some observations may be made from the strain vs. time data presented in 

Figure 4-5.  There is a clear increase in strain around six hours after casting of the PCBT-53, 

which is subsequently followed by a drop in strain, from tensile to compressive strains.  The 

increase in strain may be attributed to hydration and expansion of the concrete, while the drop to 

compressive strain may be due to the fact that the formwork is restricting the expansion of the 

concrete.  Another explanation for the drop to compressive strain may be that the contraction is 

due to autogenous and drying shrinkage.  The strain increased (added tensile strain) in three of 

the four VWGs between nine and 18 hours after the concrete pour started.  This additional tensile 

strain may be attributed to restricted contraction in the concrete provided by the pretensioned 

strands in the beam itself.  It is interesting to note that VWG 1, in the bottom of the beam, did not 

seem to follow this trend. 

The formwork was taken off of the beam about 19 hours after the concrete pour started.  

At this time, a small drop in strain in all four of the VWGs occurred, and this may be attributed 
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to the release of bond and confinement between the formwork and the concrete.  When the 

strands were flame torched and the prestress force was released onto the beam, the bottom 

strands (VWG 1 and 2) were subjected to a compressive strain, or drop in strain, and the top 

strands (VWG 3 and 4) were subjected to a tensile strain, or rise in strain.  This is because the 

prestress is forcing the girder to camber at mid-span. 

4.1.3  Deck Concrete Properties 

A composite deck was cast on top of the PCBT-53 girder January 9, 2007 in a single day 

at the Virginia Tech Structures and Materials Laboratory using three trucks of concrete.  The 

deck was subjected to a 14 day moist cure, and the formwork was removed seven days after 

concrete placement.  Throughout the life of the deck, tests were performed on cylinders stored at 

Virginia Tech.  Typically, three cylinders were broken for each type of test (one from each 

batch), and the average of the results is reported.  Comprehensive compressive strength test 

results and strength gain plots, splitting tensile test results and the corresponding plot, and 

modulus of elasticity test results and the corresponding plot can be seen in Appendix A. 

Measured concrete material properties over time are summarized in Table 4-4. This table 

shows the average compressive strength, tensile strength, and modulus of elasticity test results 

for the specified concrete age.  The average compressive strength for the deck was greater than 

the target strength of 5,000 psi.  Code provisions for the tensile strength and the modulus of 

elasticity are also included in the table.  These values are calculated using AASHTO LRFD 

provisions (2006) and are based on the concrete compressive strength.  The measured tensile 

strengths from split cylinder tests were greater than code provisions, and in general, the 

measured modulus of elasticity was significantly less than the recommended code provision for 

modulus of elasticity. 
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Table 4-4. Deck material properties 

fct (ksi) Ec (ksi) Concrete Age 
(days) f'c (ksi) 

Meas. 0.20f'c
0.5 Meas. 33,000wc

1.5f'c
0.5 

7 4.76 0.534 0.436 2,790 3,140 
14 6.02 0.587 0.491 3,040 3,540 
28 7.08 0.673 0.532 2,850 3,830 

Shear Test 7.63 0.683 0.552 2,860 3,980 
Flexure-Shear Test 8.30 0.701 0.576 3,130 4,150 

* Unit Weight = 0.124 k/ft3     
 

Table 4-5 and Figure 4-6 provide a comparison over time of the measured deck modulus 

of elasticity to the predicted modulus of elasticity using the AASHTO equation, the ACI 363 

equation, and the Cook equation as previously discussed. 

 

Table 4-5. Comparison of deck measured and calculated Ec 

Concrete Age Ec (ksi) 
(days) 

f'c (psi) 
Meas. AASHTO ACI 363 Cook 

0 0 0 0 0 0 
7 4760 2,790 3,140 2,970 3,140 
14 6020 3,040 3,540 3,250 3,380 
28 7080 2,850 3,830 3,450 3,560 
42 7630 2,860 3,980 3,550 3,640 
77 8300 3,130 4,150 3,670 3,740 

* Unit Weight = 124 lb/ft3    
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Figure 4-6. Comparison of deck measured and calculated Ec 
 

From Table 4-5 and Figure 4-6, it can be seen that the predicted modulus of elasticity 

using the ACI 363 equation and the Cook equation fits the data from the lightweight cast-in-

place deck better than the predicted modulus of elasticity from the AASHTO LRFD equation.  

The measured modulus of elasticity was still lower than the predicted modulus of elasticity using 

all three equations. 

4.1.4  Deck Internal Instrumentation Results 

Deck instrumentation consisted of a single thermocouple to measure the temperature 

change during the curing process of the deck concrete.  Time zero corresponds to the beginning 

of the deck concrete pour.  This thermocouple was placed at the center line of the composite 

system and at mid-height of the deck (4.5 in. below the surface of the concrete).  The 

temperature change over time can be seen in Figure 4-7.  The maximum temperature achieved 

during the curing process was approximately 43° Celsius and the temperature returned to the 

laboratory ambient temperature approximately eight days after casting of the deck. 
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Figure 4-7. Deck thermocouple temperature change over time 

 

The change in temperature, recorded by the girder vibrating wire gages, experienced by 

the PCBT-53 as the composite deck was cast and cured can be seen in Figure 4-8.  Time zero 

corresponds to the beginning of the deck concrete pour.  It is evident that the top of the girder 

also experienced an increased temperature when the deck concrete was curing.  The maximum 

change in temperature achieved in the top of the beam during the deck curing process was 

approximately 12° Celsius and the temperature returned to the laboratory ambient temperature 

approximately eight days after casting of the deck. 
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Figure 4-8. PCBT-53 VWG temperature over time as composite deck is cast 

 

The change in strain, recorded by the girder vibrating wire gages, experienced by the 

PCBT-53 as the composite deck was cast and cured can be seen in Figure 4-9.  It is evident that 

the weight of the deck concrete caused compression in the top of the girder, as shown by the 

drop in strain, and induced tension in the bottom of the girder, as shown by the rise in strain.  

Following this change, the plot also shows that the top of the beam experienced a small amount 

of additional tension while the bottom of the beam experienced a small amount of additional 

compression.  This can be attributed to the top flange of the beam expanding from the hydration 

temperature effect.  The deck heated up the top flange of the beam causing it to expand (increase 

in strain) followed by a short cooling period (decrease in strain) during which the net difference 

before and after this phenomena is noted on the plot.  This net difference could be due to some 

strain or stress locked in the beam.  After the formwork was removed, the concrete was again 

allowed to contract. 
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Figure 4-9. PCBT-53 VWG strain over time as composite deck is cast 

 

4.2  Camber Monitoring 

The PCBT-53 girder was cast on October 24, 2006 in a single day at Bayshore Concrete.  

After the girder was subjected to an overnight steam cure and the formwork was stripped, the 

girder was lifted using the unique lifting devices for two reasons.  The first was to analyze the 

anchorage zones of the beam after lifting, which is outside the scope of this project and was part 

of the research done by Crispino (2007).  The second reason was to ensure that the lifting devices 

would work properly.  The first camber measurement of 0.67 in. was taken following this initial 

lift after the beam was set back into the casting bed.  No more camber measurements were taken 

between this time and when the beam was setup for the initial shear test.  The final measurement 

of the camber reflected a value of 1.25 in. and this was taken twice with the first time occurring 

nine days after the deck was cast and the next occurring 16 days after the deck was cast.  Both of 

these times the camber measurements were the same.  The final camber measurements were 

taken using a rotating laser level and a folding carpenters rule. 
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4.3  Prestress Losses 

Effective prestress was theoretically predicted and experimentally determined for the 

PCBT-53 girder.  Theoretical prestress losses were estimated according to the AASHTO LRFD 

Refined Method as previously discussed in Chapter 2.  Experimental measurements of prestress 

loss were obtained by vibrating wire gage strain readings, crack initiation analysis, and crack re-

opening analysis. 

4.3.1  Theoretical Predictions of Prestress Losses 

In the AASHTO Refined Method, individual components of prestress loss are calculated 

separately and the total prestress losses are then calculated by summing up the separate 

components.  This method takes into account time before a bridge deck is placed and also the 

losses occurring after such an event.  Composite action is also taken into account after the deck is 

placed because the deck concrete shrinks more and creeps less than the precast girder concrete, 

and thus, a prestress gain may occur.  Assumptions used during the calculation of prestress losses 

are discussed below. 

Theoretical losses were calculated in two different ways using the AASHTO Refined 

Method.  First, material properties were selected so that the process simulated design prestress 

loss calculations.  This means that the design material properties of the beam concrete, deck 

concrete, and prestressing strand were used.  The girder concrete was designed with initial and 

28-day compressive strengths of 5,500 psi and 8,000 psi, respectively.  For these design 

calculations, the modulus of elasticity was based on the compressive strength and the 

corresponding equation presented in the AASHTO LRFD Specifications.  In addition, the unit 

weight of the girder concrete was assumed to be 120 pcf.  The deck concrete was designed to 

have a 28-day compressive strength of 5,000 psi and a unit weight of 120 pcf.  The prestressing 

strand strength was based on a guaranteed ultimate tensile strength of 270 ksi, and the yield 

stress was taken as 90 percent of the ultimate strength.  The jacking stress was taken to be 75 

percent of the guaranteed ultimate strength, and the modulus of elasticity of the prestressing 

strands was assumed to be 28,500 ksi. 

Secondly, prestress losses were calculated using material properties based on test results 

from concrete cylinders and data from the prestressing strand manufacturer.  In these 

calculations, the girder concrete had initial and 28-day compressive strengths of 7,750 psi and 
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10,550 psi, respectively.  For these calculations, the modulus of elasticity was based on the 

measured modulus of elasticity from cylinder tests done at the Virginia Tech Structures and 

Materials Laboratory.  In addition, the unit weight of the girder concrete was measured to be 118 

pcf.  The deck concrete had a 28-day compressive strength of 7,600 psi and a unit weight of 124 

pcf.  The prestressing strand had an ultimate tensile strength of 284 ksi, and the yield stress was 

measured to be 259 ksi.  The modulus of elasticity of the prestressing strands was measured to be 

29,000 ksi.  The jacking stress was reported by Bayshore as 202.5 ksi (or 75 percent of the 270 

ksi design ultimate stress).   

The end of moist cure and transfer of prestress from the abutments to the girder are 

assumed to occur on the same day in prestress loss models.  The PCBT-53 girder was cast in a 

single day at Bayshore, and then the girder was subjected to an overnight steam cure.  The 

following day, the formwork was stripped and the strands were cut in conjunction with the end 

of the moist cure.  A detailed timeline for use in prestress loss calculations was presented in 

Chapter 3.  The concrete age when the moist cure ended was approximately 0.71 days and the 

concrete age at the time of transfer was approximately 0.83 days.  It is possible that one may 

include an additional time step for prestress loss calculations corresponding to the gap between 

the two events.  A small amount of shrinkage may have occurred between the end of the moist 

cure and prestress transfer.  Since the time gap was so small, this shrinkage was assumed to be 

negligible and thus only one time step was used to calculate time dependent creep and shrinkage 

losses before deck placement. 

Finally, prestress losses were calculated at mid span of the girder, incorporating the mid-

span moment due to the self-weight.  In addition, the vibrating wire gages were placed at mid-

span of the girder for an accurate experimental measurement of prestress loss. 

4.3.1.1  AASHTO LRFD Specification Recommendations 

As previously discussed in Chapter 2, losses are typically broken down into instantaneous 

and long term losses.  Instantaneous losses for the PCBT-53 were taken as elastic shortening 

losses and were calculated according to AASHTO Article 5.9.5.2.3a.  The girder’s long term 

losses from creep, shrinkage, and steel relaxation were calculated according to AASHTO Article 

5.9.5.4.  In this article, loss values are calculated at two times: between the time of transfer and 

deck placement, and again between the time of deck placement and the final time.  In this case, 

the final time was assumed to be the day that the initial shear test took place. 
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Elastic shortening of the member was estimated using AASHTO Equation 5.9.5.2.3a-1, 

which is shown below.   

cgp
ct

p
pES f

E
E

f =Δ  4.1

Where: 

ΔfpES = elastic shortening prestress losses (ksi) 

Ep = modulus of elasticity of prestressing steel (ksi) 

Ect = modulus of elasticity of concrete at transfer of prestress (ksi) 

fcgp = concrete stress at the center of gravity of the prestressing steel due to the 

         prestressing force and the dead load of the beam immediately after transfer (psi) 

 

Elastic shortening was also calculated using a transformed section analysis which 

converts the steel strand area to an equivalent girder concrete area.  This value was not used 

when calculating the final prestress losses because it was very close to that calculated using 

equation 4.1 shown above.  The AASHTO equation was used so that the calculated prestress 

losses were solely a code based approach. 

Creep and shrinkage were calculated according to equations shown in AASHTO Articles 

5.4.2.3.2 and 5.4.2.3.3, respectively.  The creep coefficient was estimated using the equation 

shown below.    
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Where: 

ψ(t,ti) = creep coefficient – the ratio of creep strain that exists at t days after casting 

             to the elastic strain caused when load is applied at time ti after casting 

kvs = factor for the effect of the volume-to-surface ratio 

kf = factor for the effect of concrete strength 
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khc = humidity factor for creep 

ktd = factor for time development 

ti = age of concrete when prestress is initially applied (days) 

V/S = volume-to-surface ratio (in.) 

H = relative humidity (%) 

f’ci = specified compressive strength of concrete at release of strands (ksi) 

t = maturity of the concrete – time under consideration for calculation (days) 

 

The shrinkage strain was found using the equation shown below. 
31048.0 −−= xkkkk tdfhsvsshε  4.7

in which: 

Hkhs 014.000.2 −=  4.8
Where: 

εsh = concrete shrinkage strain at a given time (in./in.) 

khs = humidity factor for shrinkage 

 

The relative humidity was found from AASHTO Figure 5.4.2.3.3-1 and was taken as 75 

percent when the beam was at Bayshore (the period from the initial time to the time of deck 

placement) and it was assumed to be 70 percent when the beam was in the Virginia Tech 

Structures and Materials laboratory (the period of time after deck placement).  The negative 

value in the shrinkage equation is there to simply show that shrinkage is in fact a negative 

change in volume; the calculated shrinkage value is not actually used as a negative number when 

summing the total amount of prestress loss.   

The AASHTO Refined Method was used estimate the prestress losses for both the design 

material properties and the actual material properties based on test results.  The results from each 

of these are shown in Table 4-6. 
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Table 4-6. AASHTO Refined Method of prestress loss prediction 

Time for 
Design Properties 

 (days) 

Losses using 
Design Properties 

(ksi) 

Time for 
Meas. Properties 

 (days) 

Losses using 
Measured 

Properties (ksi) 

Measured / 
Design 

0 fpj  203 0 fpj  203 1.00 
---- ∆fpES  19.8 ---- ∆fpES  18.4 0.92 
1 fpi  183 0.83 fpi  184 1.01 

---- ∆fpSR  4.92 ---- ∆fpSR  4.14 0.84 
---- ∆fpCR  13.7 ---- ∆fpCR  10.7 0.78 
---- ∆fpR1  1.23 ---- ∆fpR1  0.99 0.81 
77 fid  163 77 fid  168 1.03 
---- ∆fpSD  0.70 ---- ∆fpSD  0.47 0.67 
---- ∆fpCD  2.45 ---- ∆fpCD  1.75 0.71 
---- ∆fpR2  1.23 ---- ∆fpR2  0.99 0.81 
---- ∆fpSS  -0.56 ---- ∆fpSS  -0.63 1.12 
119 fpe  159 119 fpe  166 1.04 

    Average =  0.90 
    Std. Deviation = 0.15 

 

4.3.2  Experimentally Measured Prestress Losses  

Experimental measurements of prestress losses were acquired from vibrating wire gages 

monitoring the change in strain over time.  Additionally, prestress losses were measured with the 

crack initiation method which comes from basic mechanics of materials.   

4.3.2.1  Prestress Losses from Vibrating Wire Gage 

Vibrating wire gages were installed at mid-span of the girder prior to casting.  These 

gages were installed at the same level as the bottom layer of prestressing strands.  For data 

analysis, the strain values recorded must be corrected, according to Geokon, because the method 

of wire clamping used during manufacture shortens the vibrating wire causing it to over-register 

the strain.  The PCBT-53 strain data were multiplied by a batch factor of 0.96, specified by 

Geokon, to remove the effect of clamping from the readings.  Strain readings were recorded 

every minute during casting of the beam and every 15 minutes during casting of the composite 

deck.  Between these times, the data were recorded every 90 minutes.  Each vibrating wire gage 
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also contained a thermistor that measured the temperature of the concrete at each corresponding 

strain reading.  The manufacturer recommended a temperature correction factor for vibrating 

wire gage strain readings so that the reported strains were not measurements due to thermal 

expansion or contraction.  The strain values used for prestress loss calculations included this 

correction. 

The vibrating wire gage data were reduced using a method in which an assumption is 

made that the changes in strain before transfer can be ignored.  Thus, for practical purposes, the 

VWG strain readings were zeroed just before prestress transfer.  The stress in the prestressing 

strands just before transfer was reported by Bayshore as 75 percent of the 270 ksi design ultimate 

stress (31 kips each), or an overall jacking stress of 202.5 ksi.  Losses were calculated by 

multiplying the change in strain at the desired time by the modulus of elasticity of the 

prestressing strands.  The initial prestress, fpi, was found by subtracting the elastic shortening loss 

from the reported jacking stress.  The long term losses occurring before placement of the 

composite deck were subtracted from the initial prestress to calculate the effective prestress just 

prior to deck placement, fid.  Finally, the effective prestress, fpe, was calculated by subtracting all 

long term losses from the initial prestress.  The results of the vibrating wire gage prestress loss 

method are shown in Table 4-7.  An additional estimate of the effective prestress was calculated 

using the AASHTO estimate for steel relaxation as discussed in Chapter 2.  The value shown in 

Table 4-7 for the relaxation is a summation of both the steel relaxation before deck placement 

and the relaxation after the deck was cast.  This value cannot be interpreted from the vibrating 

wire gage data because it is not associated with a change in strain over time. 
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Table 4-7. VWG prestress losses 

Concrete Age VWG Losses (ksi) 

0 fpj  203 
---- ∆fpES  18.1 
0.83 fpi  184 
---- ∆fpid  5.82 
77 fid  179 
---- ∆fpe  -0.42 
119 fpe  179 

---- ∆fpR*  1.98 
119 fpe  177 

* AASHTO estimate for steel relaxation 
using the actual material properties. 

 

4.3.2.2  Prestress Losses from Crack Initiation 

The effective prestress in the PCBT-53 was also calculated using the crack initiation 

method.  This method comes from basic mechanics of materials and from the fact that an initial 

crack in the concrete indicated that the stress at that section had exceeded the concrete’s tensile 

strength.  To evaluate the effective prestress in this manner, the beam was loaded until the first 

true flexural crack crossed the bottom of the beam at the level of the vibrating wire gages.  The 

effective prestress in the strand could then be back calculated using the equation shown below. 
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Where: 

fpe = effective prestress (ksi) 

Aps = area of prestressing steel (in.2) 

An = net beam area (in.2) 

en = net beam strand eccentricity at section of interest (in.) 

yn = distance from net section centroid to place of strain measurements (in.) 
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In = net section moment of inertia (in.4) 

Mo = self-weight moment at section of interest (k-in.) 

ytb = distance from transformed beam centroid to place of strain measurements (in.) 

ytc = distance from transformed composite section centroid to place of strain 

        measurements (in.) 

Itb = transformed beam moment of inertia (in.4) 

Itc = transformed composite section moment of inertia (in.4) 

Mapp = maximum applied moment at crack initiation (k-in.) 

ft = tensile strength of concrete (ksi) 

 

The self-weight moment was taken as the moment from both the girder and the deck as it was 

applied to the beam only.  The applied moment was acting on the composite section and thus, it 

is evaluated using the transformed section properties from the girder and composite deck 

together.  It is also assumed that the effective prestress force was acting on the girder’s net 

section and not the composite section.  Finally, for crack initiation prestress loss calculations and 

the transformed section analysis all of the material properties used were the measured material 

properties. 

The initial flexural cracks were tracked using a DEMEC strain gage and gage points 

attached to the bottom bulb of the girder.  The stainless steel gage points were affixed to each 

side of the girder at the lowest level of prestressing strands, directly below the point of maximum 

moment created by the loading setup, so that five strain measurements could be taken.  These 

points were attached as shown previously in Figure 3-17.  Measurements of strain were taken at 

each loading increment.  The load was increased in 20 kip increments until the DEMEC plot of 

load vs. strain became nonlinear and the first visible flexural crack was detected.  Figure 4-10 

shows a plot of load vs. strain that was maintained for one side of the girder during testing.  The 

plot for the other side of the girder showed the same load vs. strain behavior.  Crack initiation 

was signaled when one or more of the five strain series displayed a nonlinear jump in strain.  

Figure 4-10 illustrates how the strain deviated at the cracking load of approximately 160 kips per 

actuator (an applied moment of 35,000 k-in.).  At this applied load, the first flexural cracks were 

visible to the naked eye and marked on the beam.  Prior to achieving this cracking load, crazing 

cracks appeared at the top of the bottom bulb.  This is interesting to note because typically 
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flexural cracks appear at the extreme tension fiber (taken as the very bottom edge of the beam).  

This phenomenon was not taken into account when calculating the effective prestress force using 

the crack initiation method. 
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Figure 4-10. Crack initiation plot of load vs. strain 

 

A plot of load vs. deflection can also help determine the initial flexural crack for the 

crack initiation method.  As the beam is initially loaded, the load vs. deflection plot is linearly 

elastic starting at zero and continuing until the cracking moment is reached.  Once the load 

approaches the cracking moment, the slope of the load vs. deflection plot begins to decrease and 

turn non-linear.  This phenomenon indicates cracking may be occurring in the extreme tensile 

fiber of the beam.  A plot of load vs. deflection for the initial test of the girder can be seen in 

Figure 4-11.  This plot indicates that Wire Pot 2 (under the point of maximum applied moment) 

deviates from the straight, elastic line around a load of approximately 200 kips per actuator (an 

applied moment of 43,700 k-in.).  This load is higher than that obtained using the DEMEC gage 

and helps to reinforce the fact that value of the prestress loss obtained using the crack initiation 

method is highly dependent on the cracking load. 
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Figure 4-11. Crack initiation load vs. deflection plot 

 

Results from crack initiation tests are shown in Table 4-8.  The applied cracking loads 

and moments shown were determined from both crack initiation plots and the plot of load vs. 

deflection for shear test #1.  The applied moment is the cracking moment resulting from the 

applied load as determined by basic statics.  The effective prestress is then back calculated using 

Equation 4.9 as previously discussed. 

 

Table 4-8. Crack initiation prestress losses 

Applied Load 
(kips) 

Applied Moment 
(k-in.) fpe (ksi) 

160 35,000 101 
200 43,700 131 

 

4.3.2.3  Prestress Losses from Crack Re-opening 

The effective prestress in the PCBT-53 was also calculated using the load at which the 

first flexure crack reopened.  This method is very similar to the crack initiation method in that 

the effective prestress is calculated using Equation 4.9.  However, for this calculation, the stress 

in the bottom of the section was assumed to be zero when the crack reopened.  Thus, the applied 
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moment in this calculation was the moment required to reopen the flexural crack, and the tensile 

strength of the concrete was taken as zero since the bottom of the section was already cracked.   

A plot of load vs. deflection can help determine the load at which the initial flexural 

crack reopened.  As the beam is again loaded, the load vs. deflection plot is linearly elastic 

starting at zero and continuing until the cracking moment is reached.  Once the load approaches 

the cracking moment, the slope of the load vs. deflection plot begins to decrease and turn non-

linear.  This phenomenon indicates that the initial crack is re-opening in the extreme tensile fiber 

of the beam.  A plot of load vs. deflection for the initial test of the girder (with the 300 kip 

capacity load cell removed) can be seen in Figure 4-12.  This plot indicates that Wire Pot 2 

(under the point of maximum applied moment) deviates from the straight, elastic line around a 

load of approximately 163 kips per actuator (an applied moment of 35,600 k-in.). 
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Figure 4-12. Crack re-opening load vs. deflection plot 

 

Results from crack re-opening tests are shown in Table 4-9.  The applied cracking load 

and moment shown were determined from the plot of load vs. deflection for shear test #1 (second 

loading stage with the 300 kip capacity load cell removed).  The applied moment is the cracking 
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moment resulting from the applied load as determined by basic statics.  The effective prestress is 

then back calculated using Equation 4.9 as previously discussed. 

 

Table 4-9. Crack re-opening prestress losses 

Applied Load (kips) Applied Moment (k-in.) fpe (ksi) 
165 35,600 160 

 

4.3.3  Comparison of Prestress Losses 

The vibrating wire gage method of estimating effective prestress was taken as the most 

accurate experimental method for comparisons.  This is mainly due to two facts; first, the jacking 

stress in the AASHTO Refined method was assumed to be 75 percent of the guaranteed ultimate 

strength and this is the jacking stress reported by Bayshore for use in the vibrating wire gage data 

reduction.  Secondly, the vibrating wire gages were only used to measure three types of losses: 

elastic shortening, long term losses prior to deck placement, and long term losses after deck 

placement.  Table 4-10 compares the prestress losses measured by the vibrating wire gage 

method to AASHTO predictions using both measured material properties and design material 

properties. 

 

Table 4-10. Comparison of vibrating wire gage and AASHTO prestress losses 

Losses VWG (ksi) 
Losses using 

Design Properties 
(ksi) 

Losses using 
Measured 

Properties (ksi) 

VWG / 
AASHTO 

Design 

VWG / 
AASHTO 

Meas. 
Avg. 

fpj  203 203 203 1.00 1.00 1.00 
∆fpES  18.1 19.9 18.4 0.91 0.99 0.95 

fpi  184 183 184 1.01 1.00 1.01 
∆fpid  5.82 18.7 14.9 0.31 0.39 0.35 
fid  179 164 169 1.09 1.06 1.07 
∆fpe  -0.42 2.58 1.59 0.16 0.26 0.21 
fpe  179 161 168 1.11 1.07 1.09 
∆fpR 1.98* 2.45 1.98 0.81 1.00 0.90 
fpe  177 159 166 1.11 1.07 1.09 

* AASHTO estimate for steel relaxation using the actual material properties  
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It is evident from Table 4-10 that the AASHTO estimate of prestress losses using the 

measured material properties was very close to that obtained using the vibrating wire gage data.  

The experimental results were 7 percent higher and 11 percent higher using the AASHTO 

Refined Method with measured material properties and design material properties, respectively.  

The experimental results do not include a separate measurement of the steel relaxation; this value 

was estimated for the vibrating wire gage prestress losses using the AASHTO refined method.  

This is because steel relaxation cannot be obtained from measurements of strain.  In general, the 

change in stress between each time period was greater in the theoretical predictions, and thus, the 

vibrating wire gage stress at a certain time was typically higher than that using the AASHTO 

methods. 

All experimental measurements of prestress loss are summarized and compared to 

theoretical predictions in Table 4-11.  In this comparison it can be noted that the AASHTO 

estimate using the measured material properties was 4 percent higher than the estimate using the 

design material properties.  The other comparisons between experimental and theoretical 

predictions of prestress loss shown in Table 4-11 are made using the AASHTO Refined estimate 

with measured material properties.  Each experimental value of effective prestress is presented as 

its ratio to the AASHTO value.  The effective prestress measured by the vibrating wire gage 

method correlated well with theoretical effective prestress values.  The crack initiation effective 

prestress was significantly less than the theoretical prediction, ranging from approximately 20 to 

40 percent lower.  This amount of difference between the values is significant yet unexplained. 

The crack re-opening effective prestress correlated very well with theoretical effective prestress 

values. 

 

Table 4-11. Summary of effective prestress 

 fpe,EXPERIMENTAL / fpe,AASHTO MEAS. 

 Crack Initiation Crack 
Re-opening 

 

AASHTO 
Design 
(ksi) 

AASHTO 
Measured 

(ksi) 

Meas. / 
Design VWG*

DEMEC L vs. D  L vs. D 
fpe 159 166 1.04 1.07 0.61 0.79 0.97 

* Using the AASHTO Estimate for steel relaxation    
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One possible explanation of the low crack initiation values deals with the fact that 

prestress losses predicted by the AASHTO Refined method and measured by the vibrating wire 

gage method did not account for any loss between placing of the girder concrete and prestress 

transfer.  Alternatively, effective prestress values measured by the crack initiation method 

include all possible sources of prestress loss, and are independent of the jacking stress.  Barr et 

al. (2005) present an explanation of prestress losses during this time using the temperature 

variations associated with concrete curing.  When the steam curing temperatures initially start to 

elevate, the temperature of the concrete and prestressing strand both increase (with an associated 

thermal expansion).  This is due to both the concrete chemical reaction and the high steam 

temperature.  The strands were initially stressed prior to concrete placement at normal 

temperatures; at elevated temperatures, the strands can not expand because their length is fixed 

between the abutments.  This leads to a loss in stress which cannot be recovered once the 

concrete bonds to the strand at elevated curing temperatures. 

A second explanation may be that some shrinkage occurred during the steam curing 

process.  This shrinkage may have occurred due to some imperfections in the curing process.  It 

is typically assumed that no shrinkage occurs during the steam curing process and that the 

precasting plant has good steam curing practices.  These theories may account for some of the 

difference, but in general, the effective prestress values reported by the crack initiation method 

are lower than expected and lower than those obtained from the vibrating wire gage data and 

from the crack re-opening analysis. 

4.4  Shear Strength Testing 

Both the web-shear strength and the flexure-shear strength of the PCBT-53 were 

theoretically predicted and experimentally determined in two separate tests.  Theoretical 

predictions were made using four different models where applicable: the AASHTO Standard 

Specifications (2002), the AASHTO LRFD Specifications (2006), a Strut-and-Tie model created 

using the AASHTO LRFD Specifications, and the Simplified Procedure proposed in NCHRP 

Report 549.  In addition, comparisons between critical web-shear cracks angles are made using 

the LRFD approach, a Mohr’s circle analysis, and the strut-and-tie model.  Experimental 

measurements of web-shear strength were obtained by testing the girder on its south end, and 

experimental measurements of flexure-shear strength were obtained by testing the girder on its 

north end. 
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The focus of the first tests on the beam was to collect data pertaining to the predicted 

web-shear strength of the girder.  These tests will be referred to from here on as shear test #1 or 

shear test #2 depending on the loading configuration.  During shear test #1, the girder was loaded 

with two point loads located 7.5 ft and 21.5 ft from the south end of the beam.  During shear test 

#2, the girder was loaded with two point loads located 7.5 ft and 10.5 ft from the south end of the 

beam.  The focus of the third and final test on the beam was to collect data pertaining to the 

predicted flexure-shear failure.  This test will be referred to from here on as the flexure-shear 

test.  During the flexure-shear test, the girder was loaded at a distance of 16 ft and 30 ft from the 

north end of the beam. 

Theoretical predictions of shear strength were done using both the measured material 

properties and the design material properties.  The differences between the two sets of properties 

are shown in Table 4-12. 

 

Table 4-12. Measured and design material properties 

Property Design Measured 
Beam f'c (psi) 8,000 10,550 
Deck f'c (psi) 5,000 7,600 

Beam Unit Weight (pcf) 120 118 
Deck Unit Weight (pcf) 120 124 

Beam Ec (ksi) 3,880 3,280 
Deck Ec (ksi) 3,067 2,860 

Strand Ep (ksi) 28,500 29,000 
Strand fpu (ksi) 270 284 
Strand fpy (ksi) 243 259 
Strand fpe (ksi) 159 177 

 

The measured concrete properties are those measured by Virginia Tech during cylinder 

tests, and the measured strand properties are those reported by the prestressing strand provider, 

American Spring Wire Corporation.  The measured effective prestress value corresponds to the 

data recorded by the vibrating wire gages from concrete placement to the time of the initial shear 

test; the design effective prestress value is from the LRFD prediction of prestress losses using the 

design material properties.  The vertical stirrup spacing was 7 in. at the middle of the shear span 
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for both the web-shear test and the flexure-shear test.  All theoretical calculations take into 

account the use of sand-lightweight concrete by using the correction factor λ = 0.85 where 

specified, and in all calculations the resistance factor, φ, was 1.0. 

4.4.1  Theoretical Shear Strength Predictions 

Theoretical predictions were estimated using four different models where applicable: the 

AASHTO Standard Specifications, the AASHTO LRFD Specifications, a Strut-and-Tie model 

created using the AASHTO LRFD Specifications, and the Simplified Procedure based on 

NCHRP Report 549.  The Strut-and-Tie model was not used to predict the flexure-shear strength 

because it looks specifically at a web crushing failure (which was expected in only the web-shear 

test).  Sample calculations for the web-shear strength predictions are shown in Appendix B.   

4.4.1.1  AASHTO Standard Method 

The AASHTO Standard Specifications 17th Edition (2002) specifies that the nominal 

shear strength, Vn, multiplied by a resistance factor, φ, must be greater than or equal to the 

factored shear force at the section in consideration, Vu.  The nominal shear strength is made up 

of both the shear strength provided by the concrete, Vc, and the shear strength provided by the 

shear reinforcement, Vs.  Within this, the concrete shear strength, Vc, is the lower of the flexure-

shear strength, Vci, and the web-shear strength, Vcw.  These equations were previously discussed 

in detail in Chapter 2. 

The shear capacities analyzed using this method were calculated at the center of the shear 

span (a/2), because that was the region of failure and initial web-shear cracks.  This region was 

outside of the transfer length for both the web-shear tests and the flexure-shear tests so the 

prestress force was not reduced in the calculation of Vcw.  The results for both the theoretical 

web-shear strength and the flexural-shear strength can be seen in Table 4-13. 
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Table 4-13. AASHTO Standard theoretical shear strength 

Test Vci Vcw Vs Vn 
Measured Properties (k) 

Web-Shear 560 320 280 600 
Flexure-Shear 264 324 286 550 

Design Properties (k) 
Web-Shear 501 283 264 547 

Flexure-Shear 236 286 270 506 
 

It can be seen in this table that the overall concrete shear strength was controlled by Vcw 

and Vci in the web-shear tests and the flexure-shear tests, respectively.  When design material 

properties were used to calculate the steel contribution to the shear strength, the AASHTO upper 

limit (as presented in Equation 2.4) controlled in both of the different tests. 

Figure 4-13, shows the AASHTO Standard shear strength (Vn) for the web-shear test 

along one half the length of the girder.  The theoretical predictions were based on measured 

material properties.  This plot also includes the applied shear over the length of the beam.  The 

applied shear value is based upon the load reached at failure during the web-shear test.  The 

researchers deemed the girder was close to a web-shear failure when a load of 353 kips per 

actuator was applied to the beam as discussed later in Section 4.4.2. 
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Figure 4-13. AASHTO Standard shear force diagram 

 

4.4.1.2  NCHRP Simplified Method 

The NCHRP Simplified Method was recommended by Hawkins and Kuchma (2007) and 

it presents an alternative shear design method similar to the AASHTO Standard Method using 

Vci and Vcw.  The simplified method very much resembles the AASHTO Standard Specifications 

in that the equations for the shear design of members includes modified Vci, Vcw, and Vs terms.  

This revised method was discussed in depth in Chapter 2, but Table 4-14 provides a summary of 

the differences between the Simplified Method equations and the AASHTO Standard equations. 
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Table 4-14. Comparison between Vci, Vcw, and Vs terms 

 AASHTO Standard NCHRP Simplified 
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The shear capacities analyzed using this method were again calculated at the center of the 

shear span (a/2), because that was the region of failure and initial web-shear cracks.  The results 

for both the theoretical web-shear strength and the flexural-shear strength can be seen in Table 

4-15. 

 

Table 4-15. NCHRP Simplified theoretical shear strength 

Test Vci Vcw Vs Vn 
Measured Properties (k) 

Web-Shear 561 268 346 614 
Flexure-Shear 265 271 354 618 

Design Properties (k) 
Web-Shear 502 239 504 738 

Flexure-Shear 237 240 286 523 
 

Much like the AASHTO Standard Method, it can be seen in Table 4-15 that the overall 

concrete shear strength was again controlled by Vcw and Vci in the web-shear tests and the 

flexure-shear tests, respectively.  The steel contribution to shear was calculated much differently 

in this method than in the AASHTO Standard method.  The NCHRP Simplified method takes 

into account the crack angle as previously discussed in Chapter 2.  For the shear strength 

calculations when measured material properties were used, this crack angle was assumed to be 

39 degrees for the web-shear tests and 45 degrees for the flexure-shear tests based on 

observation.  When design material properties were used to calculate the steel contribution to the 

shear strength, the crack angle was calculated using the equation discussed in Chapter 2.  For the 

web-shear strength calculations (Vci > Vcw), this resulted in the cot(θ) being controlled by the 
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upper limit of 1.8 and thus, the steel contribution to the shear strength was much higher for the 

design case.  In the flexure-shear strength calculations (Vcw > Vci), this resulted in a value of 

cot(θ) equal to 1.0. 

Figure 4-14 shows the NCHRP Simplified Method shear strength (Vn) for the web-shear 

test along one half the length of the girder.  The theoretical predictions were based on measured 

material properties.  This plot also includes the applied shear over the length of the beam.  The 

applied shear value is again based upon the load reached at failure during the web-shear test. 
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Figure 4-14. NCHRP Simplified method shear force diagram 

 

4.4.1.3  AASHTO LRFD Method 

The AASHTO LRFD Specifications 3rd Edition (2006) specifies that the nominal shear 

resistance, Vn, multiplied by a resistance factor, φ, must be greater than or equal to the factored 

shear force at the section in consideration, Vu.  The AASHTO LRFD procedure for calculating 

the nominal shear resistance is based on the modified compression field theory and is discussed 

in depth in Chapter 2.  This calculation process is very different than the procedure discussed for 

the AASHTO Standard Specifications due to the iterative nature of the method.  The results for 
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both the theoretical web-shear strength and the flexural-shear strength (using both the code based 

angle and the test based angle) can be seen in Table 4-16.  Additionally, this table shows the 

calculated maximum shear strength values for the region in consideration.  These values come 

from the use of Equation 2.7 previously discussed in Chapter 2. 

 

Table 4-16. LRFD theoretical shear strength 

Test θ (°) Vc Vs Vp Vn Vnmax  
Measured Properties (k) 

Code 32.5 74 430 20 523 
Web-Shear 

Test 39 95 338 20 453 
970 

Code 36.6 70 378 20 468 
Flexure-Shear 

Test 45 99 280 20 399 
992 

Design Properties (k) 
Code 33.3 61 411 18 490 

Web-Shear 
Test 39 75 334 18 427 

731 

Code 36.9 58 369 18 445 
Flexure-Shear 

Test 45 79 277 18 374 
747 

 

The AASHTO LRFD Specifications (2006) require calculation of the longitudinal strain 

on the tension side of the member, εx, when calculating the nominal shear strength.  Within the 

equation for longitudinal strain, the area of prestressing strand was reduced to an effective area 

based on the location of the critical section and the percent of strand fully developed at that 

location.  In both test setups, half of the shear span was located between the transfer length and 

the development length.  It was assumed that the strand stress varied linearly from the transfer 

length to the development length.  Further within the nominal shear strength calculations, the 

compression angle was estimated and iteration was required until both the predicted compression 

angle matched the tabulated angle and the nominal shear strength, Vn, was equal to the applied 

shear, Vu.  When these values were equal, the shear strength at the section of interest was 

obtained.  Example calculations using the AASHTO LRFD Specifications can be seen in 

Appendix B. 

The LRFD Method was applied in two different ways taking into account the crack that 

formed during testing and using the crack predicted by the LRFD code; the difference in the two 

angles was shown in Table 4-16.  In the first method, the compression angle was estimated and 
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than iterated upon (in conjunction with the applied shear) until the shear strength of the section 

was reached.  This involved determining both θ and β from AASHTO Table 5.8.3.4.2-1.  The 

second method took into account the critical crack angle that formed during testing of the girder.  

This angle was held constant and the applied shear was iterated upon until the overall shear 

strength of the section was found.  This involved only determining β from AASHTO Table 

5.8.3.4.2-1.  Sample calculations of both methods are again shown in Appendix B.  Calculations 

for a longitudinal reinforcement check were also done using the AASHTO LRFD Specifications 

to predict if strand slip would control during web-shear testing.  Results from this check revealed 

that strand slip would not control during testing, and experimental results (shown in Section 

4.4.2.1 of this thesis) confirmed this prediction. 

4.4.1.4  Strut-and-Tie Model 

A basic strut-and-tie model (STM) was utilized to determine the ultimate strength of the 

girder when tested in the final web-shear configuration only.  This STM was used to analyze and 

also predict at what load the applied stress exceeded the available concrete stress in a 

compression strut that formed in the shear span.  During shear test #2, the researchers believe 

that the girder came close to reaching the ultimate shear failure desired because there was clear 

evidence of concrete spalling in the web of the PCBT-53.  This phenomenon occurred at the top 

of the bottom bulb (13.5 in. from the bottom of the beam) and approximately 2.5 ft from the end 

of the girder as shown in Figure 4-15. 

 



 

 105

 
Figure 4-15. Indication of web-shear failure 

 

Using this STM, the allowable stress in the web at that location was calculated using 

AASHTO Article 5.6.3.3.3 and compared to the applied stress at failure.  For these calculations, 

the failure load, and hence the failure stress, do not include the self-weight of the composite 

system.  Furthermore, the forces from the draped strands, which deviate at an angle from the 

harping point to the end of the beam, are not included in the analysis. 

The strut-and-tie model, created using AASHTO Article 5.6.3, consisted of proportioning 

two different node regions.  The first node was a compression-compression-tension (CCT) node 

at the end of a strut anchored by the support bearing area and the reinforcement as shown in 

Figure 4-16.   
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Figure 4-16. Strut anchored by bearing and reinforcement (CCT node) 

 

This node was purely based upon existing geometry.  The bearing width, prestressing strand 

spacing, and strand diameter were already known.  The angle θs can be found from geometry by 

connecting this node to node at the point of load application.   

 The second node in this STM was a compression-compression-compression (CCC) node 

at the end of a strut anchored by a bearing area and another strut.  This node can be seen in 

Figure 4-17 and is determined both by physical geometry of the beam and by the forces acting on 

the beam. 
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Figure 4-17. Strut anchored by bearing and strut (CCC node) 

 

The final strut-and-tie model dimensions can be determined by summing moments about 

the CCT node as shown in Figure 4-18.  Summing moments in this manner eliminates the need 

to find the prestressing strand force which is a function of the effective prestress.  Additionally, 

the reaction has a moment arm of zero so the only forces included are the applied load and the 
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compressive force from the CCC node.  Thus, the height of the top compression strut, hs, can be 

found by limiting the compressive stress in the CCC node region to 0.85(f’c) which is specified 

in AASHTO Article 5.6.3.5.  Once the compression strut height is known, the angle at which the 

strut is orientated, θs, can be derived from geometry.   

 

6.5' R = 1.746P
for 3' load spacing

h

jd = h-h  /2-h  /2

T=A   *f

0.85*f' *(b)*h

P

h  = 9.25"6.25"
3"

s
c s

a
ps pe

sa

θs

 
Figure 4-18. Strut-and-Tie model dimensions 

 

Finally, using the angle, θs, the shear at the section of interest is transformed to be in line 

with the strut and the applied stress can be calculated using the equation shown below. 

 

sw

sapp
app ww

V
f

)sin(/ θ
=  4.10

Where: 

fapp = applied stress in the compression strut at section of interest (ksi) 

Vapp = shear from applied loads at section of interest (kip) 

θs = orientation angle of the compressive strut with respect to the bottom of the girder (°) 

ww = width of the web (in.)  

ws = width of the compression strut taken perpendicular to the angle θs (in.) 

 

This calculation was done at the location where web spalling was evident during shear test #2.  

This location, at the top of the bottom bulb (13.5 in. from the bottom of the beam) and 
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approximately 2.5 ft from the end of the girder, is most likely where the web would have crushed 

if more load could have been applied (evidence of spalling was previously shown in Figure 

4-15). 

The point at which the concrete in the web would have crushed is taken as the limiting 

compressive stress in the strut.  This value is determined using AASHTO Equation 5.6.3.3.3-1 as 

shown below.   

 

c
c

cu f
f

f '85.0
1708.0
'

1

≤
+

=
ε

 4.11

in which: 

( ) sss αεεε 2
1 cot002.0++=  4.12

Where: 

fcu = limiting compressive stress of concrete (ksi) 

f’c = specified compressive strength (ksi) 

ε1 = principle tensile strain in cracked concrete due to loads (in./in.) 

εs = tensile strain in the concrete in the direction of the tension tie (in./in.) 

αs = the smallest angle between the compressive strut and the adjoining tension tie (°) 

  

The angle between the compressive strut and the tension tie was taken to be equal to θs because 

they are the same value in this case.  Additionally, according AASHTO Article C5.6.3.3.3 for a 

tension tie consisting of prestressing strands, εs may be taken as 0.0 until the precompression of 

the strut is overcome which simplifies Equation 4.12 to 0.002cot2αs.  This article also states that 

the limiting stress for regions not crossed by or joined by tension ties is taken as 0.85(f’c) which 

is the upper limit shown in Equation 4.11. 

The results of the strut-and-tie model for the specified location and load at which the 

testing stopped can be seen in Table 4-17.  These results present both the load at which the 

compression strut was predicted to crush and also the load at which the applied stress is equal to 

the ultimate stress.  Sample calculations for the strut-and-tie method are presented in Appendix 

B. 
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Table 4-17. Applied stress and ultimate stress of compression strut 

Load per 
Actuator (k) 

Applied Shear 
at Angle θs (k) hs (in.) θs (°) Strut Width 

Normal to θs (in.) 
fapp 
(ksi) 

fcu 
(ksi) fapp / fcu  

353 967 0.62 39.6 14.2 9.7 8.1 1.20 
295 808 0.62 39.6 14.2 8.1 8.1 1.00 

 

4.4.2  Experimental Shear Test Results 

Experimental measurements of web-shear strength were obtained by testing the girder on 

the south end of the beam, and experimental measurements of flexure-shear strength were 

obtained by testing the girder on the north end of the beam. 

4.4.2.1  Web-Shear Testing 

During the web-shear test, the girder was loaded at three different stages.  The first stage 

(referred to as shear test #1) consisted of two separate loading configurations.  Load was applied 

with both of the load cells in place and then with one of the load cells removed.  The second 

stage (referred to as the re-calibrated shear test) of loading took place after the load cells had 

been re-calibrated.  During this re-calibrated test, the 300 kip capacity load cell was not used but 

the loading configuration was left the same as shear test #1.  Finally, the girder was re-loaded for 

the third stage of testing (referred to as shear test #2) after the support conditions had been 

changed to create a higher support reaction (higher applied shear) and load was applied until the 

girder reached what the researchers believe was close to an ultimate web-shear failure. 

The testing instrumentation setup for both the initial shear test and the following shear 

test after the load cells were re-calibrated is shown in Figure 4-19.  Note the location of the wire 

pots, load cells, and strain gages because the accompanying plots are labeled in the same fashion. 
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Figure 4-19. Shear test #1 instrumentation labels 

 

During this initial test, the load was increased in 20 kip increments.  The first cracks were 

noticed at approximately 80 to 85 kips per actuator (support reaction of 170 to 178 kips) and 

these consisted of some crazing cracks at the top of the bulb under Load 2.  These cracks did not 

cross the DEMEC region and thus were not visible on the plot.  The first true flexural crack 

crossed the bottom of the bulb at approximately 160 kips per actuator (support reaction of 280 to 

296 kips), and this is when the plot of load vs. DEMEC strain became nonlinear.   

The first web shear crack, shown in Figure 4-20 with the corresponding crack angle, in 

the PCBT-53 occurred around 180 kips per actuator which is equivalent to a support reaction of 

327 kips.  These first shear cracks formed at an angle of approximately 39 degrees running from 

the support towards the first loading point.  Just beyond this load (at a support reaction of 350 

kips), the beginning of non-linear behavior can be seen.  Figure 4-21 shows the non-linear 

behavior as the load was increased until the 300 kip capacity load cell was removed from the 

system.  Unloading of the girder was a fast process because of the hydraulic pressure built up 

inside the actuators.  During this unloading process, illustrated in Figure 4-21, the researchers 

had limited control of how fast the load was removed; hence, the plateau at a support reaction of 

140 kips in Figure 4-21.  This event is typical for all of the different tests and times of loading 

with differences in the load remaining after the hydraulic fluid recovered.  It is important to note 

that all of the plots of support reaction vs. deflection throughout the study contain a calculated 

support reaction based on the two applied actuator loads and the self-weight of the composite 

member 
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Figure 4-20. Initial web shear cracks (noted loads are per each actuator) 
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Figure 4-21. Shear test #1 initial loading displacements 

 

Figure 4-22 shows the support reaction vs. displacement during the second loading of the 

beam which occurred after the 300 kip load cell was removed.  The plot again shows non-linear 

behavior when the support reaction reaches approximately 300 kips.  This load is lower than the 
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first time the beam was loaded, since the concrete was previously cracked.  The first flexure-

shear crack did not propagate toward Load 2 until a support reaction of 437 kips.  At this point, 

additional flexure-shear cracks opened until the test was stopped at a load of approximately 290 

kips per actuator (support reaction of approximately 500 kips) for the re-calibration of the load 

cells with a different universal testing machine as previously mentioned. 
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Figure 4-22. Shear test #1 displacements after removing 300k load cell 

 

The maximum deflection achieved was approximately 2.8 in., as seen in Figure 4-22, 

which was measured at the point of maximum moment under the load applied at 21.5 ft from the 

end of the beam.  During this initial shear test, no strand slip was noticed from visual inspection 

or from the recorded data.  A typical plot for load vs. strand slip is shown in Figure 4-23; all tests 

exhibited the same type of behavior. 
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Figure 4-23. Typical plot documenting no strand slip 

 

The maximum compressive strain achieved during this test was approximately 1,300 με.  

This strain was recorded on the top of the deck under the point load located 21.5 ft from the end 

of the beam.  Figure 4-24 shows the measured strains at the load point 21.5 ft from the end of the 

beam, and it also illustrates that the maximum strain was recorded at an applied moment of 

approximately 5,800 k-ft.  Figure 4-25 shows the remaining strain gage values during this test 

that were under the load located at 7.5 ft from the end of the beam.  Figure 4-24 and Figure 4-25 

show clear evidence of a shear lag effect, and this was present for each test performed on the 

girder.  The shear lag effect is explained in part by Saint-Venant’s principle, or the fact that 

elements in the close vicinity of the load are subjected to large stresses while other elements near 

the edges of the member are less affected by the applied load.  In this case, the strain gages that 

were closer to the web of the PCBT-53 recorded a higher strain than those located at the outer 

edge of the composite deck.  It is important to note that all of the plots of moment vs. strain 

throughout the study contain a calculated moment (at point of maximum applied moment) and 

support reaction based on the two applied actuator loads and the self-weight of the composite 

member. 
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Figure 4-24. Shear test #1 deck strains under the load at 21.5 ft from end of girder 
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Figure 4-25. Shear test #1 deck strains under the load at 7.5 ft from end of girder 
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During the re-calibrated test, load was applied continuously until 290 kips was reached 

on each actuator (achieving a support reaction of 500 kips), after which load was applied in 10 

kip increments and new cracks were marked.  Crack widths were measured during re-loading of 

the beam.  At approximately 290 kips per actuator, or a support reaction of 500 kips, the shear 

cracks under the loading point closest to the support were measured to be approximately 0.010 

in. wide, and a flexure-shear crack under the second point of loading was measured to be 0.025 

in. wide.  The first flexural cracks propagated roughly 1.5 in. into the deck at approximately 310 

kips per actuator (530 kips support reaction).  At this point, horizontal cracks were also forming 

parallel to the strand near the point of maximum moment. 

A plot of support reaction vs. deflection for this re-calibrated shear test is shown in 

Figure 4-26.  Plastic hinging in the PCBT-53 was evident from the deflection of the beam during 

testing and from the plot of support reaction vs. deflection plot (Figure 4-26) when the load is not 

increasing but the deflection is still increasing.  This plastic moment and hinging were beginning 

to initiate around 330 kips per actuator (560 kip support reaction).  A maximum deflection of 

approximately 4.5 in. was achieved during this test.  Again, no strand slip was noticed from 

visual inspection or from the recorded data. 
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Figure 4-26. Re-calibrated shear test displacements 

 

The maximum compressive strain achieved during this test was approximately 2,700 με.  

This strain was recorded under the point load located at 21.5 ft from the end of the beam.  Figure 

4-27, a plot of moment vs. strain at the load point 21.5 ft. from the end of the girder, shows a 

maximum recorded moment of approximately 6,500 k-ft.  Figure 4-28 shows the deck strain 

under the actuator located at 7.5 ft from the end of the beam.  Again, in both plots there is 

evidence of the shear lag effect. 
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Figure 4-27. Re-calibrated shear test deck strains under the load 21.5 ft from girder end 
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Figure 4-28. Re-calibrated shear test deck strains under the load 7.5 ft from girder end 
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The focus of the second shear test on the beam was the same as the first, to collect data 

pertaining to the predicted web shear failure, but the loading configuration was altered to induce 

higher support reactions.  The testing instrumentation setup for the second shear test is shown in 

Figure 4-29.  Note the location of the wire pots, load cells, and strain gages because the plots 

shown are labeled the same way. 
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Figure 4-29. Shear test #2 instrumentation labels 

 

This test was started with a continuously applied load until 170 kips was reached on each 

actuator (support reaction of approximately 342 kips), after which, load was applied in 20 kip 

increments and new cracks were marked.  After the load per actuator reached 250 kips, or a 

support reaction of 481 kips, the load was increased directly to 290 kips (support reaction of 551 

kips) and then in 20 kip increments until 330 kips per actuator was achieved, or a support 

reaction of 621 kips.  Beyond 330 kips, the load was increased at 10 kip increments until an 

ultimate load of 353 kips per actuator (support reaction of approximately 661 kips) was reached.   

Additional web shear cracks began to form when a load of approximately 170 kips per 

actuator (support reaction of 340 kips) was applied.  The cracks were near the point of maximum 

moment, or the applied load at 10.5 ft from the end of the beam.  New horizontal cracks parallel 

with the strand formed when the load per actuator reached 250 kips (support reaction of 480 

kips).  New flexural cracks and web cracks formed and extended as more load was applied.  

Eventually, the ultimate strength of the steel loading frame bolted connections was reached, and 

the testing was stopped. 
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The maximum load reached during this test was 353 kips per actuator or a support 

reaction of 661 kips, and at this point some flaking of concrete in the web of the girder was 

noticed.  This flaking in the web was located between load 1 and support 1.  This type of 

cracking indicates an imminent web crushing failure and the researchers believe this form of 

total failure would have occurred if an additional 5 to 10 kips could have been applied to the 

girder.  Figure 4-30 illustrates the initial signs of web shear failure in the beam where the 

concrete was starting to crush. 

 

 
Figure 4-30. Indication of web shear failure 

 

The maximum deflection achieved was approximately 2.6 in. which was measured at 

midspan of the 63 ft simply supported span.  This deflection was achieved when the maximum 

load of 353 kips per actuator (support reaction of 660 kip) was applied.  Figure 4-31 illustrates 

when the maximum deflection was recorded.  It is interesting to note from the same figure that 

from the initiation of loading the plot was non-linear.  No strand slip was noticed from visual 

inspection or from the data recorded. 
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Figure 4-31. Shear test #2 displacements 

 

The maximum compressive strain achieved during shear test #2 was approximately 700 

με.  This strain was recorded under the point load located at 7.5 ft from the end of the beam.  

Figure 4-32, a plot of moment vs. strain at 7.5 ft from the end of the beam, shows that the 

maximum recorded moment was approximately 5100 k-ft.  This plot also shows evidence of the 

typical shear lag effect.  Figure 4-33 shows the deck compressive strains at 21.5 ft from the end 

of the girder.  Due to movement of the second load point to 10.5 ft from the end of the girder, no 

strain measurements were made at the location of maximum applied moment. 
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Figure 4-32. Shear test #2 deck strains at 7.5 ft from girder end 
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Figure 4-33. Shear test #2 deck strains at 21.5 ft from girder end 
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4.4.2.2  Experimental Flexure-Shear Test Results 

During the flexure-shear test, the girder was loaded at three different stages.  The first 

stage (referred to as flexure-shear test #1) had both of the load cells in place and load was 

applied until the 300 kip load cell reached capacity.  The load cell was then removed and the 

second loading stage of the beam took place.  This second stage is not specifically discussed in 

this study because the support conditions were not deemed safe.  Finally, the girder was re-

loaded for the third stage of testing (referred to as flexure-shear test #2) after the support 

conditions had been fixed and load was applied until the girder reached a state of ultimate failure 

and could no longer be tested. 

The testing instrumentation setup for both of the flexure-shear tests is shown in Figure 

4-34.  Note the location of the wire pots, load cells, and strain gages because the plots shown are 

labeled the same way.  The wire pot located on the steel support (support 2) is not shown 
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Figure 4-34. Flexure-shear test instrumentation labels 

 

The initial flexure-shear testing stage took place with a constant loading until 140 kips 

per actuator was reached (support reaction of 217 kips).  The first new flexural crack was then 

detected under the load located 30 ft from the end of the beam.  The first new web shear crack 

appeared under the loading point at 16 ft from the end of the beam when the load in each 

actuator reached 155 kips or a support reaction of 236 kips.  In addition, a new flexural crack 

appeared under Load 2 at the same applied load.  The first flexure-shear crack formed when a 
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flexural crack turned toward the loading point located at 30 ft from the end of the beam, and this 

occurred at a load of 180 kips per actuator (support reaction of 268 kips).   

A horizontal bottom flange splitting of the concrete, as shown in Figure 4-35, occurred 

between the center line of the beam and support 1 when the load per actuator reached 220 kips 

(support reaction of approximately 318 kips).  At this point, the region of the beam being tested 

also had a horizontal crack form in the bottom bulb of the girder between load 1 and load 2.  The 

loading was increased and new flexure-shear cracks formed, along with more horizontal cracks, 

until the actuator located 30 ft from the end of the beam ran out of stroke at a load of 

approximately 290 kips per actuator (support reaction of 406 kips).  At this point, there were 

wide flexure-shear cracks and horizontal bottom flange splitting cracks between the loading 

point located at 30 ft from the end of the beam and support 1 

 

 
Figure 4-35. Horizontal bottom flange splitting failure 

 

The maximum deflection achieved was approximately 10.5 in. which was measured at 

the center line of the 65 ft beam.  This deflection was achieved when the maximum load of 290 

kips per actuator (support reaction of 406 kips) was applied, and this pushed the wire pots to the 

extent of their stroke.  The plot of support reaction vs. displacement, as seen in Figure 4-36, 

shows the measured displacements.  Figure 4-36 also shows that the support reaction vs. 
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displacement plot begins to look non-linear at a support reaction of approximately 200 kips.  No 

strand slip was noticed from visual inspection or from the data collected. 
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Figure 4-36. Flexure-shear test #1 displacements 

 

The maximum compressive strain achieved during this test was approximately 3,400 με.  

This strain was recorded under the point load located at 30 ft from the end of the beam.  A plot of 

maximum moment vs. strain at Load 1, as seen in Figure 4-37, shows that this strain was present 

under an applied moment of approximately 7,000 k-ft.  It can be noted that this value exceeds the 

typically assumed design failure strain of concrete in compression of 0.003 in./in.  Finally, 

Figure 4-38 shows the moment vs. strain data for the remaining four strain gages in this setup 

located 16 ft from the end of the beam under Load 2.  As with previous tests, the shear lag effect 

is visible in both plots. 
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Figure 4-37. Flexure-shear test #1 deck strains under the load 30 ft from girder end 
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Figure 4-38. Flexure-shear test #1 deck strains under load 16 ft from girder end 
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The PCBT-53 was unloaded after the actuator ran out of stroke and then re-loaded in 

stage two of the flexure-shear testing with more steel plates between the simulated tire patch and 

the actuator.  This allowed for roughly 3-4 in. of additional stroke.  The girder was again loaded 

directly to 220 kips per actuator.  This is the second stage of the flexure-shear test from which 

the data is not reported because at this point, and continuing through the maximum load reached 

during this test of approximately 260 kips per actuator, the researchers noticed the roller support 

(support 1) in the pin-and-roller support system moving too far.  The roller was deemed unsafe 

because it was close to rolling off the edge of the steel plate.  This test was stopped at 260 kips 

per actuator so that the researchers could lift the girder with small hydraulic pumps and re-adjust 

the roller support system.  After the roller was fixed, flexure-shear test #2 commenced. 

The final flexure-shear test (third overall stage referred to as flexure-shear test #2) took 

place with a constant loading until 150 kips per actuator was reached.  At this applied load, the 

adjusted roller and pin support conditions looked good upon inspection.  The girder was then 

loaded continuously until 260 kips per actuator was reached.  From this point, the girder was 

loaded in 10 kip increments until the final load of 303 kips per actuator was reached.  The 

ultimate failure of the PCBT-53 was initiated with top flange crushing, and an extremely fast and 

sudden failure commenced.  The web of the girder blew out, the bottom flange dropped off of the 

girder, and a compression strut formed in the web of the girder.  During the abrupt failure, a 

single leg of one double leg vertical shear stirrup was also ruptured.  The failure occurred very 

close to midspan of the girder, between midspan of the girder and the loading point 30 ft from 

the end of the beam.   Figure 4-39 shows the girder after failure; the compression strut is visible 

to the left of the load frame.  Figure 4-40 illustrates the crushing that occurred in the top of the 

composite system. 
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Figure 4-39. Ultimate failure of the PCBT-53 

 

 
Figure 4-40. Crushing in the top of the deck 

 

The maximum deflection achieved during this test, as shown in Figure 4-41, was 

approximately 9.5 in.  This value was measured at the center line of the 65 ft girder.  This 

deflection was achieved when a maximum support reaction of 415 kips was applied.  This load 

also pushed the wire pots to the extent of their stroke.  Again, no significant amount of strand 

slip was noticed from visual inspection or from the data recorded. 
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Figure 4-41. Flexure-shear test #2 displacements 

 

The maximum compressive strain achieved during this test was approximately 3,500 με.  

This strain was recorded under the point load located at 30 ft from the end of the beam.  A plot of 

maximum moment vs. strain, as seen in Figure 4-42, shows that this strain was present under an 

applied moment of approximately 7,100 k-ft.  It can be noted that this value exceeds the assumed 

design failure strain of concrete in compression of 0.003 in./in., but at this recorded value the top 

of the concrete deck did crush.  Figure 4-43 shows a plot of the maximum moment vs. strain in 

the composite deck from the gages located at 16 ft from the end of the girder. 
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Figure 4-42. Flexure-shear test #2 deck strains under the load 30 ft from girder end 

 

0

1,000

2,000

3,000

4,000

5,000

6,000

7,000

8,000

-4,000 -3,500 -3,000 -2,500 -2,000 -1,500 -1,000 -500 0

Deck Compressive Strains (με)

M
ax

 M
om

en
t (

k-
ft)

9

73

137

201

265

329

393

457

Su
pp

or
t R

ea
ct

io
n 

(k
)

SG5 SG6 SG7 SG8

SG8
SG5SG6

SG7

SG 8
SG 7

SG 6
SG 5

 
Figure 4-43. Flexure-shear test #2 deck strains under the load 16 ft from girder end 
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4.4.3  Crack Angle Comparison and Discussion 

The initial web-shear cracks were physically measured during shear test #1 and the 

predicted crack angles were calculated using the AASHTO LRFD Specifications, the strut-and-

tie model used to predict the web-crushing failure, and Mohr’s circle.  As previously discussed in 

Chapter 2, this inclined crack is a diagonal crack perpendicular to the principle tensile stress 

direction as shown in Figure 2-1.  The AASHTO LRFD angle was taken as that used in 

calculating the shear strength of the section with AASHTO Table 5.8.3.4.2-1.  The shear strength 

at the section of interest was calculated in two different ways using both the design material 

properties and the measured material properties.  Thus, a crack angle is predicted from each set 

of calculations. 

The strut-and-tie model used was primarily based on the geometry of the test setup and 

the girder itself because it was used for analysis of the total section strength and not for design of 

the beam.  The initial web-shear crack is assumed to form along the compression strut that was 

used to predict the web crushing failure.  This strut angle, θs, was calculated using geometry after 

the height of the top compression strut, hs, was found by limiting the compressive stress in the 

CCC node region as previously discussed. 

Finally, Mohr’s circle was also used to predict the initial web-shear cracking angle.  In 

this approach, the principle stresses and the orientation of the principle planes were found from 

the loading configuration used for shear test #1.  The initial web-shear crack angle was predicted 

by setting the maximum principle stress equal to the maximum allowable stress according to the 

model proposed by Kupfer and Gerstle (1973).  The maximum allowable stress in their model is 

a function of the minimum principle stress, the measured tensile strength of the concrete, and the 

compressive strength of the concrete.  Sample calculations for this method can be seen in 

Appendix C.  Table 4-18, shown, provides a comparison of the experimental and predicted 

cracking angles. 
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Table 4-18. Web-shear crack angle comparisons 

Type of Angle Crack θ (deg) Exp. / Pred. 

Experimental 39 1.00 
LRFD (measured props.) 32.5 1.20 

LRFD (design props.) 33.3 1.17 
STM 39.6 0.98 

Mohr's circle 37.2 1.05 
 

From Table 4-18 it can be seen that the strut-and-tie model most accurately predicted the 

web-shear crack angle.  This was to be expected because it was largely dependent on the test 

setup geometry.  The strut-and-tie model predicted a crack angle of 39.6 degrees which had an 

experimental-to-predicted ratio of 0.98.  Additionally, an analysis done using Mohr’s circle 

predicted the cracking angle with an experimental-to-predicted ratio of 1.05.  The LRFD shear 

strength method under predicted the angle using both the measured concrete properties and the 

design material properties.  The average experimental-to-predicted ratio for the LRFD method 

was 1.19.  These results from the LRFD method are overly conservative.  The results also agree 

with statements made by McGowan (2007) stating that the LRFD provisions predicted crack 

angles too slight for PCBT girders. 

4.4.4  Shear Model Comparisons and Discussion 

There were four different methods used to calculate the shear strength of the girder for 

each test: the AASHTO Standard Specifications (2002), the AASHTO LRFD Specifications 

(2006), a Strut-and-Tie model created using the AASHTO LRFD Specifications, and the 

Simplified Procedure based on NCHRP Report 549.  All load and resistance factors were taken 

as one for the calculations.  The shear capacities for each test (web-shear and flexure-shear), 

using all of the applicable methods, were calculated at half of the shear span for the 

corresponding test.  In the web-shear test, this location is very close to that where the girder was 

expected to fail.  In the flexure-shear test, it is important to note that the girder did not fail at this 

location because it failed prematurely close to the centerline of the girder.  If this premature 

failure had not occurred, additional load could have been applied to fail the girder in shear at the 

desired location.  Additionally, the shear strength calculations for the flexure-shear test were 
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done with a crack angle of 45 degrees as previously mentioned.  The crack with this critical 

angle was located between the middle of the shear span and the load point 16 ft from the end of 

the girder.  Calculations were still done at half of the shear span for consistency. 

Again, the ultimate strength of the girder was estimated using both the measured material 

properties and the design material properties.  Table 4-19 summarizes the shear strength for each 

test and corresponding section using the measured material properties by presenting a ratio of 

experimental to theoretical. 

 

Table 4-19. Shear strength results using measured material properties 

Test Exp. / 
Standard 

Exp. / 
NCHRP

Exp. / 
LRFD1 

Exp. / 
LRFD2 

Exp. / 
STM 

Web-Shear 1.09 1.07 1.25 1.45 1.18 
Flexure-Shear* 0.75 0.67 0.88 1.03 ---- 
* Flexural strength was exceeded during this test. 
1 Using LRFD θ     
2 Using measured θ     

 

Further investigating the web-shear strength values in Table 4-19, it can be seen that both 

the AASHTO Standard Method and the NCHRP Simplified Method provided good results, with 

strength values 7 and 9 percent conservative, respectively.  The LRFD Specification provided 

results that were 25 percent conservative when using the LRFD tabulated crack angle, and 45 

percent conservative when using the crack angle measured during testing.  Finally, the strut-and-

tie model provided an overall web-shear strength prediction that was 18 percent conservative.   

 The strength values for the flexure-shear test, also shown above in Table 4-19, are almost 

all unconservative when compared to the applied load at failure.  The values shown are almost 

all unconservative because the girder did not fail at the critical location for these calculations.  

The failure occurred prematurely near the center line of the girder because the flexural strength 

of the PCBT-53 was exceeded at the location of maximum applied moment.  This resulted in the 

ultimate failure previously discussed and thus, a comparison of the flexure-shear strength to 

theoretical predictions is not practical.  The only possible conclusions that can be drawn from the 

flexure-shear strength values was the fact that the LRFD shear strength calculated when using 

the crack angle measured during testing was still 3 percent conservative in this case. 
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The shear strength of each section was also calculated using the design material 

properties.  Table 4-20 presents a ratio of experimental to theoretical shear strength for each test 

and corresponding section using the design material properties. 

 

Table 4-20. Shear strength results using design material properties 

Test 
Exp. / 

Standard 
Exp. / 

NCHRP 
Exp. / 

LRFD1 
Exp. / 

LRFD2 
Web-Shear 1.20 0.89 1.34 1.54 

Flexure-Shear* 0.81 0.79 0.92 1.10 
* Flexural strength was exceeded during this test. 
1 Using LRFD θ    
2 Using measured θ    

 

Further investigating the web-shear strength values in Table 4-20, it can be seen that 

again the AASHTO Standard Method provided good results, with strength values 20 percent 

conservative.  The LRFD Specification provided results that were 34 percent conservative when 

using the LRFD tabulated crack angle, and 54 percent conservative when using the crack angle 

measured during testing.  Additionally, the flexure-shear strength values exhibited the same 

tendency as previously discussed because the girder failed in flexure before the shear strength of 

the section was reached.   

It is interesting to note that the web-shear strength value for the NCHRP Simplified 

method is unconservative to some extent.  This is due to the fact that the steel contribution to 

shear strength was calculated using the recommended equation (Equation 2.16) which is 

dependent on the crack angle.  In that equation, there is a recommended way to calculate cot(θ) 

which has a maximum value of 1.8.  When using the design material properties this 

recommended equation was used and cot(θ) was limited to 1.8 for the web-shear test.  The value 

of 1.8 corresponds to a crack angle of approximately 29 degrees.  This dramatically increased the 

steel contribution to shear strength as seen previously in Table 4-15, and in turn decreased the 

experimental-to-theoretical ratio. 

The AASHTO LRFD Specifications (2006) recommend that the shear strength is taken as 

the lesser of two equations (shown in Chapter 2 as Equation 2.6 and Equation 2.7).  Equation 2.7 

is often taken as the maximum shear strength (Vnmax).  It is interesting to look at the ultimate 



 

 134

web-shear strength predictions (Vn) in comparison with the code recommended maximum value 

(Vnmax) as shown in Table 4-21.  

 

Table 4-21. Comparison of Vn to Vnmax 

Test θ (°) Vn Vnmax  Vn / Vnmax  
Measured Properties (k) 

Code 32.5 523 0.54 
Web-Shear 

Test 39 453 
970 

0.47 
Design Properties (k) 

Code 33.3 490 0.67 
Web-Shear 

Test 39 427 
731 

0.58 
 

From Table 4-21, it can be seen that the value of Vnmax does not ever control the shear 

strength; it is often extremely unconservative when compared to the calculated shear strength Vn.  

Ratios of the nominal shear strength to the maximum shear strength (Vn/Vnmax) show that for the 

web shear test this equation ranged from 33 percent to 53 percent unconservative.   

The Vn values obtained at the section of interest for web-shear testing can also be 

presented in the same fashion as the Vnmax equation.  The value of Vnmax (as previously shown in 

Equation 2.7) is a function of many different variables, including a numerical constant.  In the 

equation for Vnmax, the numerical constant is a multiplier of 0.25.  Table 4-22 provides a 

comparison between the Vn numerical constants and the Vnmax numerical constants.   

 

Table 4-22. Comparison of Vn constants to Vnmax constants 

Test θ (°) Vn 
Constant

Vnmax 
Constant Vn / Vnmax  

Measured Properties (k) 
Code 32.5 0.13 0.52 

Web-Shear 
Test 39 0.11 

0.25 
0.44 

Design Properties (k) 
Code 33.3 0.17 0.68 

Web-Shear 
Test 39 0.14 

0.25 
0.56 

 

Further investigation into Table 4-22 reveals that the Vnmax equation is unconservative by 

approximately the same amount as values previously shown in Table 4-21.  The nominal shear 

strength, Vn, is based on both the concrete contribution to shear strength, Vc, and the steel 
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contribution to shear strength, Vs.  Evidence from testing suggested that during the web-shear 

test, the concrete contribution to shear strength had been reached because concrete spalling was 

beginning to occur in an area with high shear forces.  As previously shown, the stirrup spacing at 

the location of web crushing was No. 5 bars at 7 in.; even with this tight spacing, the concrete 

was able to consolidate properly and achieve the expected strength.  Thus, from tests done within 

this research project, it seems that the constant multiplier of 0.25 used in the equation for Vnmax 

may be too high.  On the contrary, experimental evidence, from research done by Tadros et al. 

(2000), suggests that the upper limit on the nominal shear strength equation (0.25f’cbvdv) is 

sufficient.  The researched focused on shear testing of two prestressed I-girders.  These girders 

had vertical shear reinforcement consisting of two planes of welded wire fabric; this type of 

shear reinforcement allowed for crack control in the compression strut during testing, eventually 

leading to crushing of the web concrete. 

The AASHTO Standard Specifications 17th Edition (2002) and the NCHRP Simplified 

procedure specify that the nominal shear strength, Vn, is made up of both the shear strength 

provided by the concrete, Vc, and the shear strength provided by the shear reinforcement, Vs.  

Within this, the concrete shear strength, Vc, is the lower of the flexure-shear strength, Vci, and 

the web-shear strength, Vcw.  The web-shear strength (Vcw) by itself can be used as a predictor 

for the initial web-shear crack.  Table 4-23 and Table 4-24 compare the web-shear strength 

values from the AASHTO Standard Specifications, the NCHRP Simplified procedure, and 

finally the cracking load from a Mohr’s circle analysis.  The initial web-shear crack formed 

under a load of approximately 180 kips per actuator, or an applied shear in the section of 327 

kips. 

 

Table 4-23. AASHTO and NCHRP cracking load comparison 

Test Vcw Vapp  Vapp / Vcw 
Measured Properties (k) 

AASHTO Std. 320 327 1.02 
NCHRP 268 327 1.22 

Design Properties (k) 
AASHTO Std. 283 327 1.16 

NCHRP 239 327 1.37 
 



 

 136

Table 4-24. Mohr's circle cracking load comparison 

Vtheoretical (k) Vapp (k) Vapp / Vtheoretical 
342 327 0.96 

 

The web-shear strength calculated using the AASHTO Standard Specifications provided 

good results when compared to the cracking load measured experimentally.  The code based 

approach was 2 percent conservative when using the measured material properties and 16 

percent conservative when using the design material properties.  The web-shear strength values 

calculated using the NCHRP Simplified method also provided results that were 22 percent 

conservative when using the measured material properties and 37 percent conservative when 

using the design material properties.  Additionally, an analysis done using Mohr’s circle to 

predict the crack angle yielded a theoretical cracking load that was 4 percent unconservative.  

This cracking load was calculated using the Kupfer and Gerstle (1973) method for maximum 

principle stresses previously discussed.  Additionally, Mohr’s circle predicted a cracking tensile 

stress of approximately 6.8 percent of the compressive strength, f’c. 
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CHAPTER 5.   SUMMARY, CONCLUSIONS, AND RECOMMENDATIONS 

5.1  Summary 

The research described was part of a project sponsored by the Virginia Department of 

Transportation and the Virginia Transportation Research Council.  For this project, a single 65 ft 

long PCBT-53 girder was fabricated with lightweight, self-consolidating concrete at Bayshore 

Concrete Products Corporation.  The girder was then transported to the Virginia Tech Structures 

and Materials Laboratory for testing.  This project had two specific goals.  The first was to 

experimentally determine the shear strength of the bridge girder.  The second was to monitor the 

change in prestress over time (and hence the prestress loss) occurring in the PCBT-53 girder. 

The PCBT-53 girder had a composite cast-in-place lightweight concrete deck and was 

tested using two different loading configurations to determine the shear strength.  The initial tests 

focused on the web-shear strength of the girder and were configured for a high amount of applied 

shear in the end region of the beam.  The second tests on the girder focused on the flexure-shear 

strength of the girder.  Cracking and ultimate shear calculations were performed using AASHTO 

code provisions and provisions suggested in NCHRP Report 549.  Both the AASHTO Standard 

Specifications for Highway Bridges (2002) and the AASHTO LRFD Bridge Design 

Specifications (2006) were investigated.  Final comparisons are used to determine if the code 

provisions yield conservative results for this type of concrete. 

Prestress losses were experimentally measured in the girder by vibrating wire gage strain 

readings and flexural crack initiation tests.  Two vibrating wire gages were placed at the bottom 

level of the prestressing strands.  This allowed for strain measurements from placement of 

concrete to the placement of the deck, and from the deck placement to the final time when testing 

commenced.  The effective prestress in the girder was also calculated from the load required to 

initiate flexural cracking.  Measured prestress losses were compared to a theoretical prediction 

calculated using the Refined Method from the AASHTO LRFD Bridge Design Specifications 

(2006). 

5.2  Conclusions from Testing 

Shear strength was measured during two different tests on the girder.  The following 

conclusions were drawn from these tests: 



 

 138

1. The theoretical predictions calculated with a 39 degree crack angle for the web-shear 

strength were all conservative when compared to the experimentally measured failure 

strength.  Typically, the AASHTO Standard Specifications (2002) and the Simplified 

Procedure recommend in NCHRP Report 549 were approximately 8 percent conservative 

while the AASHTO LRFD Specifications (2006) were between 25 and 45 percent 

conservative depending on the method of calculation.  An additional strut-and-tie model 

was conservative when predicting the web-shear strength by approximately 18 percent. 

2. The theoretical predictions of the flexure-shear strength were typically unconservative 

because the girder reached the nominal flexural strength and a failure occurred in the 

damaged region of the beam that had a lower applied shear force.  Thus, the damaged 

concrete had an influence on the shear strength of the girder, especially the concrete 

contribution to shear strength.  From the results, it can be seen that the AASHTO LRFD 

Specifications were still more conservative than both the AASHTO Standard Specifications 

and the NCHRP Simplified Method. 

3. Shear strength was also predicted using the design material properties.  Within these 

calculations, the suggested equation for the steel contribution to shear strength (and in turn 

the equation for cot(θ)) in the NCHRP Simplified Method were used.  When used, this 

resulted in a shear strength prediction that was extremely unconservative due to an 

increased steel contribution (from a lower crack angle) to the overall shear strength.  

4. Further investigation into the results from the AASHTO LRFD Specifications showed that 

the calculated maximum nominal shear strength never controlled and was grossly 

unconservative.  For the web-shear test, the maximum nominal shear strength was between 

33 percent and 53 percent unconservative. 

5. Predictions of the initial web-shear cracking load using both the AASHTO Standard 

Specifications and the Simplified Method suggested in NCHRP Report 549 were 2 percent 

and 22 percent conservative, respectively, when using the measured material properties.  A 

Mohr’s circle analysis was 4 percent unconservative when predicting the initial web-shear 

crack.  Mohr’s circle also predicted a cracking tensile stress of approximately 6.8 percent of 

the compressive strength, f’c. 

6. The initial web-shear crack angle was predicted using the AASHTO LRFD Specifications, 

the strut-and-tie model used to predict the web-crushing failure, and a Mohr’s circle 
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analysis.  All of the models under-predicted the critical crack angle except for the strut-and-

tie model (2 percent different from the actual angle) which was largely based upon existing 

geometry and the loading configuration.  The AASHTO LRFD Specifications predicted a 

crack angle of approximately 33 degrees, while the actual crack angle was 39 degrees; 

additionally, Mohr’s circle predicted the crack angle to be approximately 37 degrees. 

 

Prestress losses were experimentally measured and then compared to a theoretical 

prediction.  The following conclusions were drawn from prestress loss predictions and 

measurements: 

1. The amount of prestress recorded at any given time using vibrating wire gages was greater 

than predictions using both the measured and design material properties in the AASHTO 

Refined method (the individual stress losses between time periods was greater in the 

theoretical predictions).  On average, the measured initial prestress was 1 percent higher 

than the theoretical predictions.  The effective prestress measured just prior to deck 

placement was on average 7 percent higher than the theoretical prediction, and the 

measured effective prestress at the time of testing was on average 9 percent higher than the 

theoretical effective prestressing force. 

2. Measurement of effective prestress by load testing was highly dependent on the ability to 

accurately determine the loads required to initiate cracks. 

3. The effective prestress value calculated using the flexural crack initiation method was 

significantly lower than the effective prestress values predicted by both the code provisions 

and the vibrating wire gages.  This may be due to the fact that prestress losses occurred 

between placement of the concrete and transfer of the prestress force. 

4. The effective prestress value calculated using the flexural crack re-opening method 

corresponded very well with the effective prestress values predicted by the code provisions 

and measured by the vibrating wire gages. 

5.3  Recommendations for Future Research 

The research and results pertaining to this thesis were based on a single precast PCBT-53 

girder with a unique concrete mix design.  Additional research with a larger sample size and 

various modifications to the concrete mix design would help to more fully understand the shear 

behavior and prestress losses of lightweight, self-consolidating concrete beams.  Furthermore, 
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results from this project suggest that supplementary research may be needed to investigate the 

modulus of elasticity of lightweight, self-consolidating concrete. 

The capacity of the loading frame was reached during both the web-shear and the flexure-

shear tests.  This forced the researchers to conclude that the girder was very close to failure in the 

web-shear test from visual inspection of the spalling concrete.  Additional testing, with a higher 

applied shear force, is suggested to conclusively determine the web-shear failure load of a girder 

fabricated with lightweight, self-consolidating concrete.  During the flexure-shear test, the girder 

reached the nominal flexural strength, and a failure occurred in the damaged region of the beam.  

Additional testing would help exclusively quantify the flexure-shear strength of girders 

fabricated with lightweight, self-consolidating concrete.  Test results from this project suggested 

that the constant multiplier of 0.25 used in the equation for Vnmax may be too high.  Further 

research is needed to accurately quantify an upper limit on the shear strength. 

Test results also suggested that prestress losses may have occurred between placement of 

the girder concrete and transfer of the prestress force.  These losses are not taken into account 

when using current code provisions to estimate prestress losses.  Additional research is 

recommended to determine if these losses occur in bulb-tee girders, and if so, to quantify them.  

Furthermore, an assessment as to whether these losses affect lightweight, self-consolidating 

concrete more than regular lightweight concrete or regular self-consolidating concrete may be 

necessary. 

From test results within the scope of this research project, shear design of prestressed 

bulb-tee girders with lightweight, self-consolidating concrete is practical.  The current AASHTO 

LRFD Specifications (2006) provided conservative results when predicting the shear strength of 

the PCBT-53.  Additionally, the new NCHRP Simplified Procedure also generally provided 

conservative results although more research is necessary to determine if the equation for cot(θ) is 

acceptable for bulb-tee girders.  Furthermore, prestress losses in PCBT girders fabricated with 

lightweight, self-consolidating concrete may be less than those predicted using the AASHTO 

Refined method.  This could lead to a higher than anticipated precompression of girders under 

service loads and thus, the flexural tensile stress under service loads could be lower; this may 

also necessitate a careful look at camber and deflection under service loads. 
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APPENDIX A. Concrete Material Properties 

 

Table A-1. PCBT-53 compressive strength data 

Time VTRC Data (psi) VT data (psi) Average f'c 
(days since pour) Batch 1 (n) Batch 2 (n) Batch 1 (n) Batch 2 (n) (psi) 

1 8,917 (1) 7,752 (2) ------- ------- 8,340 
7 8,380 (3) 7,900 (3) ------- ------- 8,140 
14 9,280 (3) 8,790 (3) ------- ------- 9,040 
28 9,230 (3) 8,690 (3) ------- ------- 8,960 
56 9,660 (3) 9,260 (3) ------- ------- 9,460 
77 

(Deck Poured) 9,630 (2) ------- 10,500 (1) 9,950 (1) 10,000 

119 
(Shear Test #1) ------- ------- 10,300 (2) 10,800 (1) 10,550 

128 
(Shear Test #2) ------- ------- ------- ------- ------- 

154 
(Flexure-shear Test #1) ------- ------- 10,900 (1) 10,500 (1) 10,700 

156 
(Flexure-shear Test #2) ------- ------- ------- ------- ------- 

(n) = the number of cylinders used to determine each value 
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Figure A-1. PCBT-53 compressive strength plot 
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Table A-2. PCBT-53 splitting tensile data 

Time VTRC Data (psi) VT data (psi) Average fr  
(days since pour) Batch 1 (n) Batch 2 (n) Batch 1 (n) Batch 2 (n) (psi) 

1 626 (2) 558 (1) ------- ------- 592 
7 640 (2) 600 (2) ------- ------- 620 
14 670 (2) 665 (2) ------- ------- 668 
28 665 (2) 640 (2) ------- ------- 653 
56 700 (2) 640 (2) ------- ------- 670 
77 

(Deck Poured) ------- ------- 875 (1) 696 (1) 786 

119 
(Shear Test #1) ------- ------- 836 (1) 756 (2) 796 

128 
(Shear Test #2) ------- ------- ------- ------- ------- 

154 
(Flexure-shear Test #1) ------- ------- 875 (1) 855 (1) 865 

156 
(Flexure-shear Test #2) ------- ------- ------- ------- ------- 

(n) = the number of cylinders used to determine each value 
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Figure A-2. PCBT-53 splitting tensile plot 
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Table A-3. PCBT-53 modulus of elasticity data 

Time VTRC Data (ksi) VT data (ksi) Average Ec  
(days since pour) Batch 1 (n) Batch 2 (n) Batch 1 (n) Batch 2 (n) (ksi) 

1 3,640 (1) 3,550 (1) ------- ------- 3,600 
7 3,580 (5) 3,510 (5) ------- ------- 3,550 
14 3,360 (5) 3,260 (5) ------- ------- 3,310 
28 3,450 (5) ------- ------- ------- 3,450 
56 3,320 (5) ------- ------- ------- 3,320 
77 

(Deck Poured) 3,540 (2) ------- 3,130 (1) 3,000 (1) 3,220 

90 3,250 (4) ------- ------- ------- 3,250 
119 

(Shear Test #1) ------- ------- 3,300 (1) 3,250 (1) 3,280 

128 
(Shear Test #2) ------- ------- ------- ------- ------- 

154 
(Flexure-shear Test #1) ------- ------- 3,250 (1) 3,140 (1) 3,200 

156 
(Flexure-shear Test #2) ------- ------- ------- ------- ------- 

(n) = the number of cylinders used to determine each value 
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Figure A-3. PCBT-53 modulus of elasticity plot 
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Table A-4. Deck compressive strength data 

Time VT data (psi) Average f'c  
(days since pour) Batch 1 (n) Batch 2 (n) Batch 3 (n) (psi) 

4 4,580 (1) 4,220 (1) 4,620 (1) 4,470 
7 5,050 (1) 4,930 (1) 4,300 (1) 4,760 
14 5,770 (1) 6,000 (1) 6,290 (1) 6,020 
28 7,640 (1) 7,240 (1) 6,370 (1) 7,080 
42 

(Shear Test #1) 8,000 (1) 7,800 (1) 7,080 (1) 7,630 

51 
(Shear Test #2 ------- ------- ------- ------- 

77 
(Flexure-shear Test #1) 8,200 (1) 8,400 (1) ------- 8,300 

156 
(Flexure-shear Test #2) ------- ------- -------  ------- 

(n) = the number of cylinders used to determine each value 
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Figure A-4. Deck compressive strength plot 

 



 

 149

 

Table A-5. Deck splitting tensile data 

Time VT data (psi) Average fct 
(days since pour) Batch 1 (n) Batch 2 (n) Batch 3 (n) (psi) 

4 ------- ------- ------- ------- 
7 607 (1) 517 (1) 477 (1) 534 
14 547 (1) 647 (1) 567 (1) 587 
28 647 (1) 716 (1) 657 (1) 673 
42 

(Shear Test #1) 716 (1) 696 (1) 637 (1) 683 

51 
(Shear Test #2 ------- ------- ------- ------- 

77 
(Flexure-shear Test #1) 706 (1) 696 (1) ------- 701 

156 
(Flexure-shear Test #2) ------- ------- ------- ------- 

(n) = the number of cylinders used to determine each value 
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Figure A-5. Deck splitting tensile plot 
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Table A-6. Deck modulus of elasticity data 

Time VT data (ksi) Average Ec  
(days since pour) Batch 1 (n) Batch 2 (n) Batch 3 (n) (ksi) 

4 ------- ------- ------- ------- 
7 2,850 (1) 2,960 (1) 2,570 (1) 2,793 
14 3,070 (1) 3,000 (1) ------- 3,035 
28 2,940 (1) 2,920 (1) 2,680 (1) 2,847 
42 

(Shear Test #1) 2,960 (1) 2,950 (1) 2,681 (1) 2,864 

51 
(Shear Test #2 ------- ------- ------- ------- 

77 
(Flexure-shear Test #1) 3,190 (1) 3,060 (1) ------- 3,125 

79 
(Flexure-shear Test #2) ------- ------- ------- ------- 

(n) = the number of cylinders used to determine each value 
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Figure A-6. Deck modulus of elasticity plot 
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APPENDIX B. Web-Shear Strength Sample Calculations 

Note: The flexural strength of the girder does not control for this test setup. 
 

 

Composite Properties: Strand Properties:
fs 284ksi:= dp 0.5in:=Ac 1629.2in2:=
fy 259ksi:= Ap 0.153in2:=

Ic 721200in4:=
fse 177ksi:= np 32:=

ytc 21in:= Ep 29000ksi:= nph 6:= (# harped strands)
ybc 42.5in:= α 0.1237rad:= cgs 10.8in:=
h 63.5in:= e 15.23in:= at the middle of the shear span

Loads and Moments at Section of Interest:

w 1.35
k
ft

:= Rd w
L
2

⋅:= Rd 43.9k=

SupportShear Rd 1ft w⋅−:= SupportShear 42.5k=

AASHTO Standard Code, 17th Edition (2002)
Calculations done with  Measured Values at the Center of the Shear Span

k 1000lb:= psi 1
lb

in2
:= ksi 1000psi:=

Measured Girder Properties:

f'cg 10550psi:= Ig 312400in4:= L 65ft:=
Ls 63ft:=Eg 3280ksi:= ytg 26.94in:=
a 78in:= (shear span)ybg 26.06in:=Ag 802.7in2:=

λ 0.85:=b' 7in:=

Deck Properties: Reinforcing Steel Properties:

wd 84in:= Av 0.62in2:=
td 9in:= fsy 60ksi:=

s 7in:= (stirrup spacing at section of interest)
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Vi
Mmax

0.308=Thus,

PMmax 5.67=(where 6.5' is the shear span)Mmax Vi
6.5
2

⋅:=

Therefore, PVi 1.746:=

RLL 1.746 P⋅

RLL 2P 0.254P−

(this is from statics)RLL 2P
6.5 P⋅( ) 9.5 P⋅+[ ]

Ls
−

P P
6.5' 3'

R2R1

1.746P
0.746P

0.254P

SumMoment @ R1 = 6.5P + 9.5P - 63(R2)
           R2 = 16/63 = 0.254P
           R1 = 2P - 0.254P = 1.746P
               (Note: R1 = R      )

V

11.349P 13.587P

0

at half of shear span = 5.675P

M

63'

LL

Look at statics for Vi/Mmax ratio, this ratio is independent of the load applied.

Md 1564.82k in⋅=Md
w−
2

1⋅ ft2
SupportShear Vd−( )

2
a
2

⋅+ Vd
a
2

⋅+:=

Vd 38.14k=Vd
SupportShear

L
2

1ft−⎛⎜
⎝

⎞⎟
⎠

L
2

1ft−
a
2

−⎛⎜
⎝

⎞⎟
⎠

⋅:=
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OK!1.7 10550 psi⋅ b'⋅ d⋅ 64k=

check:

Vci 560k=Vci 0.6 λ⋅ 10550⋅ psi⋅ b'⋅ d⋅ Vd+
Vi

12in Mmax⋅
Mcr⋅+:=

so finally:

Mcr 19599k in⋅=Mcr
Ig

ybc
6 10550⋅ psi fpe+ fd−( )⋅:=

T( )fd 0.131ksi=fd
Md ybg⋅

Ig
:=

C( )fpe 2.181ksi=fpe
fse np⋅ Ap⋅

Ag

fse np⋅ Ap⋅ e⋅ ybg⋅

Ig
+:=

with:

Mcr
Ig

ybc
6 f'c fpe+ fd−( )⋅

d 52.7 in=d max h cgs−( ) 0.8 h⋅,[ ]:=

with:

Vci 0.6 λ⋅ f'c⋅ b'd⋅ Vd+
Vi Mcr⋅

Mmax
+ 1.7 f'cb'd≥

Flexure Shear, Vci:

With the concrete shear the lessor of Vci and VcwVn Vc Vs+

Calculate Shear Strength, Vn:
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This is approximately
equal to an applied load
of 321k per actuator.

Vn 600k=Vn Vcw Vs+:=

Overall Shear, Vn:

OK!so:8 10550⋅ psi⋅ b'⋅ d⋅ 303.1k=

check:

Vs 280k=Vs
Av fsy⋅ d⋅

s
:=

Vs
Av fsy⋅ d⋅

s
8 f'c b'⋅ d⋅≤

Steel Shear Contribution, Vs:

This is approximately equal to
an applied load of 160k  per
actuator.

This controls over Vci

Vcw 320k=Vcw 3.5 λ⋅ 10550 psi 0.3fpc+( )b' d⋅ Vp+:=

and finally:

Vp 20.05k=Vp nph Ap⋅ fse⋅ sin α( )⋅:=

C( )fpc 1.692ksi=fpc
fse np⋅ Ap⋅

Ag

fse np⋅ Ap⋅ e⋅ ybc ybg−( )⋅

Ig
+

Md ybc ybg−( )⋅

Ig
−:=

with:

no, so do not reduce the prestress force for Vcwlt 2.1 ft=lt 50 dp⋅:=

Check if point is within transfer length for stress reduction:

Vcw 3.5λ f'c⋅ 0.3fpc+( )b' d⋅ Vp+

Web Shear, Vcw:
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Composite Properties: Strand Properties:
fs 284ksi:= dp 0.5in:=Ac 1629.2in2:=
fy 259ksi:= Ap 0.153in2:=

Ic 721200in4:= np 32:=fse 177ksi:=
ytc 21in:= Ep 29000ksi:= nph 6:= (# harped strands)
ybc 42.5in:= α 0.1237rad:= cgs 10.8in:=
h 63.5in:= e 15.23in:= at the middle of the shear span

Loads and Moments at Section of Interest:

w 1.35
k
ft

:= Rd w
L
2

⋅:= Rd 43.9k=

SupportShear Rd 1ft w⋅−:= SupportShear 42.5k=

NCHRP Report 549 Simplified Method (2007)
Calculations done with  Measured Values at the Center of the Shear Span

k 1000lb:= psi 1
lb

in2
:= ksi 1000psi:=

Measured Girder Properties:

f'cg 10550psi:= Ig 312400in4:= L 65ft:=
Ls 63ft:=Eg 3280ksi:= ytg 26.94in:=
a 78in:= (shear span)ybg 26.06in:=Ag 802.7in2:=

λ 0.85:=b' 7in:=

Deck Properties: Reinforcing Steel Properties:

wd 84in:= Av 0.62in2:=
td 9in:= fsy 60ksi:=

s 7in:= (stirrup spacing at section of interest)
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Vi
Mmax

0.308=Thus,

PMmax 5.7=(where 6.5' is the shear span)Mmax Vi
6.5
2

⋅:=

Therefore, PVi 1.746:=

RLL 1.746 P⋅

RLL 2P 0.254P−

(this is from statics)RLL 2P
6.5 P⋅( ) 9.5 P⋅+[ ]

Ls
−

P P
6.5' 3'

R2R1

1.746P
0.746P

0.254P

SumMoment @ R1 = 6.5P + 9.5P - 63(R2)
           R2 = 16/63 = 0.254P
           R1 = 2P - 0.254P = 1.746P
               (Note: R1 = R      )

V

11.349P 13.587P

0

at half of shear span = 5.675P

M

63'

LL

Look at statics for Vi/Mmax ratio, this ratio is independent of the load applied.

Md 1564.82k in⋅=Md
w−
2

1⋅ ft2
SupportShear Vd−( )

2
a
2

⋅+ Vd
a
2

⋅+:=

Vd 38.14k=Vd
SupportShear

L
2

1ft−⎛⎜
⎝

⎞⎟
⎠

L
2

1ft−
a
2

−⎛⎜
⎝

⎞⎟
⎠

⋅:=
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Vci is greater so OK!1.9 10550 psi⋅ b'⋅ d⋅ 72k=

check:

Vci 561k=Vci 0.632 λ⋅ 10550⋅ psi⋅ b'⋅ d⋅ Vd+
Vi

12in Mmax⋅
Mcr⋅+:=

so finally:

Mcr 19599k in⋅=Mcr
Ig

ybc
6 10550⋅ psi fpe+ fd−( )⋅:=

T( )fd 0.131ksi=fd
Md ybg⋅

Ig
:=

C( )fpe 2.181ksi=fpe
fse np⋅ Ap⋅

Ag

fse np⋅ Ap⋅ e⋅ ybg⋅

Ig
+:=

Mcr
Ig

ybc
6 f'c fpe+ fd−( )⋅

d 52.7 in=d max h cgs−( ) 0.8 h⋅,[ ]:=

with:

Vci 0.632 λ⋅ f'c⋅ b'd⋅ Vd+
Vi Mcr⋅

Mmax
+ 1.9 f'cb'd≥

Flexure Shear, Vci:

With the concrete shear the lessor of Vci and VcwVn Vc Vs+

Calculate Shear Strength, Vn:

 



 

 158

OK!Vnmax 973k=Vnmax 0.25 d⋅ f'cg⋅ b'⋅:=

Check Vn:

This is approximately
equal to an applied load
of 329k per actuator.

Vn 614k=Vn Vcw Vs+:=

Overall Shear, Vn:

Vs 346k=Vs
Av fsy⋅ d⋅

s
cot θ( )⋅:=

θ 0.681 rad=θ 39deg:=with:Vs
Av fsy⋅ d⋅

s
cot θ( )

Steel Shear Contribution, Vs:

This is approximately equal to
an applied load of 131k per
actuator.

This controls

Vcw 268k=Vcw 1.9 λ⋅ 10550 psi 0.3fpc+( )b' d⋅ Vp+:=

and finally:

Vp 20.05k=Vp nph Ap⋅ fse⋅ sin α( )⋅:=

C( )fpc 1.692ksi=fpc
fse np⋅ Ap⋅

Ag

fse np⋅ Ap⋅ e⋅ ybc ybg−( )⋅

Ig
+

Md ybc ybg−( )⋅

Ig
−:=

with:

no, so do not reduce the prestress force for Vcwlt 2.1 ft=lt 50 dp⋅:=

Check if point is withing transfer length for reduction:

Vcw 1.9λ f'c⋅ 0.3fpc+( )b' d⋅ Vp+

Web Shear, Vcw:
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s 7in:= (stirrup spacing at section of interest)td 9in:=

β 1 0.67:=

Composite Properties: Strand Properties:
fpu 284ksi:= d 0.5in:=Ac 1629.2in2:=
fpy 259ksi:= Ap 0.153in2:=

Ic 721200in4:=
fpe 177ksi:= np 32:=

ytc 21in:=
Ep 29000ksi:= nph 6:= (# harped strands)

ybc 42.5in:=
α 0.1237rad:= cgs 10.8in:=

h 63.5in:=
e 15.23in:= at the middle of the shear span

AASHTO LRFD Code, 3rd Edition (2006)
Calculations done with  Measured Values at the Center of the Shear Span

Compression Angle Obtained from LRFD Table

k 1000lb:= psi 1
lb

in2
:= ksi 1000psi:=

Measured Girder Properties:

f'cg 10550psi:= Ig 312400in4:= L 65ft:=
Ls 63ft:=Eg 3280ksi:= ytg 26.94in:=
a 78in:= (shear span)ybg 26.06in:=Ag 802.7in2:=

λ 0.85:=bv 7in:=
κ 1.6:=

Deck Properties: Reinforcing Steel Properties:

f'cd 7600psi:= Av 0.62in2:=
fy 60ksi:=bw 84in:=
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a 2.52 in=a β 1 c⋅:=

c 3.75 in=c
Ap np⋅ fpu⋅

0.85f'cd β 1⋅ bw⋅ Κ np⋅ Ap⋅
fpu
dp

⋅+

:=

de dp:=

dp 52.7 in=dp 53in 1.5in+ 9in+ cgs−:=

Κ 0.26=Κ 2 1.04
fpy
fpu

−
⎛
⎜
⎝

⎞
⎟
⎠

⋅:=

with:

c
Ap fpu⋅ As fy⋅+ A's f'y⋅− 0.85f'c b bw−( )⋅ hf⋅−

0.85f'c β 1⋅ bw⋅ k Ap⋅
fpu
dp

⋅+

Necessary Flexural Data:

Mu 20495k in⋅=Mu MLL Md+:=

MLL 1577.5 k ft⋅=MLL 5.6745 ft⋅ P⋅:=Therefore:PMmax 5.6745=

Md 1564.8k in⋅=

Vu 523.7k=Vu VLL Vd+:=

VLL 485.6k=VLL 1.7468P:=Therefore:PVi 1.746:=

Vd 38.14k=

P 278k:=

Estimate the Load:

Loads and Moments at Section of Interest:
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v
f'cg

0.133=

v 1.4ksi=v
Vu Vp−

bv dv⋅
:=

Vp 20.05k=

Shear Calculations including  θ and β :

R 0.713=R
fps'
fps

⎛
⎜
⎝

⎞
⎟
⎠

:=so the percentage of strands developed is:

fps' 198.7ksi=fps' fpe
fps fpe−

ld lt−

⎛
⎜
⎝

⎞
⎟
⎠

lcr lt−( )⋅+:=

Yes so adjust the stress linearly between fpe and fps:

lcr 51in:=Critical section is at middle of shear span = 4.25'

ld 128.7in:=so:ld 128.7
k
in

=ld κ fps
2
3

fpe⋅−⎛⎜
⎝

⎞⎟
⎠

⋅ d⋅:=

lt 30 in=lt 60 d⋅:=

Check if Critical Section is between Transfer and Development Length:

dv 51.4 in=dv max de
a
2

− 0.9 de⋅, 0.72 h⋅,⎛⎜
⎝

⎞⎟
⎠

:=

fps 278.8ksi=fps fpu 1
Κ c⋅
dp

−
⎛
⎜
⎝

⎞
⎟
⎠

⋅:=
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θ
θ3 π⋅

180
:=

Thus, the predicted angle of 32.5 degrees is acceptableθ3 32.5=

θ3
θ2 θ1−

0.75 0.5−

⎛
⎜
⎝

⎞
⎟
⎠

0.75 εx 1000⋅−( )⋅
⎡
⎢
⎣

⎤
⎥
⎦

θ2−:=

θ2 34.6=

θ2 34.9
34.9 34.4−( )
0.15 0.125−

⎡⎢
⎣

⎤⎥
⎦

0.15
v

f'cg
−⎛

⎜
⎝

⎞
⎟
⎠

⋅−:=

θ1 31.6=

θ1 32.1
32.1 31.4−( )
0.15 0.125−

⎡⎢
⎣

⎤⎥
⎦

0.15
v

f'cg
−⎛

⎜
⎝

⎞
⎟
⎠

⋅−:=

1000ε x 0.573=andv
f'cg

0.133=

Use AASHTO Table 5.8.3.4.2-1 and interpolate θ and β  using:

ε x 5.731 10 4−×=εx

Mu
dv

0.5 Vu⋅ cot θ( )⋅+ R np⋅ Ap⋅ fpo⋅−

2Ep R⋅ np⋅ Ap⋅
:=

θ 32.5deg:=Make estimate of the compression angle:

fpo 198.8ksi=fpo 0.7 fpu⋅:=

with:

εx

Mu
dv

0.5Nu+ 0.5 Vu⋅ cot θ( )⋅+ R Ap⋅ fpo⋅−

2 Es As⋅ Ep R⋅ Ap⋅+( )
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β 1 2.36
2.36 2.42−( )
0.15 0.125−

⎡⎢
⎣

⎤⎥
⎦

0.15
v

f'cg
−⎛

⎜
⎝

⎞
⎟
⎠

⋅−:=

β 1 2.402=

β 2 2.14
2.14 2.26−( )
0.15 0.125−

⎡⎢
⎣

⎤⎥
⎦

0.15
v

f'cg
−⎛

⎜
⎝

⎞
⎟
⎠

⋅−:=

β 2 2.224=

β 3
β 2 β 1−

0.75 0.5−

⎛
⎜
⎝

⎞
⎟
⎠

0.75 εx 1000⋅−( )⋅
⎡
⎢
⎣

⎤
⎥
⎦

β 2−:=

β 3 2.35=

β β 3:=

Concrete Contribution to Shear Strength:

Vc 0.0316 λ⋅ β⋅ 10.55ksi( )⋅ bv⋅ dv⋅:= Vc 74k=

This is approximately
equal to an applied
load of 20k per
actuator.

Steel Contribution to Shear Strength:

Vs
Av fy⋅ dv⋅ cot θ( )⋅

s
:= Vs 430k=
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Overall Shear Strength:

Vn Vc Vs+ Vp+:= Vn 523k=

Vu 523.7k=

Vn Vu therefore.. The shear capacity at this location is 523 kips 
   (load per actuator was approximately 278 kips)

Check Vn:
Vnmax 0.25 dv⋅ f'cg⋅ bv⋅ Vp+:= Vnmax 969.8k= OK!

Longitudinal Reinforcement Check:

Aps fps⋅
Mu
dv

Vu Vp− 0.5Vs−( ) cot θ( )⋅+≥

Ap np⋅ fps⋅ 1365.1k= greater than
Mu
dv

Vu Vp− 0.5Vs−( ) cot θ( )⋅+ 852.4k= OK!
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bw 84in:=
s 7in:= (stirrup spacing at section of interest)td 9in:=

β 1 0.67:=

Composite Properties: Strand Properties:
fpu 284ksi:= d 0.5in:=Ac 1629.2in2:=
fpy 259ksi:= Ap 0.153in2:=

Ic 721200in4:=
fpe 177ksi:= np 32:=

ytc 21in:=
Ep 29000ksi:= nph 6:= (# harped strands)

ybc 42.5in:=
α 0.1237rad:= cgs 10.8in:=

h 63.5in:=
e 15.23in:= at the middle of the shear span

AASHTO LRFD Code, 3rd Edition (2006)
Calculations done with  Measured Values at the Center of the Shear Span

Compression Angle Obtained from Experimental Measurement

k 1000lb:= psi 1
lb

in2
:= ksi 1000psi:=

Measured Girder Properties:

f'cg 10550psi:= Ig 312400in4:= L 65ft:=
Ls 63ft:=Eg 3280ksi:= ytg 26.94in:=
a 78in:= (shear span)ybg 26.06in:=Ag 802.7in2:=

λ 0.85:=
Acg' 457.5in2:= κ 1.6:=
bv 7in:=

Deck Properties: Reinforcing Steel Properties:

f'cd 7600psi:= Av 0.62in2:=
fy 60ksi:=
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a 2.52 in=a β 1 c⋅:=

c 3.75 in=c
Ap np⋅ fpu⋅

0.85f'cd β 1⋅ bw⋅ Κ np⋅ Ap⋅
fpu
dp

⋅+

:=

de dp:=

dp 52.7 in=dp 53in 1.5in+ 9in+ cgs−:=

Κ 0.26=Κ 2 1.04
fpy
fpu

−
⎛
⎜
⎝

⎞
⎟
⎠

⋅:=

with:

c
Ap fpu⋅ As fy⋅+ A's f'y⋅− 0.85f'c b bw−( )⋅ hf⋅−

0.85f'c β 1⋅ bw⋅ k Ap⋅
fpu
dp

⋅+

Necessary Flexural Data:

Mu 17737.1k in⋅=Mu MLL Md+:=

MLL 16172.3k in⋅=MLL 5.6745 ft⋅ P⋅:=Therefore:PMmax 5.6745=

Md 1564.8k in⋅=

Vu 453k=Vu VLL Vd+:=

VLL 414.9k=VLL 1.7468P:=Therefore:PVi 1.746:=

Vd 38.14k=

P 237.5k:=

Estimate Load:

Loads and Moments at Section of Interest:
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εx

Mu
dv

0.5Nu+ 0.5 Vu⋅ cot θ( )⋅+ R Ap⋅ fpo⋅−

2 Es As⋅ Ep R⋅ Ap⋅+( )

v
f'cg

0.114=

v 1.2ksi=v
Vu Vp−

bv dv⋅
:=

Vp 20.05k=

Shear Calculations including  θ and β :

R 0.713=R
fps'
fps

⎛
⎜
⎝

⎞
⎟
⎠

:=so the percentage of strands developed is:

fps' 198.7ksi=fps' fpe
fps fpe−

ld lt−

⎛
⎜
⎝

⎞
⎟
⎠

lcr lt−( )⋅+:=

Yes so adjust the stress linearly between fpe and fps:

lcr 51in:=Critical section is middle of the shear span = 4.25'

ld 128.7in:=so:ld 128.7
k
in

=ld κ fps
2
3

fpe⋅−⎛⎜
⎝

⎞⎟
⎠

⋅ d⋅:=

lt 30 in=lt 60 d⋅:=

Check if Critical Section is between Transfer and Development Length:

dv 51.4 in=dv max de
a
2

− 0.9 de⋅, 0.72 h⋅,⎛⎜
⎝

⎞⎟
⎠

:=

fps 278.8ksi=fps fpu 1
Κ c⋅
dp

−
⎛
⎜
⎝

⎞
⎟
⎠

⋅:=
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β β 3:=

β 3 3.025=

β 3
β 2 β 1−

0 0.05−( )−

⎡
⎢
⎣

⎤
⎥
⎦

0 1000εx'−( )⋅
⎡
⎢
⎣

⎤
⎥
⎦

β 2−:=

β 2 2.989=

β 2 2.87
2.87 3.14−( )
0.125 0.1−

⎡⎢
⎣

⎤⎥
⎦

0.125
v

f'cg
−⎛

⎜
⎝

⎞
⎟
⎠

⋅−:=

β 1 3.072=

β 1 2.94
2.94 3.24−( )
0.125 0.1−

⎡⎢
⎣

⎤⎥
⎦

0.125
v

f'cg
−⎛

⎜
⎝

⎞
⎟
⎠

⋅−:=

1000εx' 2.15− 10 2−×=andv
f'cg

0.114=

Use AASHTO Table 5.8.3.4.2-1 and interpolate using:

εx' 2.15− 10 5−×=εx'

Mu
dv

0.5 Vu⋅ cot θ( )⋅+ R np⋅ Ap⋅ fpo⋅−

2 Ep R⋅ np⋅ Ap⋅ Eg Acg'⋅+( ):=

since value is negative add in additional term:

εx 3.41− 10 4−×=εx

Mu
dv

0.5 Vu⋅ cot θ( )⋅+ R np⋅ Ap⋅ fpo⋅−

2Ep R⋅ np⋅ Ap⋅
:=

θ 39
π

180
⋅ rad:=Use the compression angle from experiments     θ = 39 or

fpo 198.8ksi=fpo 0.7 fpu⋅:=

with:
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**Note: This longitudinal reinforcement check was also done near the end of the girder to 
examine if strand slip would control during web-shear testing.  As previously discussed in
Chapter 4, it did not and the calculations backed that conclusion.

OK!
Mu
dv

Vu Vp− 0.5Vs−( ) cot θ( )⋅+ 671k=greater thanAp np⋅ fps⋅ 1365.1k=

Aps fps⋅
Mu
dv

Vu Vp− 0.5Vs−( ) cot θ( )⋅+≥

Longitudinal Reinforcement Check:

OK!Vnmax 969.8k=Vnmax 0.25 dv⋅ f'cg⋅ bv⋅ Vp+:=

Check Vn:

The shear capacity at this location is 453 kips 
    (load per actuator was approximately 237 kips)

Vn Vu therefore..

Vu 453.0k=

Vn 453k=Vn Vc Vs+ Vp+:=

Overall Shear Strength:

Vs 338k=Vs
Av fy⋅ dv⋅ cot θ( )⋅

s
:=

Steel Contribution to Shear Strength:

This is approximately
equal to an applied load
of 32k per actuator.

Vc 95k=Vc 0.0316 λ⋅ β⋅ 10.55ksi( )⋅ bv⋅ dv⋅:=

Concrete Contribution to Shear Strength:
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see figure below for verification:hs 0.86in:=

thus:

0.85 7.6⋅ 84⋅ hs⋅ 63.5
9.25

2
⎛⎜
⎝

⎞⎟
⎠

−
hs
2

−
⎡
⎢
⎣

⎤
⎥
⎦

⋅ 353 78( )⋅− 0 solve hs,
.86824194793933172415

116.88175805206066828
⎛
⎜
⎝

⎞
⎟
⎠

→

jd h
ha
2

⎛
⎜
⎝

⎞
⎟
⎠

−
hs
2

−

(applied load at end of testing)P 353k:=

with:
Summation 0.85 f'cd⋅ bd⋅ hs⋅ jd⋅ P a⋅− 0

Solve for Depth of Top Compression Chord by Summing Moments about CCT Node:

deck widthbd 84in:=

CCT node heightha 9.25in:=

composite section heighth 63.5in:=

shear spana 78in:=

width of webbv 7in:=

deck compressive strengthf'cd 7.6ksi:=

girder compressive strengthf'cg 10.55ksi:=

Measured Properties:

ksi 1000psi:=psi 1
lb

in2
:=k 1000lb:=

Calculations done with   Measured Values at the Critical Location
Strut-and-Tie Model Evaluation of Web Crushing Strength
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P = 353 k

R = 1.746P

P

V/sin(angle)

3'

39.6°

9.25"

14.18"

.86"

2.5'

top of bulb

14"

10"

Transfer Shear Force to Strut Angle from Geometry:

P 353k= θ 39.6deg:= θ 0.691 rad=

Reaction 1.746 P⋅:= Reaction 616.3k=

Vapp
Reaction
sin θ( ):= (ignore self weight) Vapp 966.9k=

Calculate the Stress in the Strut at 2.5' from end and 13.5" up from bottom:

wstrut 14.18in:= bv 7 in=

fapp
Vapp

wstrut bv⋅( ):= fapp 9.7ksi=
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Calculate the Allowable Stress from AASHTO 5.6.3.3.3:

fcu
f'c

0.8 170ε 1+
0.85f'c≤

with:

ε1 ε s ε s 0.002+( )cot2 α s( )+

ε s 0:=

α s θ:=

ε1 ε s ε s 0.002+( ) cot α s( )( )2
⋅+:= ε1 0.002922=

fcu
f'cg

0.8 170ε1+
:= fcu 8.1ksi=

or look at it as:

1
0.8 170ε1+

0.77= fcu 0.77f'c

therefore,

fcu 8.1ksi fapp< 9.7ksi

The web should have crushed by this applied load  
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What load causes the crushing failure according to this model?

Estimate Load: P 295k:= θ 0.69 rad=

Reaction 1.746 P⋅:= Reaction 515.1k=

Vapp
Reaction
sin θ( ):= Vapp 808k=

Calculate the Stress in the Strut at 2.5' from end and 13.5" up from bottom:

wstrut 14.18in:= bv 7 in=

fapp
Vapp

wstrut bv⋅( ):= fapp 8.1ksi=

fcu 8.1ksi=

fcu fapp

thus, at a load of 295 kips per actuator the web should have crushed  
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APPENDIX C. Mohr’s Circle Crack Angle Calculations 

 

ksi
β 1 0.67:= fpe 177:= ksi np 32:=

Ep 29000:= ksi nph 6:= (# harped strands)
Composite Properties:

α 0.1237:= cgs 10.8:= inches
h 63.5:= inches

e 15.23:= inchesAc 1629.2:= in2

Loads and Moments at Section of Interest:

w 1.35:= Rd w
L
2

⋅:= Rd 43.9= kips

SupportShear Rd 1 w⋅−:= SupportShear 42.5= kips

Vd
SupportShear

L
2

1−⎛⎜
⎝

⎞⎟
⎠

L
2

1−
a
2

−⎛⎜
⎝

⎞⎟
⎠

⋅:= Vd 38.14= kips

Mohr's Circle Prediction of Crack Angle
Calculations done with  Measured Values at the Center of the Shear Span

Measured Girder Properties:

f'cg 10550:= psi L 65:= ft bv 7:= inches

Eg 3280:= ksi Ls 63:= ft

Ag 802.7:= in2 a 6.5:= ft (shear span)

Deck Properties: Strand Properties:
fpu 284:= ksi dp 0.5:= inchesbw 84:= inches
fpy 259:= ksi Ap 0.153:= in2

f'cd 7.6:=
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inchesc 3.75=c
Ap np⋅ fpu⋅

0.85f'cd β 1⋅ bw⋅ Κ np⋅ Ap⋅
fpu
dp

⋅+

:=

de dp:=

inchesdp 52.7=dp 53 1.5+ 9+ cgs−:=

Κ 0.26=Κ 2 1.04
fpy
fpu

−
⎛
⎜
⎝

⎞
⎟
⎠

⋅:=

with:

c
Ap fpu⋅ As fy⋅+ A's f'y⋅− 0.85f'c b bw−( )⋅ hf⋅−

0.85f'c β 1⋅ bw⋅ k Ap⋅
fpu
dp

⋅+

Necessary Flexural Data:

kipsVu 342.1=Vu VLL Vd+:=

kipsVd 38.1=

kipsVLL 304=VLL 1.571 P⋅:=

Applied Load kipsP 193.5:=

Look at statics for V:
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a β 1 c⋅:= a 2.52= inches

dv max de
a
2

− 0.9 de⋅, 0.72 h⋅,⎛⎜
⎝

⎞⎟
⎠

:= dv 51.4= inches

Find Applied Stresses:

σxy
Vu

bv dv⋅
−:= σxy 0.95−= ksi

σx
fpe Ap⋅ np⋅

Ac Ap np⋅−
−:= (applied to the composite section, Ac) σx 0.534−= ksi
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To solve for the predicted angle of the initial web-shear crack, the maximum
principle stress was set equal to the maximum allowable stress as suggested by
the Kupfer-Gerstle Method, using a splitting tensile strength = 0.796 ksi.

psi
6.82
100

10550( ) 720=or:

psi7.01 10550⋅ 720=or:

ct 11 percent less than f0.796
0.720

1.11=this value can also be looked at as:

ksiσ1 0.720=σ1 1
0.8σmin

f'cg
1000

+
⎛
⎜
⎜
⎝

⎞
⎟
⎟
⎠

0.796⋅:=

Kupfer-Gerstle Maximum Allowable Stress:

ksiσmax 0.720=σmax
σx
2

σx
2

⎛
⎜
⎝

⎞
⎟
⎠

2

σxy
2

++:=

ksiσmin 1.25−=σmin
σx
2

σx
2

⎛
⎜
⎝

⎞
⎟
⎠

2

σxy
2

+−:=

θ 37.2deg=θ
1
2

atan
2σxy
σx

⎛⎜
⎜⎝

⎞⎟
⎟⎠

:=

Find Angle of Rotation and Principle Stresses:
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