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(ABSTRACT)

A group of researchers, engineers, and government transportation officials have teamed
up to design two bridges with simply-supported FRP composite structural beams. The Toms
Creek Bridge, located in Blacksburg, Virginia, has been in service for six years. Meanwhile, the
Route 601 Bridge, located in Sugar Grove, Virginia, has been in service for two years.

Researchers have conducted load tests at both bridges to determine if their performance
has changed during their respective service lives. The key design parameters under
consideration are: deflection, wheel load distribution, and dynamic load allowance.

The results from the latest tests in 2003 yield little, yet statistically significant, changes in
these key factors for both bridges. Most differences appear to be largely temperature related,
although the reason behind this effect is unclear. For the Toms Creek Bridge, the largest average
values from the 2003 tests are 440 pe for service strain, 0.43 in. (L/484) for service deflection,
0.08 (S/11.1) for wheel load distribution, and 0.64 for dynamic load allowance. The values for
the Route 601 Bridge are 220 pe, 0.38 in. (L/1230), 0.34 (5/10.2), and 0.14 for the same
corresponding parameters.

The recommended design values for the dynamic load allowance in both bridges have
been revised upwards to 1.35 and 0.5 for the Toms Creek Bridge and Route 601 Bridge,
respectively, to account for variability in the data. With these increased factors, the largest strain
in the Toms Creek Bridge and Route 601 Bridge would be less than 13% and 12%, respectively,
of ultimate strain. Therefore, the two bridges continue to provide a large factor of safety against

failure.
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Chapter 1: Introduction and Literature Review

1.1 Introduction
In its 2001 report on the assessment of this country’s infrastructure, the American Society
of Civil Engineers (ASCE) stated that the Federal Highway Administration (FHWA) found that

27.5% of the country’s bridges were either structurally deficient or functionally obsolete, where

a structurally deficient bridge is closed or restricted to light vehicles because of its
deteriorated structural components ... a functionally obsolete bridge has older
design features and while it is not unsafe for all vehicles, it cannot safely
accommodate current traffic volumes, and vehicle sizes and weights (ASCE,

2001).

The FHWA has set a target of having less than 25% of all bridges being classified as structurally
deficient by the year 2008. The cost for eliminating these deficiencies is estimated at $9.4 billion
a year for the next twenty years, with an extra $5.8 billion a year needed to maintain the
remaining bridges. However, in its 2003 progress report to the 2001 assessment, the ASCE cited
questionable progress in reaching FHWA'’s goal due to trends in funding by state transportation
departments (ASCE, 2003).

In making policy recommendations to promote progress, the ASCE suggested using the
latest technology for designing and constructing bridges. One such technology is fiber-
reinforced polymer (FRP) composite material. FRP has actually been around since its debut in
British Spitfire fighter planes at the end of World War II, but the concept did not develop further
until glass fiber-reinforced polymers gained prominence within the boating industry during the
1950’s. Carbon fiber-reinforced polymers came on board during the 1960’s due to superior
strength and stiffness needed in the aerospace industry (Mirmiran et al., 2003). However, this
strength and stiffness came at a cost premium. Thus, the FRP industry began focusing on the
sporting industry during the 1970’s to encourage mass production, and consequently, lowering
the material cost (Bakis et al., 2002). Nonetheless, it was not until later when the civil
engineering industry began utilizing FRP composites in construction (Hollaway and Head,

2001).



1.1.1 Advantages and Disadvantages of FRP

One major reason for the sluggish uptake in using FRP in the civil infrastructure is that
the material continues to have high initial costs when compared to traditional building materials
such as concrete, steel, or wood. Additional obstacles include the absence of a design code for
FRP, the lack of educational programs about the material for civil engineers, a paucity of long-
term field tests and durability data for structures constructed with FRP, difficulty in connection
design, and a lower elastic modulus along with the material’s sudden, brittle failure mode
(Mirmiran et al., 2003; Karbhari et al., 2003).

Despite these problems that might cause a civil engineer to shy away from designing
bridges with the material, FRP shows many promising qualities which deserve consideration.
Foremost is the material’s high strength-to-weight and stiffness-to-weight ratio, resulting in an
overall lightweight structure. Just as a comparison, typical bridge decks constructed with FRP
can be 75% to 80% lighter than comparable decks made out of reinforced concrete (Karbhari et
al., 2000). The decrease in weight helps in several different ways. First, less weight in elements
such as deck structures can allow a higher live load rating for a bridge, thus keeping the structure
functionally efficient. Secondly, lighter superstructural elements lead to less expensive column
and foundation elements in terms of design and construction costs (Seible, 2003). Additionally,
lower weight in construction materials means lower costs in transporting those materials to the
work site, and likewise, lower construction costs since smaller machinery and less labor would
be required for installing the lightweight members (Wallace, 1999). Lastly, bridges made with
FRP components typically take less time to construct, thus adding additional savings in labor
costs, but more importantly, saving money for the local economy affected by the closure of a
main thoroughfare (Foster et al., 2000). Another important quality for FRP is its resistance to
corrosion; corrosion in steel beams and reinforced concrete members requires costly
maintenance and places a large burden on state transportation department budgets. With its
corrosion resistance, FRP has the potential to last much longer than bridges constructed with
other traditional materials (Karbhari and Seible, 2000). So, despite the high initial material costs,
the summation of the aforementioned advantages can lead to lower overall lifecycle costs, thus

making FRP a more attractive material to build with over the long term.



1.1.2 FRP Fabrication

For the short term, the demand for FRP in the high-priced defense industry has decreased,
thus lowering the material’s cost somewhat (Seible, 2003). Meanwhile, improvements in the
manufacturing process have further improved the economy of FRP for use in civil infrastructure.
In the past, hand lay-up procedures and vacuum assisted resin transfer molding have provided
simple and easily-customized shapes; however, these processes are expensive in terms of labor
and cycle times (Lesko et al., 2001). On the other hand, the pultrusion process has established
itself as the method of choice for a mass-production scale in a cost effective fashion. In this
automated, continuous process, reinforcing fibers impregnated with a resin matrix are pulled
through a heated curing die at a speed of about 10 ft (3 m) per minute (Bakis et al., 2002).

The fibers are what provide the strength in the FRP, while the resin matrix holds the
fibers in position as well as defends against chemical attack. Fibers are typically made of
carbon, glass, or aramid. Although carbon is more expensive, glass is highly susceptible to both
alkaline and chloride environments, and to a smaller degree, so is aramid (Baldzs and Borosnyd,
2001). For pultrusion, these fiber reinforcements typically come in the form of fiber bundles,
continuous strand mats, and non-woven surfacing veils. The reinforcements can also consist of
bidirectional, multidirectional woven, braided or stitched fabrics (Bakis et al., 2002). The resin
matrix used in the pultrusion process is generally either vinyl ester or polyester, although vinyl
ester has proven its superiority in performance against alkaline attack, UV deterioration, and

moisture absorption (Balazs and Borosnyd, 2001).

1.2 Literature Review

1.2.1 Durability Research

As mentioned before, one of the reasons why civil engineers have been reluctant to
embrace FRP as a construction material is because of the lack of long-term data on the material.
Karbhari et al. (2003) provide an analysis on the state of knowledge about FRP’s durability,

which the authors defined as the material’s

ability to resist cracking, oxidation, chemical degradation, delamination, wear,
and/or the effects of foreign object damage for a specified period of time, under

the appropriate load conditions, under specified environmental conditions.



The report divided the issue into seven environmental foci: moisture/solution, alkali, thermal,
creep and relaxation, fatigue, ultraviolet radiation, and fire. Researchers rated each area based on
two factors: the availability of pertinent data and the importance of the data that remains
unknown. All seven areas were either in moderate or critical need of additional study for
determining their long-term effects on FRP. The authors recommended establishing an
integrated knowledge system for all of the data that is already in existence, as well as devising a
methodology for gathering data that still needs to be collected. More importantly, however, the
authors cited the critical need for new durability data to come from field tests, as opposed to
accelerated laboratory experiments which yield results that can differ substantially from long-
term field tests.

Of the recent durability research, much of the emphasis appears to be on glass fiber-
reinforced polymers (GFRP). Nishizaki and Meiarashi (2002) studied the long-term
deterioration of GFRP in wet environments by submersing square and rectangular tubes in
distilled water at a constant 105 F (40 C) or 140 F (60 C), as well as subjecting similar shapes to
constant humidity levels of 65% and 85% under the same aforementioned range of temperatures.
After 420 days of 105 degree temperatures, specimens kept in 85% humidity lost about 24% of
their initial bending strength, while specimens kept in water lost nearly 45%. The authors
concluded that the main cause in strength reduction was the separation of the reinforcing fibers
from the resin matrix or a reduction in the resin strength.

According to the analysis by Karbhari et al., another important subject which needs
further study is creep strain in FRP. While a few studies have looked at creep, most have only
tested coupons or relatively short specimens. Choi and Yuan (2003) have taken research one
step further by testing 4-ft (1.2-m) long GFRP columns having either box or wide-flanged cross-
sectional shapes. The applied load ranged from 20% to 40% of the ultimate strength. Across the
different stress levels, the results showed that the wide-flanged specimens had an average 11%
increase in creep strain beyond the initial elastic strain after 2500 hours of applied constant load;
54% of that creep strain occurred within the first 24 hours of loading. The box sections had
creep strains that were slightly lower than those of the wide-flanged sections. The researchers
were successfully able to fit the data results to Findley’s power law model in estimating the time-

dependent deformation of pultruded GFRP columns. From this model, their conclusion was that
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the compressive elastic modulus for GFRP subjected to constant axial load would decrease by
30% over a 50-year period.

GFRP was the focus of another study, which examined fatigue characteristics (Nagaraj
and Gangarao, 1998). Here, the research tested 6-ft (1.83-m) long wide-flanged and box sections
for flexural fatigue and compared the results with a typical wide-flanged section made of A36
steel. Just looking at the composite sections by themselves, the wide-flanged sections displayed
no sign of deterioration in stiffness, i.e., modulus reduction, until the tests reached about 80% to
90% of their fatigue life, but showed upwards of a 20% decline in stiffness at about 95% of their
fatigue life. The reasoning behind this sharp drop-off in stiffness was that fiber breakage
initiated at this stage in the fatigue life. Additional tests on the wide-flanged section showed that
there was no loss in stiffness when the specimen was cycled 6 x 10° times at incremental levels
of ultimate strain (27% to 50% of eur). Aswas expected from earlier research, the composite
material had a greater fatigue limit than steel, where the fatigue limit was defined as the strain
level corresponding to a fatigue life of 10° cycles. Furthermore, the steel exhibited a more rapid
decline in fatigue life for an incremental increase in strain level near the endurance limit for the

respective materials.

1.2.2 Large-Scale Field Experimentation

All of the studies discussed above involved small-scale studies performed in a laboratory.
Again, the Karbhari et al. paper emphasizes the need to take the research out into actual
environmental exposure conditions in order to establish appropriate durability-based design
factors. Indeed, large-scale projects have made use of FRP in the form of pultruded structural
shapes such as: highway bridge decks, girders, prestressed and non-prestressed internal
reinforcements for concrete, and cables for external post-tensioning and cable-stayed bridges.
Researchers have also tested FRP in externally-bonded reinforcements for seismic retrofitting of
columns, strengthening masonry walls, and repairing reinforced concrete (Bakis et al., 2002;
Meier, 2000).

Among some of the research looking into using FRP as the main load-carrying members
in bridges, the Eastern Federal Lands Highway Division (EFLHD) of the Federal Highway
Administration investigated using FRP composite structural shapes as truss members for the

Falls Creek Trail Bridge in the Gifford Pinchot National Forest in Washington State (Wallace,



2000). In conjunction with the United States Forest Service (USFS), the EFLHD set the bar
fairly high when specifying the design requirements: the design needed to be repeatable for
future bridges, the bridge needed to be constructed with readily available parts, all construction
materials were to be “packed” into the remote location, and consequently, could not require
heavy machinery or tools for construction. Once constructed, the bridge should need little or no
maintenance as well as have enough strength to support considerable snow loads during the
winter seasons. The 45.5-ft (13.87-m) long pedestrian bridge was designed as a Pratt truss,
which allowed for ease of duplication and expansion for other bridges. Strongwell Corporation
provided the truss members and deck grating from its EXTREN product line, thus satisfying the
“readily available” requirement. The construction was estimated to take two days, with the work
performed by USFS personnel.

Moving from bridges designed for pedestrian traffic to those designed for vehicular
traffic, Bridge 1-351 over Muddy Run Creek in Glasgow, Delaware is an all-FRP, simply-
supported “sandwich” construction that spans 31.8 ft (9.7 m) [Gillespie et al., 2000]. The
sandwich construction implies two FRP face sheets sandwiching a web core, where the web core
consists of 893 vertical foam rectangular prisms wrapped with FRP sheets. The total weight of
this FRP structure is about 10% of the weight of a traditional concrete slab girder bridge, yet
Bridge 1-351 carries business traffic including light trucks. While a monitoring system has been
set up to observe long-term behavioral changes in the bridge, to date, no data has been published
regarding these observations.

A project designed to carry much heavier traffic is the “Tech 217 Bridge, which carries
Smith Road over the Great Miami River in Butler County, Ohio (Foster et al., 2000). Designed
for American Association of State Highway and Transportation Officials (AASHTO) HS-20 load
requirements, the bridge spans the 33-ft (10-m) distance using a combination of U-shaped FRP
composite box beams and a deck consisting of FRP trapezoidal tube sections sandwiched
between two FRP composite face plates. Both the box beams and the deck components were
fabricated from E-glass fibers and an isopolyester resin mix. The entire construction time took
only six weeks, versus an estimated ten weeks that would have been needed for a traditional
reinforced concrete structure. Furthermore, the 5-in. thick asphalt wearing surface weighed more

than the rest of the entire bridge. Similar to Bridge 1-351, the “Tech 21” Bridge has sensors for



continuous monitoring; however, no updates on the bridge’s performance have been published at
the time of writing this report.

Like Ohio, Missouri has its own all-FRP composite bridge at the University of Missouri-
Rolla (UMR) campus (Watkins et al., 2001). Although the 30-ft (9.1-m) long bridge was
designed for AASHTO H20 loading and a maximum /;6-in. (11-mm) deflection, the bridge has
primarily been used as a pedestrian bridge mixed with some light traffic. The design is a
modular assembly of seven layers of pultruded FRP square tubes alternating in longitudinal and
transverse orientations. In order to maximize material strengths and reduce costs, the bottom
layer and the next-to-top layer were manufactured with carbon fibers and vinyl ester resin
matrix. The remaining layers contain glass fibers and polyester resin matrix; all layers were
constructed by coating each tube with epoxy on two sides and then screwing and clamping the
adjoining tubes during a curing process. Placing the bridge at the site took less than 3 hours, and
a fiber-optic data line has since been installed for continual monitoring of the bridge’s
performance. As with the other bridges, no long-term results have been published to date.

While the three previously described bridges solely comprise FRP composite materials,
one idea that is gaining interest is using FRP in a hybrid fashion with traditional materials in
order to best utilize each material’s strength. One idea that Kitane et al. (2004) have tested is a
hybrid fiber-reinforced polymer-concrete structural system. The cross-section initially comprises
three glass-vinyl ester pultruded FRP trapezoidal box beams that are about 3.8 ft (1.16 m) in
height. The three box beams are assembled together, with the middle box beam being inverted in
relation the two outside beams, and wrapped with an FRP laminate to create an integral
superstructure. Then, the top 4 in. of the assembly is filled with a lightweight concrete. Thus,
the concrete portion carries the compressive loads, the bottom portion of the FRP assembly
carries the tension loads, and the web walls formed by the adjoining trapezoidal shapes take care
of the shear forces, with each of the three sections being customized to work most efficiently.
From small scale testing, the authors estimated that the inclusion of the concrete in this structure
will help to increase flexural stiffness by 40% and could easily satisfy AASHTO live load
deflection recommendations. Additional tests show excellent fatigue resistance and strength,
which is eight times greater than that required by the design codes for a live tandem load.

Failure at ultimate strength occurred in the concrete region, but did not lead to catastrophic

collapse of the entire structure. Although this type of design still needs a full scale test as well as
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a long-term field test, utilizing different materials in a hybrid structure certainly holds promise

for greater efficiency in civil structures in the future.

1.2.3 The Toms Creek Bridge

The Toms Creek Bridge carries Toms Creek Road over Toms Creek in Blacksburg,
Virginia. In 1990, this bridge was identified as needing a complete rehabilitation. However, by
1996, the Town of Blacksburg was only looking for a temporary solution since town planners
were expecting to widen the roadway within the next 15 years. At the same time, Strongwell
Corporation was collaborating with Dr. Abdul Zureick of Georgia Tech in designing a new
pultruded hybrid FRP double-web beam (DWB) as part of the Advanced Technology Program
sponsored by the National Institute of Standards and Technology. As a part of the development
process for this technology, Strongwell manufactured a prototype beam and was seeking a small
demonstration project to showcase its product. Thus, the Town of Blacksburg and Strongwell
had an answer for each other’s needs (Hayes, 1998).

The Town of Blacksburg and Strongwell collaborated with a team of engineers and
researchers from Virginia Tech, the Virginia Transportation Research Council (VTRC), and the
Virginia Department of Transportation (VDOT) in rehabilitating the two-lane Toms Creek
Bridge (see Figure 1-1). While the old bridge consisted of twelve steel stringers supporting
transverse wood planking and asphalt, the new bridge has 24 FRP composite beams supporting a
glulam deck and an asphalt wearing surface. See Figure 1-2 for a cross-sectional schematic of
the bridge. Measuring 8 in. deep by 6 in. wide (200 mm by 150 mm), the beams’ cross-section
includes a double-web and sub-flanges, as seen in Figure 1-3. The double-web and sub-flanges
aid in providing buckling, torsion, and shear deformation resistance. The pultruded FRP material
itself contains a hybrid combination of glass fibers in the webs and carbon fibers in the flanges,
where the carbon fibers provide a threefold increase in flexural stiffness compared to having
glass fibers in the flanges. This additional flexural stiffness is a great benefit considering that
designing with FRP is typically deflection-controlled. Having a fiber volume fraction of around
55%, all of the fibers are embedded in a vinyl ester resin matrix. Although the vinyl ester does
not contain any UV inhibitors, the beams themselves have a sufficient amount of carbon black
filler to protect against UV radiation (Hayes, 1998; Neely, 2000).

Prior to designing the Toms Creek Bridge, Michael Hayes (1998) determined that these

beams have an average modulus of elasticity of 6670 ksi (45.9 GPa), which is about one-fifth
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that of the original steel stringers. The lower material modulus combined with the shorter
geometry of the FRP beams to result in a lower bending stiffness when compared to the original
steel beams. Therefore, every steel stringer was replaced by two FRP composite beams in order
to insure that the bridge would meet the AASHTO design requirements for a HS20-44 loading.
The design with the FRP beams maintains the same 17.5-ft (5.33-m) span and 12.5° skew as the
prior bridge (see Figure 1-4). The beams themselves are simply supported on the original
concrete abutments, and are held in place by 2 x 4 pressure-treated timber sections clamping
down on top of the bottom flanges through the force of anchor bolts. Likewise, the glulam deck
panels are connected to the beams with bolt-tightened 2 x 4 timber sections against the bottom of
the top flanges. Figure 1-5 shows a detail for the two different connections. The entire deck
consists of seven glulam panels measuring 24.5 ft by 2.83 ft by 5'/s in. (7.47 m by 860 mm by
130 mm), with the longer dimension oriented transversely to the longitudinal direction of the
beams. The wearing surface across the glulam deck is a 6-in. (150-mm) asphalt course (Neely,
2000).

Construction of the bridge only took four days; the bridge was opened to traffic in June of
1997. That time marked the beginning of a series of five load tests that researchers at Virginia
Tech conducted every six months. The purpose of these interval tests was to determine if there
were any changes in the bridge’s maximum deflection, wheel load distribution, and dynamic
load allowance. In addition, after fifteen months of service, two beams were replaced with fresh
beams, while the extracted beams underwent tests for determining if there had been any losses in
ultimate strength or stiffness. Neely reported that there was no apparent loss in either of these
two properties. The latest average daily traffic (ADT) count, taken in 1996 prior to the new
bridge design, is 1141, consisting of mostly small to medium-sized vehicles (R. Formica,

personal communication, July 26, 2004).

1.2.4 The Route 601 Bridge

The FRP beams used in the Toms Creek Bridge were actually a prototype for 36-in. (915-
mm) DWB designed by Strongwell and Dr. Zureick; Strongwell was also looking for an
appropriate project for demonstrating the larger beams. In 1998, inspectors found that the Route
601 Bridge over Dickey Creek in Sugar Grove, Virginia was in “poor condition” and in need of a

complete overhaul. This bridge provided a unique opportunity for engineers and researchers at



Virginia Tech, VTRC and VDOT to collaborate with Strongwell in utilizing this new technology
(Waldron, 2001). The results of this collaboration can be seen in Figure 1-6.

As a preliminary design for the bridge, researchers at Virginia Tech used material
properties of the 36-in. (915-mm) DWB measured through laboratory testing and a finite
difference model developed by Hayes (1998). The beam had an average bending modulus of
6000 ksi (41.4 MPa) and a shear stiffness of 20 Msi-in® (89.0 MPa-m?). Assuming a 30%
dynamic load allowance and the controlling load being two AASHTO HS20-44 trucks, the
researchers used a deflection limit target of L/800 to determine that the girder spacing would be
3.5 ft (1.1 m). Note that L is the span length of the bridge, measured in feet. Since there are no
specifications for FRP beams, the engineers selected the same distribution factor specified for a
steel girder, timber deck bridge, which was S/5, where S is the girder spacing. Thus, with a
girder spacing of 3.5 ft (1.1 m), the wheel load distribution became 0.70, meaning that 70% of a
single wheel line goes to a single girder. With this knowledge, the engineers applied both a
theoretical HS20-44 and HS20-AML (Alternate Military Loading) load to a beam and
determined that the beams would have sufficient bending strength for the controlling load, which
was the HS20-44 loading (Waldron, 2001).

After all of the design work was complete, the plans called for eight 36-in. (1.1 m) DWB
spanning 39 ft (11.9 m) from center-to-center of the supports, as shown in Figure 1-7 and Figure
1-8. The girders have a similar geometry and material composition as the beams used in the
Toms Creek Bridge (see Figure 1-9). In between the girders are a set of three diaphragms: one at
each end of the beams and a third one that is 1 ft off-center from midspan. Sitting on top of 2-in.
(50-mm) thick neoprene pads, each girder is connected to concrete abutments by two steel angles
on either side of the girder. One angle leg is perpendicular to the abutment while the other angle
leg fits over an anchor bolt in the abutment and lays flush against the top of the bottom beam
flange. A nut threaded onto each anchor bolt kept the angles in place. For the deck-to-girder
connections, two pairs of steel double angles work to keep the deck in place. One double angle
has its flange flush against the girder with its stem facing outward. Likewise, the other double
angle has its flange flush against the bottom of the deck with its stem facing downward. The two
stems meet in a perpendicular fashion and are bolted in place, as shown in Figure 1-10. The
deck itself is a set of ten 5'/g-in. thick glulam panels, which support an asphalt wearing surface

(Restrepo, 2002).
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Bridge construction took nearly four months, but this time included widening the river
channel and constructing new abutments. The Route 601 Bridge was opened to traffic in
October of 2001 and has had an ADT count of 550 small to medium-sized vehicles per day (S. B.
Buston, personal communication, July 26, 2004). Shortly after the bridge had opened,
researchers at Virginia Tech performed a load test to compare the in-situ performance with the
design calculations and finite element models. A second test took place eight months later in an
effort to gauge the bridge’s performance over time with regards to deflection, wheel load
distribution, and dynamic load allowance. The Route 601 Bridge performed better than what
was calculated in the design or the results of the finite element models. This performance was
attributed to generally conservative assumptions in the design and material properties, including
neglecting the benefits of stiffening from the timber curb and railing, as well as the partial

flexural restraint provided by the bearing supports (Restrepo, 2002).

1.2.5 AASHTO Bridge Design Guidelines

Currently, there are two different design principles that structural engineers use in the
United States: Allowable Stress Design (ASD) and Load and Resistance Factor Design (LRFD).
The ASD approach has been employed since the 19" century, when large structures were
primarily constructed from steel. Steel generally has a well-documented yield point that is well
below the failure stress; however, as an added precaution, engineers incorporated a safety factor
into the equation such that the design loads multiplied by this safety factor would be less than the
stress at yield. Hence, the name Allowable Stress Design.

However, this design philosophy was developed for a homogenous material being used in
statically determinate structures. In more modern times, ASD has become less applicable in
structures using complex types of materials and higher levels of redundancy. Additionally, the
ASD safety factors were only applied to the loads, not to the resistance, i.e., the ultimate strength
in the materials. Furthermore, these safety factors were based merely on past experience and
judgment; there were no statistical measures of the risks or safety involved in the design. Thus,
researchers developed a new approach that was based on the strength of the material, the
variability in both the loads and the resistance to those loads, and a factor of safety that was
related to probability. Hence, the name Load and Resistance Factor Design. The variability in
the resistance side of the equation included uncertainty in the material properties, mathematical

models used in the design, and quality control. On the other side of the equation, the variability
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in the loads considered the uncertainty in the magnitude of those loads and the probability of the
combination of two or more different types of loads (Barker and Puckett, 1997).

Many engineers still prefer the ASD approach to design due to its familiarity and ease of
use. However, there is a big push, especially from academia, to move into the LRFD realm.
Many large firms are making the switch, and many states, such as Virginia, will be training their
engineers on this probability-based method. Since the two bridges in this study were designed
under the ASD guidelines, both the AASHTO Standard Specifications for Highway Design
(1996), which uses ASD, and the AASHTO LRFD Bridge Design Specifications (1998) will be
discussed here with regards to deflection control, wheel load distribution, and dynamic load
allowance.

Note that neither of these design codes deals with the topic of fiber-reinforced polymers.
In the U.S., much of the focus has been on using FRP for internally and externally reinforcing
concrete. The American Concrete Institute has come up with standards in these two fields.
Canada and other countries in Europe have also come up with some specifications in using
concrete reinforced with FRP. However, Japan has taken the global lead in providing guidance
for its engineers regarding FRP (Bakis et al., 2002). In addition to The Japan Society of Civil
Engineers (JSCE) formulating specifications for testing and designing with internal FRP
reinforcements, they have also covered the use of FRP sheets for repairing or retrofitting bridge
piers and columns. The JSCE has also devoted some resources to looking at FRP structural
shapes (Ueda, 2002). Nevertheless, using FRP shapes in bridge design is by far the most
neglected topic in terms of design standards (Bakis et al., 2002).

1.2.5.1 Deflection Control

Both the AASHTO Standard Specifications and AASHTO LRFD Specifications leave the
topic of deflections as an optional design criterion, although currently the design codes
recommend that deflection be considered when designing for service live loads and impact. In
fact, some state transportation departments, such as VDOT, typically require designs to satisfy
certain deflection limits. There are several reasons for limiting the deflection in a bridge. First,
excessive deformations can cause damage to non-structural elements, such as cracks in asphalt
wearing surfaces or concrete slabs, which can make it easier for water to reach the structural
elements. Secondly, limiting the deflection is thought to control the vibrations in the bridge as a

vehicle travels across it. These vibrations tend to give riders and or pedestrians the uneasy
12



feeling that the bridge is not safe to travel across, when in fact the bridge is structurally sound. A
third reason is more for aesthetic purposes; a sagging bridge gives the perception that the bridge
is near collapse and is not safe to travel under. Such public sentiment is critical in the public’s
view of the performance of state transportation departments.

However, there has been an ongoing debate regarding the validity of these reasons
because there is little available data relating a bridge’s deflection to its durability. Furthermore,
the in-situ deflection in a bridge is typically less than the deflection calculated in the design
because the actual deflection can be influenced by many different factors that are either ignored
or at best estimated. For example, the overall stiffness of the bridge can depend on the stiffness
of the deck-girder system or the edge stiffness provided by barriers and curbs along the sides of
the bridge. Regarding the issue of rider comfort when traveling across the bridge, some
researchers have shown that instead of comfort being dependent on the deflection magnitude, the
issue is related to the acceleration of the deflection. In this case, acceleration is a function of the
bridge’s fundamental frequency (AASHTO, 1998). Resolution to this debate is quite important
to FRP gaining wider acceptance in the design community, since designing with FRP is typically
controlled by deflection limits.

Absent any consensus on the importance of deflection control, AASHTO continues to
offer limits for design. In the Standard Specifications, these limits are discussed in Section 8.9
for reinforced concrete, Section 9.11 for prestressed concrete, Section 10.6 for steel, and Section
13.4 for bridges constructed out of timber. For bridges constructed with reinforced concrete,

prestressed concrete, and steel, the deflection limits are as follows:

o< % for bridges with vehicular traffic (1-1)
o< ﬁ for bridges with vehicular and/or pedestrian traffic (1-2)

For timber bridges, the deflection limit is:

0 < % for bridges with vehicular and/or pedestrian traffic (1-3)

where 0 is the deflection due to the combination of a service live load and an impact factor,
which is discussed in Section 1.2.5.3 of this report; L is the span length, measured in feet, from

center-to-center of the supports.
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The AASHTO LRF D Specifications have the same recommended deflection limits for
reinforced concrete, prestressed concrete, and steel girder bridges, as discussed in Section
2.5.6.2.2 of the code. However, the limits for timber bridges are slightly different than those in

the Standard Specifications:

0< ELS for bridges with vehicular and/or pedestrian traffic (14)
0.10 in. relative deflection between adjacent planks or panels (1-5)

Note that deflection is a service limit state. Service limit states also include slenderness,

flexibility, and fatigue; all of these factors can affect the lifetime performance of a bridge.

1.2.5.2 Wheel Load Distribution Factor, g

Most bridges in the U.S. are of a slab-and-girder design. As a vehicle travels over this
type of bridge, the portion of that load which a girder carries is primarily a function of the
relative stiffness between the slab and the girders. In other words, a slab that is relatively
flexible compared to the girders results in the girder directly beneath the load deflecting much
more than any of the other girders. That amount of deflection is indicative of the amount of load
the girder is carrying. On the other hand, if the slab is stiffer than the beams, then the slab tends
to distribute the load in a more uniform fashion, as shown in Figure 1-11 (Barker and Puckett,
1997).

However, there are many other factors aside from this relative stiffness that can affect
wheel load distribution, and consequently, the demand on a girder. Such factors include girder
spacing, span length, flexural and torsional stiffness, deck properties, and bridge skew. The
AASHTO Standard Specifications simplify such a large number of complex factors by
employing the load distribution method in Sections 3.23 through 3.30. From Table 3.23.1, a load

distribution factor for an interior stringer or beam is calculated as:

9=5 (1-6)

where g is the wheel load distribution factor, S is the girder spacing, measured in feet, and D is a
variable dependent on the type of bridge and the number of traffic lanes. On the other hand,
Section 3.23.2.3 states that the girder distribution factor for an exterior stringer or beam must be

calculated by what is known as the “lever rule.” In this case, the deck is assumed to have hinges
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at the girders, thus creating a determinate structure. From static analysis, the reaction at the
exterior girder gives the load distribution factor for that girder (AASHTO, 1996).

The engineer can determine the design live load moment for each girder by positioning a
load truck at the location along the girder which results in the maximum bending moment and
then multiplying that moment by g from Eq. (1-6). When considering multiple-lane bridges,
i.e., bridges with more than two lanes, the AASHTO Standard Specifications call for including a
reduction factor for multiple presence. This reduction factor on the live load accounts for the
probability of some or all of the lanes being loaded with a truck at the same time and at the same
longitudinal location along the bridge (AASHTO, 1996).

Although easy to use, Eq. (1-6) does not always give an accurate indication of the true
value for g in a bridge. For one, this formulation was developed by idealizing a bridge as an
orthotropic plate free of edge stiffening and without any skew. Also, the researchers assumed
that the maximum distance between a line of wheels and the outside edge of the bridge would be
3.5 ft (1.1 m). These two assumptions tend to lead to overly conservative values for g, especially
when considering exterior girders. Further more, Eq. (1-6) does not consider the stiffness of the
deck or the girders, or the span length of the bridge (Barr et al., 2001; Kim and Nowak, 1997).

To bring the girder distribution factor more in line with results from actual bridges,
Zokaie et al. (1991) developed some refined empirical formulations for g based on girder
spacing, span length, stiffness parameters, and skew. The AASHTO LRFD Specifications have
adopted much of this work and addresses it in Section 4.6.2, where the equations used for
calculating the distribution factor are in Table 4.6.2.2.1-1. Note that in order to compare the two
design specifications, the engineer must divide g s by two in order to get an equivalent value for
g LrrD, Where g sigand g rpp are the girder distribution factors calculated using the AASHTO
Standard Specifications and LRFD Specifications, respectively. This is because the equations in
the LRFD Specifications are based on a “per axle” or “two wheel line” basis, whereas the Eq. (1-
6) has been derived on a “per wheel line” basis.

Similar to the AASHTO Standard Specifications, the AASHTO LRFD Specifications
require that the distribution factor for an exterior girder be determined using the “lever rule,” as
discussed earlier. However, unlike the AASHTO Standard Specifications, calculations for ¢
using the AASHTO LRFD Specifications do not need to account for multiple presence on a

bridge. This is because that factor is implicitly included in the LRFD equations, which Zokiae et
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al. developed for the most critical case in multiple-lane loaded scenarios. Still, the equations in
the AASHTO LRFD Specifications have their limitations. In order to use these equations, the
basic bridge design must match one of a handful of designs identified in the code. Also, the
bridge must have a constant cross section and a minimum of four beams that have approximately
the same stiffness. Furthermore, the curvature of the bridge in plan view must be small. Lastly,
the roadway portion of the cantilever hanging over the exterior girder must not exceed 3 ft (915

mm) [AASHTO, 1998].

1.2.5.3 Dynamic Load Allowance, IM

As a vehicle travels across a bridge, the roadway surface is not always smooth. There
may be an incongruity where the approach meets the abutment; the bridge deck might contain
uneven deck joints, potholes, and patches; and the roadway itself might have rough condition
before the vehicle even reaches the bridge. All of these circumstances can cause the suspension
system in a vehicle to mitigate the effects of these conditions through extension and
compression. When accelerating upward in extension, the suspension system increases the
effective static weight of the vehicle axle by applying an “opposite” reaction force to the
roadway. Hence, the term dynamic loading, or what is also called “impact” (Taly, 1998).

The AASHTO design codes account for this dynamic loading by increasing the static
loading by a dynamic load allowance, or impact factor, IM. IM in the AASHTO Standard
Specifications is addressed in Section 3.8.2, and has the formula:

M = >0 <30% (1-7)
L+125

where IM is the fraction of the combination of the lane and truck load due the dynamic loading,
and L is the span length of the bridge, measured in feet (AASHTO, 1996). Thus, the full loading
during a dynamic event can be calculated as:

den = Pstat(l + IM) ( 1-8 )

where Pgyn is the dynamic loading, Py is the static load of the vehicle, and IM is expressed in a
decimal format (Barker and Puckett, 1998).

This dynamic effect can be affected by a number of factors such as: the aforementioned
surface conditions, the dynamic characteristics of both the load truck and the bridge, simple span

versus continuous span, vehicle speed, vehicle mass, the number of axles, and even the vehicle’s
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tire pressure (Laman et al., 1997). However, the development of Eq. (1-7) was based on load
tests performed on railroad bridges. Typically, the impact factor on highway bridges is less than
30%, but other studies found that in actuality, there is wide variability in IM. Some results even
exceeded a dynamic load allowance of 2.0, particularly for short-span bridges (Taly, 1998).

The AASHTO Standard Specifications dictate that Eq. (1-8) is only applicable to straight
bridges. Also, all forces due to dynamic loading must be included in the loads applied to all
substructural elements. On the other hand the AASHTO LRFD Specifications state that IM need
not be applied to retaining walls that are not subjected to vertical forces from the superstructure,
nor to any portions of the foundation that are entirely below grade (AASHTO, 1998).

The AASHTO LRFD Specifications list the IM values in Section 3.6.2. Unlike Eq. (1-7),
which determines the dynamic load allowance solely on the span length, the IM in the LRFD
Specificatons is based on the type of bridge component and the design limit:

Deck joints (all limit states) 75%

All other components

Fatigue and Fracture Limit State ~ 15%

All other limit states 33%
These impact factors already have the lane loading factored in; therefore, only the truck loads are
factored by the IM values listed above. Additionally, when designing for timber structures, the
dynamic load allowances listed above may be reduced by 50% due to the high damping nature of
wood (AASHTO, 1998).

When testing in the field for dynamic load allowance, this value is typically based on
either strain or deflection measurements and is computed as:
R

IM =%—1 (1-9)

stat

where Rgyn is the measured quantity during dynamic loading and Ry is the measured quantity
during static loading. Using Eq. (1-9) generally results in the IM for a bridge decreasing with the
weight of the truck because the truck’s dynamic effect remains fairly constant while the
deflection during static loading increases. While the normal instinct might be to find the largest
possible dynamic load allowance, using a heavily-loaded truck is satisfactory because the goal is

to determine the highest possible moment or shear demand on the bridge. Having a much larger
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static load with a slightly smaller impact factor, vis-a-vis a load truck, will help obtain that

design load (Barker and Puckett, 1997).

1.3 Scope and Objectives of This Study

The Toms Creek Bridge and the Route 601 Bridge are pioneer designs that use double-
web beams as the main load-carrying structural components in a bridge. At the completion of
construction, Neely and Restrepo performed live load tests to assess the respective bridges’
performance. This study serves as a continuation of their work and to monitor the two bridges
after an extensive period of actual in-situ loading conditions.

In doing so, this research has conducted an additional load test on each bridge. The test
for Toms Creek Bridge is the sixth experiment conducted, and took place six years after the
bridge opened to traffic. The test for the Route 601 Bridge is the third in a series of tests, and
took place two years after construction was completed. Each load test considers both the peak
strain and deflection in the girders as a load truck crossed the bridge. Lastly, an in-depth
inspection for each bridge will give an added assessment on the health of these two bridges.

The foremost objectives for this research are to determine the following performance
characteristics in each bridge:

service strains

service deflections

wheel load distributions, g
dynamic load allowances, IM

Secondly, this study will compare the results of the latest tests for the Toms Creek
Bridge and the Route 601 Bridge with the results that Neely and Restrepo achieved in their
research. These comparisons will help to learn whether or not there has been any significant
change in the behavior of either of these two bridges over time. Any changes can give some
indication about the long-term durability of FRP.

Additionally, this project will compare the results from the entire series of load tests for
each bridge with those requirements established for more traditional bridge designs in the
AASHTO Standard Specifications and LRFD Specifications. As noted in Section 1.2.5, there are
no guidelines for using FRP as the main load carrying element in a bridge. This research hopes

to take a step toward filling that void.
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Lastly, this thesis will detail three field inspections at the two bridges. The purpose of
these inspections is to serve as an additional system for monitoring the conditions of the Toms

Creek Bridge and Route 601 Bridge.
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1.4 Figures

(b)

Figure 1-1. View of the Toms Creek Bridge looking (a) at the
upstream elevation, and (b) toward the northbound approach.
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Figure 1-2. Toms Creek Bridge cross-section (Neely, 2000).
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Figure 1-3. Cross-section of the 8-in. FRP composite
DWRB used in the Toms Creek Bridge (Neely, 2000).
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Figure 1-4. Plan view of the Toms Creek Bridge (Neely, 2000).
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Figure 1-5. Detail of girder-to-abutment and deck-to-girder connections (Neely, 2000).
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(b)

Figure 1-6. View of the Route 601 Bridge, looking (a) at the
upstream elevation, and (b) toward the eastbound approach.
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24



18/00
3.00 1200 3.00
69 10k2 g
" I
= 7 ! ] I//
= ’ gg%*.q
’
q .125 RAD
2 v ()
(=]
- /
vl
%
a A
"y -
-+ o j
Wi
A
&
Q|
. .50 RAD
(TvP)
L2, J
v 2 L7
Y

Figure 1-9. Cross-section of the 36-in. (1.1-m) DWB
used in the Route 601 Bridge (Waldron, 2002).

110
EOC L :_ e K T alf
Bridge Bolt Bricge Sot . i . .
) :; \.E | Eﬁ‘:“:rﬂ“"' 4 | Eﬂ—ﬁ?rﬂufzcn
ﬁ : L)
.T : i 1
Yp'g wd" Bot—=" I o, -BEAE Lﬁxﬂx.’z_.__l,h
If}rn.‘l |
:-TE”H_;HJII'E — fﬁ?’hﬁﬁw_ r ‘ L Tacdorl LTudnld
] }I’I!leII{:l Tt
L Tiad=el —ff N R ! | i
TR TyRIcAL SECTION AT BEAM DECK TO EIHDEH CONMECTION
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Figure 1-11. Visualization of relative stiffness between slab and girder, where (a) the slab is not
stiff, and (b) the slab is very stiff compared to the supporting girders (Barker and Puckett, 1997).
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Chapter 2: Experimental Procedure

2.1 Bridge Instrumentation

In order to determine the girder distribution factors, dynamic load allowances, and
deflections, both the Toms Creek Bridge and Route 601 Bridge were instrumented with quarter-
bridge strain gages and deflectometers at midspan. For the Toms Creek Bridge, only a select
number of the beams were instrumented because of the large number of beams versus the
relative few number of available deflectometers and the extensive time that would be involved in
placing strain gages on all 24 beams. Unlike the Toms Creek Bridge, all of the girders in the
Route 601 Bridge had gages and deflectometers at midspan. For both bridges, gages measuring
axial strain were on only two of the girders, because all previous testing showed axial strain to be
negligible. See Figure 2-1 and Figure 2-2 for a sketch of the instrumentation layout for the two

bridges.

2.1.1 Strain Gages

Micro-Measurements Group, located in Raleigh, North Carolina, manufactured the strain
gages used in all of the tests. These quarter-inch gages had a nominal resistance of 350 ohms
and a gage factor of 2.11. Prior to adhering a strain gage to a beam, the beam’s surface was
sanded smooth with a 200-grit silicon-carbide paper. After all the sanding residue was removed
with Micro-Meausrements’ M-Prep Conditioner, the beam surface was prepared for bonding
with the gage using Micro-Measurements’ M-Prep Neutralizer. A combination of M-Bond 200
catalyst and M-Bond 200 adhesive worked to bond the gage to the beam.

Once the strain gage had properly adhered to the beam, lead wires from a cable were
soldered to the gage. The cable wire used in all of these tests was a “special purpose audio
communication and instrumentation cable,” manufactured by Belden Inc. This cable had two
pairs of plastic-coated wires wrapped in foil, with a fifth exposed ground wire.

After soldering the lead wires, the strain gage instrumentation was weatherproofed using
Micro-Measurements’ M-Coat F protection kit. This protection consisted of coating the exposed
portions of the lead wire and the strain gage with M-Coat D, followed by a layer of neoprene
rubber, butyl rubber, and aluminum tape. Finally, a double coating of nitrile rubber sealed the

edges of the aluminum tape. The neoprene rubber provided some impact protection should
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anything hit the gage connection; the butyl rubber, aluminum tape, and nitrile rubber helped to
provide protection against moisture.

As mentioned before, the strain gages measured both flexural and axial strain. The
flexural strain gages were located at midspan of each beam, and were placed on the bottom of the
bottom flanges, centered across the flange width. The axial strain gages were only located at one
abutment (the south abutment for the Toms Creek Bridge and the west abutment for the Route
601 Bridge). These axial gages were placed at the mid-height of the web, 12 in. and 3 ft (305
mm and 910 mm) away from the center of the support, for the Toms Creek Bridge and Route
601 Bridge, respectively. Except for Girder 12 in the Toms Creek Bridge, which had axial gages

on both sides of the beam, all axial gages were placed on the upstream side of the beam.

2.1.2 Deflectometers

Since the FRP behavior is highly influenced by shear effects, flexural strain gages may
not give an accurate indication of the load distribution during testing. On the other hand,
deflectometers can directly measure both flexural and shear deflections in the beams, as well as
help calculate the wheel load distributions and dynamic load allowances. The disadvantage to
deflectometers is that their accuracy was somewhat limited when testing in the field. With all
things considered, the deflectometers serve as a comparison to the measurements recorded from
the flexural strain readings.

The deflectometers used for testing the Toms Creek Bridge and the Route 601 Bridge
were a home-grown variety, produced at Virginia Tech. Essentially, a deflectometer consisted of
a full-bridge set of gages on a lever arm that was held in place by two plates. The lever arm was
a '/g-in. (3 mm) thick aluminum plate that extended 12% in. (320 mm) beyond the edge of the
other two plates holding it in place. This lever arm was 4 in. (100 mm) wide at the edge of the
plates and tapered down to 1 in. (25 mm) at its tip. Located at the tip was an eye hook which
served to deflect the lever arm, as explained later.

The two base plates that sandwiched the lever arm were also made of aluminum, and
generally measured 6'/5 in. by 4 in. by /s in. (155 mm by 100 mm by 10 mm). For the Route
601 Bridge, the bottom plate was 18 in. (460 mm) long, for the purposes of being able to clamp
the deflectometers to the bottom of the beams. Three bolts kept the two base plates in place with
the lever arm; two were located at the edge from which the lever arm extended, and the third bolt

was on the opposite edge of the plates.
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For measuring the deflection, a full-bridge set of strain gages was placed near the base of
the lever arm, with two gages positioned perpendicularly to each other on both sides of the lever
arm. The gages were protected in the same manner as described in Section 2.1.1. The wires
leading from the strain gages were grouped into a connector, which was used to hook up a cable
that extended to a data acquisition system.

In the field tests, each deflectometer was placed against the bottom of the bottom flange
of a beam. The deflectometer was situated with the base of the lever arm as close as possible to
the beam’s midspan without causing interference with the flexural strain gage and all of its
weather protection. Four C-clamps at the flange edges tightened the base plates to the beam.
Before testing commenced, each deflectometer was pre-deflected approximately 1-in. (25 mm)
away from the beam. This deflection was held in place by 20-guage wire extending vertically
downward from the eyehook at the lever arm’s tip to a concrete-filled cinder block that sat in the
creek bed. The cinder block was designed to be heavy enough so that the lever arm’s position
would be fixed relative to the creek bed. As a load caused a beam to deflect, the relative distance
between the lever arm and beam would change, thus allowing for a direct measurement in the
beam’s deflection. See Figure 2-3 and Figure 2-4 for a photo of the deflectometers used for the
Toms Creek Bridge and Route 601 Bridge.

2.2 Data Acquisition

All of the cable wires coming from the strain gages and deflectometers were connected to
the Megadac Series 3108 Data Acquisition System, which was a portable system developed by
Optim Electronics. Optim Electronics also developed its own Test Control Software (TCS) to
serve as an interface between the Megadac and a personal computer run by an Intel Pentium
processor. Using TCS, the acquisition system was programmed to collect measurements at a rate
of four hundred times per second. After each test, TCS transferred the strain and deflection
measurements gathered by the Megadac onto a personal computer’s hard drive. After all testing
was complete, this same software converted the information into ASCII format, which enabled
Microsoft’s Excel software to import the data for analysis. All of the equipment used for
gathering the data was stored in a van that was parked approximately 50 ft to 100 ft (15 m to 30
m) away from either bridge. A portable generator supplied all of the necessary power, but was

positioned away from the van so as to minimize electronic noise that might interfere with the
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measurements taken during testing. Prior to the start of field testing at each bridge, the cable
wires from all of the strain gages and deflectometers were connected to the Megadac and

confirmed to be working properly.

2.3 Calibrations

Prior to being used in the field, the deflection in each deflectometers needed to be
calibrated. Each deflectometer was hooked up to the Megadac with a cable wire. Large-scale
calipers measured pre-determined deflections of 1 in., 1'%, in., and 1, in., in that order. The
sensitivity (in mV/in.) for each deflectometer was adjusted for the Megadac using TCS until the
read-out displayed a deflection that was accurate to the nearest 0.001 in. at each of the three pre-
determined levels of deflection.

Because the gages used to measure the deflections, as well as those gages used for
flexural and axial strains, were covered with weather protection, shunt calibrations on these
instruments just prior to the field tests were not practical. Therefore, after all of the field testing
was complete, a calibration test was done in the laboratory.

Although the resistance for the strain gage in the calibrator could be set to 350 Q, which
is the same resistance in the gages used for testing, the gage factor for the strain gage in the
calibrator was 2.0, whereas the gage factor for the gages used on the bridges was 2.11.
Therefore, the data calibration was more than a simple matter of comparing the known strain
input from the calibrator with the strain recorded by the Megadac. From the literature provided

by Micro-Measurements Group, the gage factor can be calculated by the equation:

AR
GF = A @2-1)
&

where GF is the gage factor, AR is the change in resistance, R is the resistance, and ¢ is the strain
applied to the gage. AR should be the same for lab calibration tests and the field tests. Thus, any
adjustments that needed to be made to the field data could be based on the error in the change in
resistance measured in the lab calibration tests.

Since the gage factor, strain, and resistance coming from the strain calibrator were
known, the theoretical AR could be calculated. Once AR was determined, one end of a 75-ft long

cable wire was connected to the strain calibrator, while the other end was connected to a given
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channel in the Megadac data collector. The cable length was a typical length of cable used in
both of the field tests. With a known amount of strain coming from the strain calibrator, the
strain measured by the Megadac was recorded. This recorded strain was then used in Eq. (2-1)
along with the gage factor and resistance of the field strain gages, to calculate the experimental
AR. The percentage error between the experimental AR and the theoretical AR is the amount by
which the field data was increased or decreased, depending on the direction of the error.

Using the same 75-ft cable, this procedure was repeated for all of the channels that were
used on the Megadac. Out of the 34 channels used, eight had a value for AR that was about 3%
below the theoretical value. Therefore, the recorded data coming through these eight channels
was multiplied by a factor of 1.03. The remaining channels had an error that was less than 1%
below the theoretical value, which was not considered significant enough to warrant any change

in that portion of the data.

2.4 Field Tests

2.4.1 Toms Creek Bridge

Testing for the Toms Creek Bridge took place on the morning of July 30, 2003; the
temperature that morning was constant at 66 F (19 C), and the skies were overcast. Around 7:30
a.m., a three-axle VDOT dump truck arrived filled with gravel provided by a local rock quarry.
The staff from the quarry weighed the dump truck after loading the gravel. The dump truck had
a gross weight of 50.1 kips (223 kN), which was just over the 50.0-kip weight limit for a three-
axle truck whose outer axles are not more than 19 ft apart (Motor Carrier Service Operations,
2000). By weighing the dump truck with all three axles on the scale, and then with only the rear
tandem axles on the scale, the quarry operators were able to determine that about 35% of gross
vehicle weight went to the front axle and 65% went to the rear tandem axles. The truck’s axle
dimensions were measured upon arrival at the bridge site. See Figure 2-5 for a sketch showing
the basic axle dimensions and weight distribution of the VDOT dump truck. VDOT also
provided a traffic safety control crew to allow for safe operation on the bridge and to prevent any
additional load from being on the bridge while an individual load test was occurring.

Load testing involved three basic truck orientations: the northbound lane, southbound

lane, and center of the bridge. The northbound lane is on the upstream side of the bridge. For
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purposes of this test, the exterior girder on the upstream side of the bridge was designated as
Girder 1, while Girder 24 was the designation for the exterior girder on the downstream side. In
orienting the north and southbound lanes, the truck was positioned so that the center of the wheel
line adjacent to the outside edge of the respective lane was 32 in. (610 mm) away from the
outside edge of the timber deck. For the center orientation, the truck was positioned such that
the center of the axle was directly over the center of the bridge’s width. These orientations were
in accordance with those used by Neely in order to make comparisons of the bridge’s behavior
over time.

All three truck orientations were driven at 2 mph and 40 mph (3 kph and 64 kph). The 2
mph speed was essentially the slowest the truck could go without exhibiting any jerking motion.
This speed served the purposes of applying a static load to the bridge. Although the posted speed
limit for the road was 35 mph (56 kph), the maximum test speed was set at 40 mph (64 kph) for
the purposes of simulating extreme conditions. In addition to these two speeds, the southbound
lane orientation was also tested at 25 mph (40 kph). This intermediate speed was used in
examining the effects of speed on the three characteristics under study: wheel load distribution,
dynamic load allowance, and deflection.

In his research, Neely considered the effects of composite action on the Toms Creek
Bridge’s performance. To do so, Neely tightened the deck-to-girder connections as well as the
connections at the abutments prior to testing. However, Neely concluded that there was “no
increase in stiffness due to tightening of the composite connections.” Aside from that
conclusion, one goal in using FRP composites in bridges is to reduce life-cycle costs by reducing
maintenance costs. Following the assumption of maintenance cost-reduction, this research did
not assume that maintenance will be regularly scheduled for tightening the connections in future
FRP structures. Hence, this study simply considered the bridge’s “as-is” performance.

Each combination of orientation and speed was tested five times. For all tests in the
north and southbound lane orientations, the dump truck traveled in the direction of travel for the
given lane. When in the center orientation, the dump truck traveled in the north direction. See
Table 2-1 for a test log showing the numbered data sets with the accompanying orientations and

speeds.
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2.4.2 Route 601 Bridge

Testing for the Route 601 Bridge took place on the morning of October 14, 2003; the
temperature that morning remained fairly constant at about 60 F (16 C), and the skies were
mostly cloudy. A local hauling company provided two three-axle dump trucks filled with gravel
that arrived around 7:30 a.m. Similar to what was done for the Toms Creek Bridge tests, the
staff from a local rock quarry that provided the gravel weighed the dump trucks after loading the
gravel. The first dump truck, designated as T4, had a gross weight of 55.1 kips (245 kN), with
about 30% the of gross vehicle weight going to the front axle and 70% going to the rear tandem
axles. The second dump truck, designated as T5, had a gross weight of 55.2 kips (246 kN), with
about 28% of that weight going to the front axle and 72% going to the rear tandem axles. These
gross vehicle weights were 9% and 10% (for truck T4 and TS, respectively) above the allowable
weight according to the Motor Carrier Service Operations guidelines (2000). Axle dimensions
were measured upon arrival at the bridge site. See Figure 2-6 and Figure 2-7 for sketches
showing the basic axle dimensions and weight distributions of the two trucks. VDOT provided a
traffic safety control crew to allow for safe operation on the bridge and to prevent any additional
load from being on the bridge while an individual load test was occurring.

Load tests for the Route 601 Bridge involved six basic truck orientations: the east exterior
girder, east interior girder, center of the bridge, west interior girder, west exterior girder, and
multiple-lane loading (see Figure 2-8 and Figure 2-9 for a pictorial description of the respective
exterior and interior orientations). Girders designated as “east” support the travel lane going in
the eastbound direction; likewise, girders designated as “west” support the travel lane going in
the westbound direction. The west half of the bridge is on the downstream side of the bridge.
For purposes of this test, the west exterior girder was designated as Girder 1, while the east
exterior girder was designated as Girder 8. For the exterior orientations, a single truck was
positioned so that the center of the wheel line adjacent to the outside edge of the respective travel
lane was bearing directly along the centerline of the exterior girder (i.e., 32.5 in. [825 mm] from
the edge of the timber deck). For the interior orientations, a single truck was positioned so that
the center of the wheel line adjacent to the outside edge of the respective travel lane was bearing
directly along the centerline of the first interior girder next to the exterior girder. The center
orientation had the truck positioned such that the center of the axle was directly over bridge’s

longitudinal centerline. Lastly, the multiple-lane loadings used two dump trucks, one in each
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travel lane. Both trucks had their exterior wheel lines aligned with the centerline of the
respective exterior girders. These orientations were in accordance with those used in Restrepo’s
research in order to make comparisons of the bridge’s behavior over time. Note that Truck T5
was only used in the multiple-lane and east interior orientations at static speed.

All six truck orientations were driven at 2 mph (3 kph), otherwise known as “static”
speed. However, only the interior and center lane orientations could be conducted at the elevated
speeds of 25 mph and 40 mph (40 kph and 65 kph). As with the Toms Creek Bridge, the posted
speed limit for the road was 35 mph (56 kph), but the maximum test speed was set at 40 mph (64
kph) for the purposes of simulating extreme conditions. Exterior and multiple-lane orientations
could not be tested at the higher speeds because the bridge was slightly wider than the roadway,
making it unsafe for the truck driver to transition from the road to the bridge and back while
driving directly over the exterior girders. The rationale behind using the aforementioned speeds
is the same as that described in the Toms Creek Bridge tests.

In his June 2002 tests, Restrepo also tested several orientations at 15 mph (25 kph). His
reasoning for doing so was because of the apparent “uplift” effect he observed while analyzing
the dynamic loading data from his October 2001 tests. Restrepo’s hypothesis was that this uplift
was due to settlement at both abutments, which would cause a fast-traveling truck to “ramp up”
as it crossed the bridge joint. According to Restrepo, this ramping action would result in
preventing the full load of the dump truck from bearing down on the surface as the vehicle
traversed the bridge. Thus, Restrepo added the additional 15 mph speed to his June 2002 tests in
order to quantify this ramping effect. However, just prior to the October 2003 tests, VDOT
attempted to level the approaches with the bridge by patching the settled areas with asphalt.
Therefore, tests at the additional speed were not necessary for the current study.

Each combination of orientation and speed was tested five times, except for the west
interior — 25 mph combination, which was tested six times. Unlike the Toms Creek Bridge tests,
the direction that the dump truck traveled did not necessarily correspond to the direction of the
travel lane. See Table 2-2 for a test log showing the numbered data sets with the accompanying
orientations and speeds.

For both the Toms Creek Bridge and Route 601 Bridge tests, chalk lines were drawn on
the roadway to mark where the truck needed to be positioned for each test. During the static

speed tests, a researcher was able to stand in front of the dump truck and guide the driver so that
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the appropriate wheel line was going directly over the proper chalk line. For obvious reasons,
researchers were not able to stand in front of the dump truck during the 25 mph and 40 mph load
tests. However, the driver had sufficient experience with positioning the dump truck in the
roadway and achieved a relatively good degree of consistency while driving across the bridge at
the higher speeds.

Restrepo’s research considered the diaphragm effects on bridge behavior. In his analysis,
Restrepo observed increased local strain at the diaphragm locations when the diaphragms were
removed versus when they were in place. However, he also concluded that removing the
diaphragms had minimal effect on the on the girder distribution factors for the overall bridge

system. Thus, diaphragm effects were not considered in the current study.

2.5 Data Organization

After the field tests were complete, TCS converted the data files into ASCII format for
ease of data analysis in Microsoft Excel. Individual tests were grouped according to truck
orientation and speed. Because the Megadac sampled the measurements four hundred times per
second and typical static tests (i.e., approximately 2 mph [3 kph]) lasted up to 20 s and 40 s for a
Toms Creek Bridge test and a Route 601 Bridge test, respectively, files from the static tests had a
lot of data that made Excel quite unwieldy for analysis. Therefore, the data files for all of the
static tests were “filtered” using a MATLAB program. This program retained every seventh data
point from the Toms Creek Bridge files, which resulted in a time step of 0.015 s. For the Route
601 Bridge files, the MATLAB program took every ninth data point, which resulted in a time
step of 0.0225 s. The decision on how many data points to filter out was arbitrarily made for the
purposes of making the files a manageable size in Excel. These filtered files for the static tests
were then imported into Excel for analysis along with the data for the other speeds. For a
comparison of the filtered versus unfiltered static data, see Figure 2-10. Note that the filtered
data in Figure 2-10 has been offset by +20 pe for the purposes of comparison with the unfiltered
data. None of the 25 mph or 40 mph (40 kph or 64 kph) tests needed to have the data filtered
because the files were small enough for use in Excel.

Data from both bridges exhibited a fair amount of fluctuation when going from time step
to time step. This fluctuation was probably due to electronic noise from the generator used to

power the electronic equipment, as well as an electric transformer located at the Toms Creek
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Bridge. The noise in the Toms Creek Bridge was about =10 pe, and was about + 5 pe during the
Route 601 Bridge test. To smooth out the fluctuations due to noise, a ten-point floating average
was calculated for each time step and the corresponding strain and deflection measurements.

In addition to the noise that was present, the readings from the strain gages and
deflectometers were not necessarily balanced to zero on the Megadac prior to the start of any
individual test. Therefore, the data was zeroed out in the analysis by calculating the average
measurement for each strain gage or deflectometer during the first one-half second of recording,
and subtracting that average measurement from each data point for the corresponding gage or
deflectometer. This half-second time frame is a period when there was no load present on the
bridge. See Figure 2-11 for a typical comparison of smoothed data versus unsmoothed data,

along with the effect of zeroing the data.

2.6 Data Reporting

The numbers reported in the tables in the following chapters are listed to the nearest
microstrain for strain measurements and to the thousandth of an inch for deflection. While the
strain gages can measure with such accuracy and deflectometers have been calibrated
accordingly, there is no illusion that the results from the field tests hold this level of accuracy.
Uncertainties regarding the actual placement of the strain gages and deflectometers, electronic
noise due to the electric generator, weight and positioning of the load trucks, approach
conditions, temperature effects, and a myriad of other factors can undermine the accuracy of
these measurements.

However, the true uncertainty in these values is unknown. While using three significant
figures (in the case of reporting deflection measurements) may be overzealous, sticking with
only two significant figures is probably too conservative. For instance, the deflection
measurements could be reported to the nearest five-thousandths of an inch with a relative degree
of confidence. However, for the ease of analysis in Microsoft Excel, the data has been kept in
the format described above. Likewise, the results given in the main body of this thesis also have
the same number of significant figures, for the ease of matching these results with their

corresponding table references.
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2.7 Tables and Figures

Table 2-1. Test log for the Toms Creek Bridge. Data Set #1 was an initializer, so no
data was recorded. Data Set #29 was discarded due to improper truck alignment.

Data Set Number Orientation Nominal Speed Travgl
(mph) Direction

2-6 Northbound Static North

7-11 Center Static North
12-16 Southbound Static South
17,19, 21, 23,25 Northbound 40 North
18, 20, 22, 24,26 Southbound 40 South
27, 31, 33, 35, 37 Center 40 North
28, 30, 32, 34,36 Southbound 25 South

Table 2-2. Test log for the Route 601 Bridge tests. Data sets that do

not appear were discarded due to errors in using the TCS software.

Data Set Number Orientation Nominal Speed Truck Travgl
(mph) Direction

3-7 West exterior Static T4 West

8-12 Multiple lane Static T4 (West) & TS5 (East)  West

13-17 East exterior Static T5 West

18, 20, 22 West interior Static T4 West

19, 21 West interior Static T4 East

24, 26, 28 East interior Static T4 East

25, 27 East interior Static T4 West

29, 31, 33, 45, 47,49 West interior 25 T4 West

30, 32, 46, 48, 50 East interior 25 T4 East

34, 36, 39, 41, 43 West interior 40 T4 West

35, 37,40, 42, 44 East interior 40 T4 East

51, 53, 55 Center Static T4 West

52,54 Center Static T4 East

56, 58, 60 Center 40 T4 East

57,59 Center 40 T4 West

61, 63 Center 25 T4 West

62, 64, 66 Center 25 T4 East
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Bridge Centerline

F = Flexural strain gage

A = Axial strain gage

D = Deflectometer

Figure 2-2. Instrumentation for the Route 601 Bridge; cross-
section is looking in the east direction (Restrepo, 2002).
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Figure 2-4. Deflectometer for the Route 601 Bridge.
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Figure 2-5. Sketch showing the dimensions and weight distribution
of the VDOT dump truck used for testing the Toms Creek Bridge.
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Figure 2-6. Sketch of weight distribution and dimensions
of truck T4 used in for the Route 601 Bridge load tests.
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Figure 2-8. Exterior truck orientations for the Route 601 Bridge: (a)
West Exterior, (b) Multiple-Lane, (c) East Exterior (Restrepo, 2002).
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Figure 2-9. Interior truck orientations for the Route 601 Bridge:
(a) West Interior, (b) Center, (c) East Interior (Restrepo, 2002).
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Figure 2-10. Typical comparison between filtered and unfiltered data. Data shown
is for Girder 16 during a single test of the northbound lane orientation of the Toms
Creek Bridge; filtered data was shifted upwards 20 pe for comparison purposes.
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Figure 2-11. Typical comparison between smoothed and unsmoothed data.
Data shown is for Girder 16 during a single test of the northbound lane
orientation of the Toms Creek Bridge; smoothed data has been set to zero.
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Chapter 3: Results for Service Strains and Deflections

As mentioned in Section 1.2.5.1, service deflection, not strength, typically controls a
design using FRP material. Therefore, an important aspect of this study is to see whether or not
the Toms Creek Bridge and the Route 601 Bridge have lost stiffness over time by measuring the
midspan deflection in the bridges as a load truck drives across them. Since the midspan strain
serves as an indirect measure of the deflection, this study also considers the strain in these two
bridges to serve as a comparison to the deflection results. In addition to the recorded strain
values, this report gives the service strain in terms of the ultimate strain (&), which was
determined in previous studies by Hayes (1998) and Waldron (2001) for the respective Toms
Creek Bridge and Route 601 Bridge. The failure strain for the Toms Creek Bridge is
6210 pe, while gy for the Route 601 Bridge is 3150 pe.

3.1 Service Strain and Deflection Results for the Toms Creek Bridge

3.1.1 Results from Current Study of the Toms Creek Bridge

Table 3-1 and Table 3-2 give the maximum and average peak midspan strain and
deflection, respectively, for each combination of truck orientation and speed for the Summer
2003 tests on the Toms Creek Bridge. For this study, peak strain or deflection is the largest
measured value recorded during a given load test. The maximum peak strain or deflection is the
largest peak value collected from the group of five repetitions for a given combination of truck
orientation and speed. Likewise, the average peak strain or deflection is the average of the five
peak strains recorded from the five repetitions for a given combination of truck orientation and
speed.

From Table 3-2, the largest average deflection during the Summer 2003 test of the Toms
Creek Bridge is 0.434 in. (11 mm), which occurs in the southbound orientation when the load
truck travels at 40 mph (64 kph). The high speed-large deflection relationship is indicative of the
dynamic effects on the bridge, which are discussed later in Chapter 5. The 0.434 in. (11 mm)
deflection equates to a ratio of L/484, which is less than the L/425 deflection limit recommended
for a timber bridge in the AASHTO LRFD Specifications, but is slightly greater than the L/500
limit listed in the AASHTO Standard Specifications for the same type of bridge. For the same
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40 mph (60 kph) speed, the deflections in the center and northbound orientations are about 30%
and 12% less than the deflection in the southbound orientation. While the higher speed exhibits
a wider range in deflection, the three orientations at static speed are more in line with each other,
where there is only a 2% difference between the largest and smallest deflection. As a matter of
reference, the largest average peak strain is 434 pe in the southbound orientation at 40 mph (60
kph). The strain data give similar comparisons as the deflection data, with the exception that the
average peak strain at static speed in the northbound orientation is about 11% less than the

southbound orientation, as opposed to the aforementioned 2% difference in the deflection data.

3.1.2 Comparison of Current Study with Previous Toms Creek Bridge Tests

In addition to the Summer 2003 test, Table 3-1 and Table 3-2 also show the maximum
and average strain and deflection results that Neely gathered in his research from 1997 to 1999.
Figure 3-1 and Figure 3-2 assist in visualizing the results for all of the field tests. Generally
speaking, the Summer 2003 average peak deflections in the southbound and center lanes are
either greater or are about the same as the previous tests, regardless of speed. On the other hand,
the Summer 2003 average peak deflections for the northbound orientation are generally either
lower than or are about the same as the previous tests.

Some of the differences in deflection between the different field tests can be attributed to
the differences in the load truck’s gross vehicle weight. However, a simple check shows that the
variation in weight should not have caused much more than a 5% change in deflection amongst
all of the field tests. Furthermore, the differences between the Summer 2003 test and the
previous tests tend to be most apparent when comparing the Summer 2003 test with those that
took place in the Fall season, as opposed to those taking place in the Spring season. For
example, the largest difference in strain between the Summer 2003 and the Fall 1998 test is 40%
when looking at the center orientation at static speed. However, the largest difference for that
same combination of truck orientation and speed is only 8% when comparing the Summer 2003
and the Spring 1999 tests. A somewhat similar pattern of results arises from the deflection data,
with the exception that the northbound lane shows a less variation over time.

In looking at the variations in strain and deflection over time, the one question that comes
to mind is whether or not there is any statistical significance in the differences in the data.

Figure 3-3 shows the average peak strain and deflection for all truck orientations and travel
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speeds. Superimposed on top of these data points are error bars, calculated as 2o, where o is the
standard deviation of the corresponding strain or deflection data. 2o gives a 95.4% probability
that a data point will fall within the range indicated by the error bars, assuming that the data
follows a normal distribution. Unfortunately, much of the results in Figure 3-3 are inconclusive
because many of the tests did not have a sufficient number of repetitions to validate the error
bars.

Therefore, a more rigorous investigation considered the Anderson-Darling test as well as
examined the type of data distribution. Using the MIL-HDBK-17 statistical analysis program
written by Material Sciences Corporation, the Anderson-Darling test showed that, when
comparing all six data sets together, these sets did not come from the same population. This
result would mean that there is a statistically significant difference in the peak strain and
deflection values over time. Note that the data from the six different tests tend to follow a
Weibull distribution (as confirmed by a chi-squared test). However, by grouping the data into
two different sets, a “Fall” and “Spring” set, the Anderson-Darling test was not so conclusive. A
number of truck orientation-speed combinations in the “Fall” group did come from the same
population, statistically speaking. On the other hand, the “Spring” group generally came from
different statistical populations. Note that the Summer 2003 test was placed in the “Spring”
group since the temperature during that date was comparable to the Spring tests. Keeping all of
the above in mind, the general conclusion is that the change in the results from test date to test
date is statistically significant. Therefore, there must be a reason behind the variation in the
average strains and deflections over time beyond the scatter amongst the entire set of data.

In trying to explain the reason behind the change in strain or deflection, Neely proposed
that the ambient air temperature has a significant impact on the Toms Creek Bridge’s
performance. Current analysis agrees with Neely’s conclusion. Consider Figure 3-4, which
shows the average temperature at the time of testing superimposed above the average peak
strains recorded in the Toms Creek Bridge. As Neely suggested, Figure 3-4 shows a fairly clear
relationship between the change in temperature and the change in peak strain, particularly for the
northbound and southbound orientations. A higher temperature tends to correlate with a higher
peak strain. Similar results occur when considering the deflection measurements.

Unfortunately, there is no clear explanation as to which component in the bridge that

temperature has such an influence on. In modeling beam lamination theory based on FRP
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coupon tests, researchers at Virginia Tech concluded that a 100 F (38 C) change in temperature
would yield less than a 1% change in deflection in the Toms Creek Bridge (J. Lesko, personal
communication, August 9, 2004). For timber, other research tends to support that there is little,
if any, change in the elastic modulus of wood for temperatures above 42 F to 70 F (6 C to 21 C)
[Green et al., 1999]. One other component that temperature would affect is the asphalt wearing
surface on top of the deck. However, the glass transition temperature, Ty, of asphalt is so low
that this material adds very little stiffness to the bridge in the first place. Perhaps the
combination of all of these causal relationships of temperature is responsible for the relatively
large changes in strain and deflection.

What is interesting to note is that in some cases, the temperature on one day may be
greater than another day, yet the peak strain is lower. For example, Figure 3-4 shows that the
average temperature during the Spring 1998 test was 61 F, while the average temperature during
the Summer 2003 was 66 F. However, the northbound orientation at static speed had an average
peak strain of 300 pe (0.05¢&yy;) in the Spring 1998 test versus 265 pe (0.04y;) during Summer
2003. Similar results occurred for the center orientation at static speed (316 pe vs. 299
pe [0.05&y; vs. 0.05€y;]) and for the center orientation at 40 mph [64 kph] (353 pe vs. 331
pe [0.06gy; vs. 0.05¢;]). These discrepancies may be due to the differences in gross vehicle
weight and truck dimensions, as well as errors in precisely aligning the truck for each repetition
in a given orientation. Regardless of the discrepancies, the peak strain is minimal compared to
the failure strain determined by laboratory testing (Hayes, 1998), as shown in Table 3-3.
Therefore, the Toms Creek Bridge is safe from failure.

Certainly, the peak strains and deflections have increased since the Toms Creek Bridge
was first constructed. However, when considering comparable temperatures, the beams appear
to have maintained much of their stiffness over the span of nearly six years of service. With this
knowledge, the main point to the above comparisons is that if deflection control is the driving
concern when designing with FRP beams, then extreme warm weather temperatures should be
taken into account. This conclusion warrants the need for future studies in determining the
relationship between ambient air temperature and deflection of bridges constructed with FRP
beams.

Aside from temperature, another factor that might affect the bridge’s behavior is the

amount of moisture present at the time of testing. In his work, Neely said that the timber curb
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and guide rails offer a significant amount of edge stiffening in the Toms Creek Bridge by tying
the individual glulam deck panels together. The effect of moisture content on the modulus of
elasticity in wood is well documented, and is much more significant than the effect of
temperature (Siimes, 1967; Green and Kretschmann, 1994). As the moisture content in wood
increases up to the saturation point, the flexural modulus of elasticity decreases, thus reducing
the additional stiffness that the curb and guide rails provide.

Typical laboratory experiments tend to test lumber samples having 12% moisture content.
On the other hand, field tests on several timber bridges constructed in Florida, where the
humidity is generally higher than in Virginia, found that the moisture content varied up to 16%
(Yazdani, et al., 1999). According to the equation established by Kretschmann and Green
(2000):

MOEpending = -1.5(MC)* + 0.13(MC) + 2061 3-1

where MOEjenging 1s the modulus of elasticity for bending, expressed in kips per square inch and
MC is the moisture content, expressed in percent. When going from 12% to 16% moisture
content in Southern Pine lumber, the modulus of elasticity decreases by 10%. Calculations
detailed in Appendix A show that a 10% reduction in the modulus would result in a 3% increase
in the deflection for the Toms Creek Bridge.

While none of the field tests for this bridge recorded moisture content information, a look
at the amount of rainfall occurring prior to the individual test dates can give a somewhat
qualitative analysis of the effects on moisture on the Toms Creek Bridge. Consider Figure 3-5,
which shows the average peak beam strains recorded in the Toms Creek Bridge superimposed
with the local precipitation for a seven-day period prior to the respective test dates. The rainfall
data was obtained from the National Weather Service via the Internet (Weather Underground,
2004). The seven-day time frame for precipitation was chosen arbitrarily, but was also partially
based on work by Yazdani, et al. (1999), who observed that the moisture content in a wooden
bridge stabilized two weeks after being flooded. In looking at the three different test speeds over
the different test dates, the change in precipitation appears to correlate most closely with the
change in strain for the 40 mph (64 kph) tests at all three truck orientations. The other two
speeds, static speed and 25 mph (40 kph), show a similar correlation, except when going from

the Fall 1997 to the Spring 1998 tests. In this case, the amount of precipitation decreases
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slightly, but the strain increases in all three truck orientations, which is the opposite of the
anticipated result. Although there is no data for examining the change in deflection from the Fall
1997 tests to the Spring 1998 tests, results for the remaining test dates are similar to the strain
data.

Relative humidity was another factor considered for the moisture content in the timber
components for this bridge. However, there is even less of a relationship in daily relative
humidity with the variation in the peak strains and deflections than there is for the weekly
rainfall.

Taking the above results into account with the fact that the rainfall pattern appears to
match the temperature pattern amongst the six tests, as well as the realization that there is no
direct data regarding the moisture content in the timber elements of the Toms Creek Bridge, no
definitive conclusion can be made with regards to the effect of moisture on the bridge’s
performance. Regardless, concerns over moisture content in the structural elements may make it
necessary to disregard the stiffness benefits that timber guide rails provide when designing this
type of bridge. Additionally, the effects that moisture might have in an FRP bridge’s

performance may warrant future study.

3.2 Service Strain and Deflection Results for the Route 601 Bridge

3.2.1 Results from Current Study of the Route 601 Bridge

Table 3-4 and Table 3-5 show the maximum and average peak midspan strain and
deflection, respectively, for the Fall 2003 tests on the Route 601 Bridge. From Table 3-5, the
largest average deflection in the Route 601 Bridge is 0.254 in. (6 mm), which occurs when the
truck is in the west exterior orientation. The multiple-truck orientation gives a marginally
smaller deflection than the west exterior orientation. Since the exterior orientations were only
tested at static speed, an estimated deflection at 40 mph (64 kph) would be the deflection at static
speed multiplied by the sum of unity plus the dynamic load allowance. As will be explained in
Section 5.3.2, the conservative recommendation for the dynamic load allowance for the Route
601 Bridge is 0.50. Therefore, the estimated deflection in the bridge with a heavily loaded truck
traveling across the bridge at 40 mph (64 kph) is 0.38 in. (10 mm). Even with the conservative

dynamic load allowance, this deflection is approximately equivalent to L/1230, which is well

50



below the AASHTO-recommended limit for a steel, prestressed concrete, or reinforced concrete
bridge without pedestrian traffic, i.e., L/800.

Just as a matter of reference, the west exterior orientation did not have the largest average
strain result. Instead, the east exterior orientation averaged the largest strain at 220 pe (0.07gyy).
The difference in strain between these two orientations is about 5%. The difference between the
deflection and strain results may be due to the problems with the strain gage in Girder 1 failing
during testing or the fact that the strain gages do not capture the shear strain that the beams

undergo during testing, as explained in Section 2.1.2.

3.2.2 Comparison of Current Study with Previous Route 601 Bridge Tests

In addition to the Fall 2003 test, Table 3-4 and Table 3-5 also show the maximum and
average strain and deflection results that Restrepo gathered in his research from the Fall 2001
and Summer 2002 field tests. Figure 3-6 and Figure 3-7 assist in visualizing the results for all of
the field tests.

A complete comparison between the two Fall field tests is not possible, since the Fall
2001 test did not include the west and east exterior orientations. Therefore, determining if the
west exterior orientation yielded the largest deflection in the Fall 2001 test as it did in the Fall
2003 test is not possible. However, comparisons for other combinations of truck orientation and
speed show that there is a small amount of difference between the two Fall tests, where the Fall
2003 results generally seem to have smaller deflections than the Fall 2001 tests. Based on both
the static and dynamic tests for the west interior and center orientations, the Fall 2003 tests have
deflections that are 10 to15% lower than in Fall 2001. These differences in deflection are not
necessarily due to the different trucks used in the two series of tests because the deflections
should be essentially the same based on the dimensions and the accuracy of the gross weight of
the trucks crossing a theoretical simply-supported bridge. One notable exception in comparing
the two Fall tests is the deflection in the east interior orientation with the truck traveling at 40
mph (60 kph). In this case, the Fall 2003 test shows an average deflection that is about 18%
greater than the average deflection for the Fall 2001 test. The reason for this sizable increase
when the other orientations show a decrease in deflection is not clear.

As a point of reference, the peak strains in the Route 601 Bridge are generally slightly
larger in the Fall 2003 field tests than those in the Fall 2001 tests. Except for the multiple lane
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orientation, which shows a decrease in measured strain that is comparable to the strain from the
Fall 2001 tests, the Fall 2003 tests show increases that are 1 to 16% greater than two years
before. As with the deflection data, the east interior exhibits the greatest amount of increase in
strain.

The differences in deflection between the two Fall field tests are relatively small
compared to the large differences between the Summer 2002 and Fall 2003 tests, where the latter
deflections are 4 to 37% lower than the those measured in Summer 2002. The change in the
deflection from one field test to the next is not necessarily dependent on any one truck
orientation or speed. For example, the east exterior orientation at static speed and the west
interior orientation at 40 mph (60 kph) exhibit some of the highest percentage change in
deflection (32% and 37%, respectively).

Note that the maximum average deflection amongst all three field tests is 0.309 in. (8
mm), for the east exterior orientation at static speed during the Summer 2002 test. Using the
same recommended dynamic load allowance as mentioned in Section 3.2.1, the deflection for
this same orientation at 40 mph (60 kph) would be approximately 0.46 in. (12 mm). This
deflection is equivalent to L/1017, which is still below the optional L/800 limit suggested by
AASHTO for steel, prestressed concrete, or reinforced concrete bridges with vehicular loads.

As with the Toms Creek Bridge, the question that lies herein is whether or not the
relatively large changes in strain and deflection are statistically significant. Consider Figure 3-8,
which shows the standard 2c error bars superimposed onto the average peak strains and
deflections for the interior orientations in the Route 601 Bridge. In the case of the static speed,
there is little doubt that the different field tests give statistically significant differences in
measurements. However, the charts for the other two speeds give somewhat of a mixed signal.
Therefore, additional analysis used the aforementioned MIL-HDBK-17 statistical analysis
program concluded that the average measurements shown in Figure 3-6 and Figure 3-7 do not
belong to the same population and thus are significantly different, meaning that changes in these
measurements over time are not simply due to scatter in the data.

Therefore, there must be a reason as to why the strains and deflections in the Route 601
Bridge tend to change over time. Certainly, the minor differences in the load trucks’ gross
vehicle weight and dimensions do not warrant the large decreases in girder deflections between

the last two field tests for the Route 601 Bridge. Therefore, like the Toms Creek Bridge,
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temperature and moisture effects need to be considered in explaining the reason for these
changes. Similar to the Toms Creek Bridge, the ambient air temperature appears to have a major
effect on the Route 601 Bridge’s performance, as shown with the interior truck orientations in
Figure 3-9. With the exception of the average peak strain in the east interior orientation at 40
mph (60 kph) during the Fall 2003 test, an increase or decrease in temperature corresponds to a
increase or decrease in the peak measured value.

However, there does appear to be a slight discrepancy between the strain and deflection
data. In looking at the two tests performed in the Fall season, the temperature during the 2003
test was slightly lower than the 2001 test. The deflection results tend to reflect this fact in that
the deflections in the 2003 tests are generally lower than those in the 2001 tests, particularly the
west interior and center truck orientations. On the other hand, the strain results show that the
strains in the 2003 tests are generally higher than those in the 2001 tests.

Like the Toms Creek Bridge, there is no clear explanation as to why the variation in
temperature plays a major role in the Route 601 Bridge’s behavior. One factor that might
exacerbate the temperature effects on this bridge’s performance is the effect on the neoprene
bearing pads that support the girders sitting on top of the concrete abutments. These bearing
pads offer less resistance to rotation at higher temperatures. This decrease in rotational stiffness
may result in the beams deflecting more.

Moisture probably has less of an effect on the bearing pads, and according to Figure 3-10,
has no apparent effect on the behavior of the bridge as a whole. The amount of rainfall one week
prior to the date of testing remains essentially unchanged when comparing the Fall 2001 test with
the Summer 2002 test, however, both the strain and deflection measurements for the interior
truck orientations on the Route 601 Bridge show dramatic increases in the Summer 2002 results
over the Fall 2001 tests. On the other hand, the amount of rainfall increased in the Fall 2003
tests, yet the strains and deflections decrease dramatically in those Fall 2003 tests. Therefore, the
conclusion is that there is no relationship between the amount of moisture present at the bridge
and the amount of strain or deflection that occurs in the bridge as a load travels across it. This
conclusion is more definitive than the conclusion made for the Toms Creek Bridge. The reason
may be that relative stiffness of the timber curb and guide rails compared to the stiffness of the
girders in the Route 601 Bridge is much lower than the Toms Creek Bridge. Thus the moisture
effects should be less dominant in the Route 601 Bridge. Calculations detailed in Appendix A
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show that a 10% change in the elastic modulus of timber yields virtually no change in the
deflection in the Route 601 Bridge.

Despite the small discrepancies between the strain and deflection data, and the
fluctuations in stiffness behavior over time, the most important observation is that the Route 601
Bridge is sufficiently designed against catastrophic failure. The safety against failure is indicated

in Table 3-6, which gives the peak strain in the beams as a fraction of the failure strain.

3.3 Axial Strains

Axial strain gages were placed on Girders 3 and 12 in the Toms Creek Bridge, and were
placed on Girders 5 and 8 in the Route 601 Bridge. Both field tests showed that there was little
axial strain occurring at the ends of the beams. Furthermore, the electronic noise level was 20%
to 25% of the peak measurements for both bridges. Thus, there is little certainty as to the
accuracy of the data. These results concur with the observations that both Neely and Restrepo

made in their research.
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3.4 Tables and Figures

Table 3-1. Maximum and average peak flexural strain (in microstrain) for the most the heavily
loaded girder for the different truck orientations and speeds in the Toms Creek Bridge.

5 Truck Orientation
%% Test | Speed Southbound Lane Center Lane Northbound Lane
3 Date (mph) | No. of Max. Avg. No. of Max. Avg. No. of Max. Avg.
e Tests Pea.k Pea.k Tests Pea-k Pea.k Tests Pea.k Pea.k
Strain | Strain Strain | Strain Strain | Strain
Static 2 235 232 2 230 229 2 271 268
Fall 1997 25 2 227 214 3 219 214 2 266 255
40 2 419 383 2 374 343 2 358 356
. Static 4 290 275 4 321 316 4 323 300
Spring | og 3 310 300 4 317 299 3 318 299
1998 1 45 3 | a70 | 383 | 4 | 407 | 353 | 4 | 3690 | 314
> Static 6 218 213 6 222 213 5 259 255
$ JFall 1998 25 5 248 239 7 223 206 4 284 268
= 40 4 373 367 5 311 272 5 428 393
WWTWWTTTTTT
1999 25 3 274 268 6 310 290 3 299 285
40 4 447 433 6 432 376 4 449 419
Static 6 246 235 5 253 219 6 285 265
Fall 1999 25 3 230 224 3 202 197 3 245 231
40 5 396 385 5 317 272 6 409 381
5 Static 5 296 295 5 302 299 5 267 265
2 S‘ggg‘;er 25 5 319 | 295 5 — — 5 — —
N4 40 5 505 438 5 364 331 5 406 376

Table 3-2. Maximum and average peak deflection (in inches) for the most the heavily
loaded girder for the different truck orientations and speeds in the Toms Creek Bridge.

5 Truck Orientation
CS% Test | Speed Southt;;):xnd LaAr\llz Cen'\';(;;LaneAvg Northt'i;al;nd LaAn\(/ag
§ Date | (mph) [ No. of Peak Peak No. of Peak Peak No. of Peak Peak
o Tests Deflect. |Deflect. Tests Deflect. |Deflect. Tests Deflect.|Deflect.
Static 6 0.188 | 0.179 6 0.213 | 0.208 5 0.261 | 0.252
Fall 1998] 25 5 0.203 | 0.196 7 0.206 | 0.195 4 0.304 | 0.271
40 4 0.381 | 0.372 5 0.288 | 0.257 5 0.465 | 0.430
> | spring Static 6 0.241 | 0.226 6 0.327 | 0.323 6 0.280 | 0.272
3 1999 25 3 0.227 | 0.223 6 0.276 | 0.259 3 0.277 | 0.264
z 40 4 0.413 | 0.394 6 0.415 | 0.357 4 0.410 | 0.384
Static 6 0.200 | 0.181 5 0.229 | 0.184 6 0.322 | 0.262
Fall 1999| 25 3 0.191 | 0.183 3 0.173 | 0.169 3 0.262 | 0.233
40 5 0.378 | 0.360 5 0.300 | 0.247 6 0.446 | 0.415
E Summer Static 5 0.267 | 0.264 5 0.269 | 0.266 5 0.260 | 0.258
ﬁ 2003 25 5 0.286 | 0.274 5 — — 5 — —
4 40 5 0.475 | 0.434 5 0.331 | 0.304 5 0.404 | 0.383
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Table 3-3. Peak strain in the Toms Creek Bridge as a fraction of ultimate
strain; percentages are for largest average peak strain amongst all six load tests.

Truck
0,

Orientation >P€d % 0f &y
Northbound Static 0.05
40 0.07
Static 0.05
Center 40 0.06
Static 0.05
Southbound 25 0.05
40 0.07
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Table 3-4. Maximum and average peak flexural strain in the most the heavily loaded girder for
the different truck orientations and speeds in the Route 601 Bridge (measured in microstrain).

= Truck Orientation

§ Test Test West Exterior West Interior Center Two Trucks East Interior East Exterior
s Date Speed| Max. Avg. Max. Avg. Max. Avg. Max. Avg. Max. Avg. Max. Avg.
4 (mph)| Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak
@ Strain Strain Strain Strain Strain Strain Strain Strain Strain Strain Strain Strain

October Static — — 181 [ 180 [ 185 [ 182 [ 221 [ 218 [ 173 | 171 — —

o 25 — — 203 192 204 181 — — 194 188 — —

g1 2901 | 4o _ _ 183 175 176 166 _ _ 182 178 _ _
g June Static 236 229 211 210 206 206 245 238 201 200 247 240

2002 25 — — 241 228 231 222 — — 219 208 — —

40 — — 276 271 279 253 — — 214 199 — —

é October Static 213 210 191 190 190 189 216 213 187 185 222 220

§ 2003 25 — — 209 194 201 194 — — 198 189 — —

N 40 — — 197 190 192 186 — — 215 206 — —

Table 3-5. Maximum and average peak deflection in the most the heavily loaded girder for
the different truck orientations and speeds in the Route 601 Bridge (measured in inches).
= Truck Orientation

% Test Test West Exterior West Interior Center Two Trucks East Interior East Exterior
S| pate Speed| Max. Avg. Max. Avg. Max. Avg. Max. Avg. Max. Avg. Max. Avg.
4 (mph) | Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak
@ Defl. Defl. Defl. Defl. Defl. Defl. Defl. Defl. Defl. Defl. Defl. Defl.

Static — — 0217 | 0214 [ 0213 | 0211 | 0266 | 0.261 | 0.195 | 0.193 — —

. o;g%t;er 5 | — — | 0236 | 0228 | 0212 | 0203 | — — | 0211 | 0205 | — —

8 40 — — 0.224 0.219 0.203 0.197 — — 0.204 0.194 — —
% Static 0.293 0.276 0.242 0.240 0.249 0.243 0.315 0.305 0.225 0.222 0.316 0.309

= ‘2788‘; 25 — — 0271 | 0258 | 0269 | 0254 | — — | 0236 | 0228 | — —

40 — — 0.314 0.309 0.309 0.296 — — 0.252 0.237 — —
by Static 0.256 0.254 0.195 0.193 0.187 0.187 0.256 0.252 0.200 0.200 0.216 0.211

% O;g%%er 25 — — | o205 | 0193 | 0185 | 0181 | — — | o206 | 0200 | — —

X 40 — — 0.200 0.194 0.204 0.194 — — 0.238 0.228 — —
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Table 3-6. Peak strain in the Route 601 Bridge as a fraction of ultimate strain;
percentages are for largest average peak strain amongst all three load tests.

Orizrnutglt(ion . Speed % of gy
West Exterior  Static 0.07
Static 0.07
West Interior 25 0.07
40 0.09
Static 0.07
Center 25 0.07
40 0.08
Multiple Lanes  Static 0.08
Static 0.06
East Interior 25 0.07
40 0.07
East Exterior Static 0.08
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Figure 3-1. Average peak strain in the most heavily loaded girder for the
different truck orientations and travel speeds in the Toms Creek Bridge.
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Figure 3-2. Average peak deflection in the most heavily loaded girder for
the different truck orientations and travel speeds in the Toms Creek Bridge.
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Figure 3-3. Error bars for the average peak (a) strain and (b) deflection for the most heavily loaded girder
in the Toms Creek Bridge. Data points marked “N/A” do not have enough tests to produce a statistically
reliable set of bars; data points without error bars have errors that are too small to appear on the graph.
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Figure 3-4. Average peak strain shown with the average temperature at the Toms Creek Bridge.
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Figure 3-5. Average peak strain shown with rainfall at the Toms Creek Bridge. Amount
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Figure 3-6. Average peak (a) strain and (b) deflection in the most heavily loaded girder
for the different interior truck orientations and travel speeds in the Route 601 Bridge.
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Figure 3-7. Average peak (a) strain and (b) deflection in the most
heavily loaded girder for the three exterior truck orientations in the
Route 601 Bridge; all exterior orientations were tested at static speed.
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Figure 3-9. Average peak (a) strain and (b) shown with the average temperature during testing at the Route 601 Bridge.
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Figure 3-10. Average peak (a) strain and (b) deflection shown with the
total rainfall during the week prior to testing at the Route 601 Bridge.
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Chapter 4: Results for Wheel Load Distribution, g

The transverse wheel load distribution was determined using both the midspan flexural
strain and deflection measurements. Figure 4-1 through Figure 4-3 show the typical load
distribution to the supporting beams in the Toms Creek Bridge and Route 601 Bridge. Although
all of these graphs show data from static speed tests, the distribution behavior is similar
regardless of the truck speed.

Figure 4-1 has been developed using the strain data for the Toms Creek Bridge because a
larger number of beams had strain gages on them versus the number of beams instrumented with
deflectometers. Note that for the purposes of data analysis of the Toms Creek Bridge, both
strains and deflections in those beams that did not have the respective instrumentation have been
linearly interpolated using measurements in adjacent beams.

Unfortunately for the Route 601 Bridge tests, the midspan flexural strain gage for Girder
1 (i.e., the west exterior girder) failed after testing began. Therefore, Figure 4-2 and Figure 4-3
have been generated using deflection measurements. For the purposes of data analysis in the
Route 601 Bridge, the strain measurements for Girder 1 have been extrapolated using either a
two-point linear fit or a three-point or four-point parabolic fit of the strain recordings in the
respective number of beams adjacent to Girder 1. The decision on which type of fit to use in the
extrapolation for each truck orientation has been based on how close a given model reflects the
recorded behavior of the east side of the bridge, where all of the gages were functioning
properly. An additional adjustment has been applied to Girder 1 in accordance with the percent
error in the extrapolation model when compared to the actual recorded value for Girder 8 (i.e.,

the east exterior girder that had a functioning strain gage).

4.1 Procedure for Calculating the Wheel Load Distribution

For the purposes of consistency in comparing results, the procedure listed below for
calculating the wheel load distribution is the same procedure that both Neely and Restrepo used
in their research. The procedure follows the same steps regardless of whether the calculations
used midspan strain or deflection data in the analysis. The first step was to determine the
maximum recorded value amongst all of the beams for each individual load test. The

corresponding girder number and the time at which the maximum measurement occurred were
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also noted. Next, the strains or deflections in all of the other beams at the time of the maximum
recorded value were collected within each load test. From this information, the wheel load

distribution was calculated using the equation:

g =% (@-1)
where g is the wheel load distribution, expressed in a decimal format, Ryax is the maximum
response recorded during an individual load test, and R; is the strain or deflection in the i-th
girder at the time of the maximum response. Note that Eq. (4-1) assumes that all of the beams
have the same section modulus. This assumption is not completely accurate because of the edge
stiffening effect of the timber curbs and guide rails (Kim and Nowak, 1997). However, for the
purposes of this study, this discrepancy has been deemed negligible.

Note that Eq. (4-1) only calculates the maximum ¢ in any given load test. This
calculation is sufficient because the AASHTO guidelines for bridge design allow for a beam-line
analysis of the most heavily loaded girder to estimate the load effect across the entire bridge
system (Barker and Puckett, 1997). From the values calculated in Eq. (4-1), an average wheel
load distribution was calculated using all of the repetitions for a given combination of truck
orientation and speed mentioned in Sections 2.4.1 and 2.4.2.

As noted above, g is in a decimal format. However, as discussed in Section 1.2.5.2 of
this report, wheel load distribution has traditionally been represented as a distribution factor in
the form of Eq. (1-6). Therefore, the wheel load distributions calculated using Eq. (4-1) will also
be referenced to Eq. (1-6) for the Toms Creek Bridge and the Route 601 Bridge, where S is 0.94
ft and 3.5 ft, respectively. Note that S for the Toms Creek Bridge is merely the average beam
spacing across the width of the bridge, since the beams are not evenly spaced, as shown in Figure
1-2. For the purposes of this study, girder distribution factors will be expressed on a “per axle”
basis, which is the practice specified in the AASHTO LRFD design guidelines. This practice is
different from the AASHTO Standard Specifications, where the distribution factor is calculated
“per wheel line,” or half of the axle weight. In order to convert the “LRFD” distribution factor

into “Standard” terms, the distribution factor must be multiplied by two.
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4.2 Wheel Load Distribution Results for the Toms Creek Bridge

4.2.1 Results from Current Study of Toms Creek Bridge

The maximum and average results for the wheel load distribution determined from the
Summer 2003 field tests appear in Table 4-1 for the strain measurements and Table 4-2 for the
deflection measurements. Looking at the Summer 2003 combinations of truck orientation and
truck speed, the individual values for g calculated from the strain measurements are essentially
equal (i.e., within 0.01 of each other). The maximum average load distribution based on strain is
0.084 (S/11.1) in the southbound orientation at static speed, while the lowest average value for g
is 0.073 (5/12.8) in the center orientation at 40 mph (64 kph). Likewise, the wheel load
distributions calculated using the recorded deflections are also similar amongst all of the
orientation-speed combinations. The largest average deflection-based value of g is 0.078
(S/12.0), which occurred in the southbound orientation at 40 mph (60 kph). The smallest average
load distribution was 0.069 (S/13.6), at 40 mph (60 kph) in the center orientation.

Except for the g calculated for the southbound lane using deflection measurements, the
wheel load distributions for the static load tests were equal to or greater than those distributions
from the dynamic tests. However, any differences are small. Hence, one can conclude that the
effect of a vehicle’s speed on g is not significant in the Toms Creek Bridge. Based on the largest
average distribution value from the strain data collected during the July 2003 tests, the wheel
load distribution for the Toms Creek Bridge is 0.084 (S/11.1).

Generally speaking, the wheel load distributions determined from the deflection
measurements are about the same as the distributions calculated from the strain measurements,
matching the predicted behavior prior to the field tests. Although the g calculated from the
flexural strain measurements does not include the shear strains in the beams, g calculated from
the deflection does include the shear deflection as well as the flexural deflection. In many
applications with FRP, shear strain is important because the ratio of in-plane longitudinal elastic
modulus versus the in-plane shear modulus for composite materials is ten to thirty times greater
than the same ratio for isotropic materials. Hence, the Bernoulli-Euler beam theory is not
applicable for FRP beams, regardless of whether the loading is static or dynamic (Bank, 1987).
Therefore, shear deformation must be considered in the deflections of thin-walled composite

structures. However, even though shear strain is not included when calculating the girder
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distribution factor using flexural strain measurements, the shear contribution is virtually
cancelled out since the shear strain is in each term in the summation in the numerator and
denominator. Thus, the results for g calculated using either the flexural strain or the deflection

data should give approximately the same values, as stated above.

4.2.2 Comparison of Current Study with Previous Toms Creek Bridge Tests

In addition to the Summer 2003 tests, Table 4-1 and Table 4-2 also summarize the results
from the previous tests that Neely performed from 1997 to 1999. The average ¢ data in these
two tables are also graphically represented in Figure 4-4 and Figure 4-5. There are no results for
load distribution factors based on deflection data for the Fall 1997 and Spring 1998 tests because
there were not enough deflectometers available to warrant this calculation. As noted for the
Summer 2003 data in the previous section, the wheel load distributions calculated from the
deflection measurements in the previous test dates tend to be about the same as those values that
were determined from the strain data.

In general terms, the average wheel load distributions from the Summer 2003 tests are
equal to or less than those values calculated in 1997-1999 load tests. Looking at the strain data,
the largest difference occurred between the Fall 1998 and the Summer 2003 tests for the
northbound orientation at 40 mph (64 kph); this difference is 0.02 (0.098 vs. 0.078 for the
respective dates). For the southbound orientation, the largest difference is a 0.015 decrease
(0.091 vs. 0.076) from Fall 1999 to Summer 2003, again at the 40 mph (60 kph) speed.
Comparisons for the center orientation show very little change in g over time (within & 0.005).
The static tests exhibit similar changes. On the other hand, the results for the 25 mph (40 kph)
tests show virtually no change in wheel load distribution. However, recall that the Summer 2003
field test only conducted the 25 mph (40 kph) test in the southbound orientation.

While the strain data show that the largest decrease in average wheel load distribution
over time was 0.02, the deflection data show decreases that are slightly larger, with the greatest
decrease being about 0.03 between the Fall 1998 and Summer 2003 dates at 40 mph (60 kph) in
the northbound orientation (0.103 vs. 0.075, respectively). In fact, the Fall 1998 deflection data
has the largest difference with the Summer 2003 data in the other two orientations as well. In the
southbound orientation, the change in g is 0.02 (0.098 vs. 0.078, respectively, at 40 mph [60
kph]). Similar to the strain data, the center orientation at static speed shows a negligible change

in g over time (0.081 vs. 0.079).
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The results in Table 4-1 and Table 4-2 raise the question of whether or not there is a
relationship explaining the changes in the measured distribution factors over time. Figure 4-6
shows the average wheel load distributions calculated from both the strain and deflection data for
the three different orientations at static speed, along with the superimposed 2c error bars, as
described in Section 3.1.2. Looking at the static speed graphs for strain measurements in the
center orientation and the deflection measurements in the southbound orientation, the conclusion
is that there is very little difference amongst the six test dates, given the confidence limits
expressed by the error bars. However, the graphs for the strain measurements made in the
northbound orientation and the deflection measurements in the center orientation show that the
data on these dates are from different populations. Additionally, the error bars for the dynamic
load tests tend to be larger, indicating a greater scatter in the data within each orientation. These
larger error bars indicate greater uncertainty, and therefore not much of a statistically significant
difference in the data.

However, a more rigorous investigation using the Anderson-Darling test, from the MIL-
HDBK-17 statistical analysis program mentioned in Section 3.1.2, showed that the set of
distribution factors for each respective orientation-speed combination from the six test dates did
not come from the same population. Even when grouping the tests into “Fall” and “Spring” sets,
as described in Section 3.1.2, there are mixed results as to whether the data in the respective
groups come from the same population. Therefore, the resulting conclusion is that there is a
statistically significant difference in the data presented in Table 4-1 and Table 4-2, meaning that
there must be an external cause leading to the changes in g.

The question is, then, what is the reason for the Summer 2003 results being generally less
than the results from the 1997 to 1999 tests. One point to note is that prior to testing in the Fall
of 1997 and Spring of 1998, Neely tightened all of the deck-to-girder connections, as well as
those connections at the abutments. The pre-tightening could potentially stiffen the structural
members, thus decreasing the strain and deflection in the beams. However, Neely concluded in
his work that the connections in the Toms Creek Bridge added little benefit in terms of
composite action in the bridge. Hence, the differences in experimental procedure should be
negligible in comparing the different tests in this study.

In looking at Eq. (4-1), there are three possible scenarios that would lead to a lower wheel

load distribution over time. First, the numerator in the equation, i.e., the maximum peak strain or
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deflection in any one girder could be smaller. This scenario would mean that the most heavily
loaded girder is gaining stiffness over time. The second possibility is that the denominator is
increasing, which would mean that all of the beams exhibit larger strains or deflections as the
beams are losing stiffness over time. The third conclusion could be that both the data for the
numerator and denominator are changing over time, but that one is changing at a greater rate
than the other.

As a way of examining these three possibilities, refer back to Table 3-1, which presents
the peak strain data for the maximum loaded beam. Then consider Table 4-3, which lists the
sum of the strains in all of the beams together in the Toms Creek Bridge at the time of the
maximum peak strain. Both the strain in the maximum loaded beam and the total strain in all of
the beams appear to increase over time (compare Figure 3-1 and Figure 4-7). However, when
comparing the Summer 2003 data with the previous tests, the percentage change in the total
strain is generally greater than the percentage change in the strain for the maximum loaded beam,
as evidenced by Figure 4-9 through Figure 4-11. This observation is particularly true for the
northbound and southbound orientations, which explains why the wheel load distributions in
those orientations have decreased slightly over time. The data for the center orientation shows
that the comparative change in the two components for calculating g is small, thus resulting in
the minor changes in the wheel load distribution for the center orientation over time. Similar
results occur when considering the deflection data for the Toms Creek Bridge (compare Table
3-2 with Table 4-4, and compare Figure 3-2 with Figure 4-8). Therefore, the conclusion is that
the wheel load distribution decreases slightly over time, and this decrease is due to the sum of all
of the beams losing some stiffness.

While the information just presented provides a mathematical explanation for the change
in wheel load distribution over time, this analysis does not explain why the overall beam
behavior exhibits varying strains and deflections over time. Refer to Section 3.1.2 for a
discussion on how the ambient air temperature and moisture might have an impact on the
bridge’s performance in terms of peak strain and deflection. The same argument applies to the
variation of wheel load distributions over time.

In terms of relating the long-term results in the Toms Creek Bridge with AASHTO’s
guidelines for wheel load distributions, consider Figure 4-12. This chart shows AASHTO’s
recommended limits for both the Standard Specifications and LRFD Specifications, along with
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the theoretical lower limit for g if the deck were infinitely stiff (i.e., a load going across the
bridge would be evenly distributed amongst all of the beams). In his research, Neely
recommended using the same girder distribution factors in the Toms Creek Bridge as a bridge
with a 4-in. to 6-in. thick glulam deck supported by steel stringers. For this type of bridge, the
AASHTO Standard Specifications call for D in Eq. (1-6) to be 8.0 for a single lane load case,
while the LRFD Specifications prescribe D to be 8.8. Using the average beam spacing of 0.94 ft
(285 mm), g in Eq. (1-6) works out to be 0.12 and 0.11 for the AASHTO Standard Specifications
and LRFD Specifications, respectively. Note that no distinction is made between an exterior and
interior girder in Figure 4-12 since none of the truck orientations had a wheel line bearing
directly over either of the exterior beams.

The average experimental values in Figure 4-12 include all of the truck orientations and
travel speeds tested on a given date, with the accompanying error bars indicating the amount of
variation within the corresponding data set. Clearly, the average wheel load distributions are
well below AASHTO’s suggested limits. Even taking the data variability into account, the
possible extreme values for g are within AASHTO’s LRFD guidelines (, which are even lower
than the AASHTO Standard Specifications. Therefore, based on the results in Figure 4-12, the
suggested design wheel load distribution for bridges with 8-in. FRP DWB supporting a 5'/s-in
deck is 0.11 (S/8.5, per axle).

4.3 Wheel Load Distribution Results for the Route 601 Bridge

4.3.1 Results from the Current Study of Route 601 Bridge

The results for the wheel load distribution determined from the Fall 2003 field tests
appear in Table 4-5 for the strain measurements and Table 4-6 for the deflection measurements.
Looking at both strain and deflection data, the exterior girders have the largest value of g,
regardless of whether both lanes are loaded or only one lane is loaded. Based on the strain
recordings, the largest average value for wheel load distribution is 0.326 (S/10.7) in both the west
exterior and multiple-lane orientations. This value is about 0.02 greater than g for the east
exterior orientation, which is 0.302 (S/11.6). As noted in Section 2.4.2, the distributions for
these three orientations were only determined at static speed.

On the other hand, the wheel load distributions for the interior and center orientations

were calculated for all three speeds (static speed, 25 mph [40 kph], and 40 mph [64 kph]). The
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results for g based on strain data in these three orientations are similar within each speed
category. At static speed, the largest average distribution is 0.257 (S/13.6) in the west interior
orientation, while the center orientation had the smallest value at 0.245 (S/14.3). The other two
speeds have similar results when comparing the largest and smallest values for g within the
interior orientations. However, the data tends to show a consistent decline in g with an increase
in speed. For example, Table 4-5 shows that the wheel load distribution for the center
orientation is 0.245 (S/14.3) at static speed, but is 0.239 and 0.222 (S/14.6 and S/15.8) for 25
mph and 40 mph (40 kph and 64 kph), respectively.

Results from the same Anderson-Darling test used in Section 3.1.2 show that these values
are not from the same population; similar results occur for the west interior and east interior
orientations. Hence, based on the strain measurements in the Route 601 Bridge, the conclusion
is that speed does have some effect on the wheel load distribution, i.e., an increase in speed
results in a lower . However, there is no other known literature that supports this conclusion.

In fact, neither the AASHTO Standard nor the AASHTO LRFD Specifications connect the girder
distribution factor to speed. The g from the Standard Specifications is merely based on the type
of bridge and the girder spacing, while the g from the LRFD Specifications is a function of girder
spacing, span length, deck thickness, stiffness parameters, and skew (AASHTO, 1996;
AASHTO, 1998). Although the repairs at the approaches appeared to mitigate the problems
noted in Section 2.4.2, perhaps the conditions continued to have an effect on the wheel load
distribution during dynamic testing.

Similar results occur when considering the deflection measurements, where there appears
to be a big difference between loading the exterior girders versus the interior girders. For the
exterior orientations, the average wheel load distributions range from 0.343 (5/10.2) in the
multiple-lane loading to 0.283 (S/12.4) for the east exterior orientation. For the interior
orientations, g is 0.252 (S/13.9) for the east interior orientation, while g is 0.221 (S/15.8) in the
center loading case. Like the results from the strain data, there is a decrease in the wheel load
distribution as the speed increases, although that difference is somewhat smaller.

Although the wheel load distributions calculated from deflections measurements
generally parallel the calculations using the recorded strain, the differences between the two
measurement methods appear to be greater than the differences in the Toms Creek Bridge

results. For the different orientation-speed combinations, the wheel load distributions calculated
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using the strain information is at most 0.02 greater than the distributions calculated from the
deflection data. As explained in Section 4.2.1, these results are surprising in that the g calculated
using the deflection measurements are generally expected to be about the same as the g
calculated using the strain data.

One possible explanation for the larger difference between the strain and deflection data
could be because the strain in Girder 1, i.e., the west exterior girder, needed to be extrapolated
from the data for the adjacent girders since the flexural strain gage at Girder 1 failed after the
onset of testing. However, one of the larger differences between the two measurement methods
occurs when a single load truck is oriented in the east exterior position (i.e., a truck wheel line is
positioned over Girder 8). In this orientation, the response in Girder 1 is near zero for both the
measured deflection and the extrapolated strain. Therefore, any errors in calculating the wheel
load distribution for the east exterior orientation using the extrapolated strain should be
negligible. Since the two measurement methods do give different results, however, there must
be another reason for the difference in the calculated GDF for the east exterior orientation, as
well as the other orientations. A second reason could be the location of the deflectometers in
relation to the beams’ longitudinal midpoint, as explained in Section 4.2.1. Regardless of the
reasons for the discrepancy, the suggested value for wheel load distributions in the Route 601
Bridge should be based on the strain measurements since the strain measurements yield slightly

higher distributions, thus giving a slightly more conservative design.

4.3.2 Comparison of Current Study with Previous Route 601 Bridge Tests

Besides the Fall 2003 tests, Table 4-5 and Table 4-6 also present the data for the tests that
Restrepo conducted in the Fall of 2001 and Summer of 2002. All of this data is graphically
represented in Figure 4-13 through Figure 4-16. Like the Fall 2003 tests, the previous two tests
have wheel load distributions calculated from strain data that are generally marginally greater
than the distributions calculated from the deflection data. However, the Summer 2002 results for
static speed in the west exterior orientation show that the strain-based wheel load distribution is
actually 0.045 less than the deflection-based distribution.

Simply looking at the g-values calculated from the strain data, there appears to be a fairly
consistent pattern amongst the interior orientations. Although the wheel load distribution values
increase and decrease depending on which interior orientation, over time the results are generally

within £0.01 of each other. On the other hand, the exterior orientations exhibit a slightly more
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erratic behavior. For example, g for the east exterior orientation increases by 0.03 while g for the
west exterior decreases by 0.03. Recall that the exterior orientations were only tested at static
speed, with the east and west exterior orientations only being tested twice, in Summer 2002 and
Fall 2003. Nevertheless, the strain results appear to yield similar wheel load distributions.

As mentioned earlier, the wheel load distributions calculated from the deflection data are
slightly different from those calculated using the strain measurements. The largest differences in
the deflection results appear in the center and east interior orientations. When going from Fall
2001 to Summer 2002, the wheel load distribution for the center orientation increases for all
three test speeds, while the load distribution for the east interior orientation decreases. On the
other hand, when comparing the Fall 2003 results with the Summer 2002 tests, the opposite
results occur. Regardless, the changes over time tend to be relatively small. For example, the
value for g in the center orientation decreases anywhere from 0.015 to 0.020 for the three speeds,
while the wheel load distribution in the east interior orientation increases by about 0.020 to
0.030. For the west interior orientation, there is little change in g, regardless of speed or when
the test occurred. Similarly, the west exterior and the multiple-lane orientations exhibit little
change. However, the east exterior orientation exhibits a somewhat larger decrease in g (0.339
versus 0.283).

Like the Toms Creek Bridge data, statistical analysis provides a basis for comparing
whether or not the results in the Route 601 Bridge are a part of the same population when
considering the three different test dates. Figure 4-17 and Figure 4-18 show the average
maximum wheel load distributions with the superimposed error bars for all test speeds the
interior truck orientations, based on strain and deflection, respectively. Generally speaking, the
error bars show that, given the level of confidence from the number of load tests that took place,
there isn’t much of a statistical difference in the results when considering the different test dates
within a given orientation-speed combination. However, with the exception of the multiple-lane
orientation and the west interior orientation at 25 mph (40 kph), the more rigorous statistical
analysis using the Anderson-Darling test shows that, in fact, the results are not part of the same
population, even when considering just the data collected during the Fall seasons. The fact that
the data are not definitively from the same population in the Anderson-Darling test leads to the

conclusion that the changes in the wheel load distributions over time in the Route 601 Bridge are
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statistically significant and must be due to a reason other than scatter in the data collected over
the span of three load tests.

In finding that reason, a comparison should be made between the average peak strain or
deflection and the average sum of the respective quantity in all of the girders at the time of the
peak measured value, just as was done for the Toms Creek Bridge. Table 4-7 and Table 4-8
show the average total measured strain and deflection, respectively, in the Route 601 Bridge at
the time of the peak measured value. These two tables serve as a comparison to Table 3-4 and
Table 3-5, which as mentioned in Section 3.2.1, give the respective peak strain and deflection in
the most heavily loaded girders. Note that the data in Table 4-7 and Table 4-8 is graphically
detailed in Figure 4-19 and Figure 4-20, which serve as a comparison to Figure 3-6 and Figure
3-7.

In comparing the strain data for the Fall 2001 and Fall 2003 tests, consider Figure 4-21
through Figure 4-24, which compare the percentage change from a given test date to the Fall
2003 test in peak measured data with the total measured data at the time of the peak strain or
deflection for the various truck orientations and travel speeds. Generally, the peak strain in the
most heavily loaded girder has a larger percentage increase than the total strain in all of the
girders at the time of peak strain. Consequently, the wheel load distributions generally increase
from Fall 2001 to Fall 2003. However, looking at the Summer 2002 and Fall 2003 results, the
numerator and denominator for calculating g either change by the same percentage amount, or
the peak strain decreases at a greater rate than the total strain at the time of peak strain. Hence,
the wheel load distributions are stable or slightly lower in the Fall 2003 tests compared to the
Summer 2002 tests.

Similarly, the deflection data show that both the peak deflection and the total deflection
in all of the girders at the time of peak deflection decrease over time. This decrease occurs when
comparing the Fall 2003 tests with either the Fall 2001 tests or the Summer 2002 tests.
However, despite the fact that both the numerator and denominator in Eq. (4-1) decrease, the
relative amount of change between these two factors differs amongst the various truck
orientations. In the center orientation, for instance, the peak girder deflection decreases at a
faster rate than the total girder deflection. Consequently, g for the center orientation is lower at
all three test speeds in Fall 2003 than the other two dates. On the other hand, the east interior

orientation shows that the rate of decrease in the peak deflection is less than the decline in total

79



deflection. Thus, the wheel load distributions tend to increase in the tests for the east orientation
in Fall 2003. Meanwhile, the relative change between the peak girder deflection and total
deflection is about the same for the west interior orientation, resulting in stable wheel load
distributions amongst the three test dates for that orientation.

Unfortunately, there is no clear answer as to the reason behind the variation in the wheel
load distributions amongst the three test dates. Unlike the Toms Creek Bridge, where the
ambient air temperature appears to have a dominant effect on wheel load distribution,
temperature’s effect does not seem to be a significant factor on the change in g in the Route 601
Bridge. Since all of the girders experience the same change in temperature, then the resulting
wheel load distributions in the respective truck orientations should follow roughly the same
pattern. However, as described previously in Figure 4-14 through Figure 4-16, there is little
consistency in the changes in g amongst the different orientations. The same can be said for any
effects that rainfall or other moisture would have on the bridge’s performance.

Loss of composite action between the glulam deck and FRP beams is another possible
explanation behind the changes in wheel load distribution. Interaction between the deck and the
girders can increase the effective moment of inertia, thus making the overall bridge structure
stiffer and shifting the neutral axis upwards in the individual girders. The result should be a
more even distribution of load to all of the girders acting compositely with the deck, hence a
lower value for the maximum g. However, Waldron concluded in his work that there is very
little composite action taking place in the Route 601 Bridge (2001). Although the deck-to-girder
connections in the Route 601 Bridge are quite different from the design in the Toms Creek
Bridge, Waldron discovered that a large amount of deformation occurs in the area where the
bolts connect the glulam deck to the girders. The deformation is attributed to the poor bearing
capacity in the timber deck as horizontal shear forces transfer from the girders to the deck.
Consequently, the Route 601 Bridge design did not include the benefits of composite action, and
any composite action that existed when the bridge was first constructed should have dissipated,
certainly by the time of the Summer 2002 load tests. Therefore, loss of composite action in some
of the beams cannot be counted as a major reason why the wheel load distributions have changed
during the bridge’s time in service.

Despite not knowing the reason behind the change in the wheel load distribution over

time for the Route 601 Bridge, the general conclusion is that there is potential for g to increase
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slightly over time, which contradicts the long-term results stated for the Toms Creek Bridge.
Even though many of the truck orientations have values for g that remain stable or decrease
slightly, the average wheel load distribution for the multiple-lane orientation increases nearly
0.04 (0.343 in Fall 2003 versus 0.306 in Summer 2002). This orientation is also the orientation
with the largest wheel load distribution.

All of the above results need to be compared with the specifications set forth by
AASHTO, as done in Figure 4-25 and Figure 4-26. These figures divide the wheel load
distributions into three categories: a single interior lane loaded, a single exterior lane loaded, and
multiple exterior lanes loaded. All of the graphs show the theoretical lower limit for g, which
would be for the case of an infinitely stiff deck. Also, all of the graphs in these figures show the
“proposed” wheel load distribution of 0.35, which is equivalent to S/10 on a “per axle” basis, or
S/5 on a “per wheel line” basis. This value for g is what Waldron used in designing the Route
601 Bridge and is also what Restrepo recommended subsequent to his research. Additionally,
Sub-figure (1) in Figure 4-25 shows the values for g for a single, interior lane load case. As
dictated in the AASHTO Standard Specifications and LRFD Specifications, the wheel load
distribution for this case is 0.389 and 0.398, respectively. Although the Route 601 Bridge has a
5'/g-in. deck supported by FRP girders, the comparison with the Standard Specifications is based
on a 4-in. thick glulam deck supported by steel stringers. Note that the LRFD Specifications
make no distinction in the deck thickness when listing distribution factors for the glulam deck
and steel stringer system. Sub-figure (2) in Figure 4-25, as well as Figure 4-26, shows the
AASHTO requirement for g in an exterior lane. This value is determined using the Lever Rule
and is equal to 0.50, regardless of which specification the engineer follows and regardless if one
or multiple lanes are in consideration. Again, all of the wheel load distribution factors listed here
are on a “per axle” basis.

Looking at the graphs in Figure 4-25 and Figure 4-26, the experimental girder
distribution factors for all three lane categories (single interior, single exterior, and multiple
exterior) fall below the limits set forth by AASHTO, regardless of when a given test took place
and regardless of which design specification is considered. Likewise, the experimental averages
are lower than Waldron and Restrepo’s proposed distribution factor. However, if one considers
the variability in the data, there does appear to be a statistically significant chance that the girder

distribution factor could be higher than the proposed value, as indicated by the error bars on the
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graphs. The girder factors for the exterior lanes (both single and multiple) are the cases that are
most likely to exceed the proposed value. However, the amount by which a probable
experimental result would exceed the proposed limit is small, i.e., about 6% (0.37 for a probable
g versus 0.35 for the proposed g). A larger number of individual tests may help to reduce the
variability in the data, thus making the proposed limit for the wheel load distribution more
acceptable.

Therefore, the general conclusion for the Route 601 Bridge is that a truck positioned
along an exterior girder yields larger load distribution factor. From the test results contained in
this report, the recommended value for g is 0.35 (S/10, per axle) for design purposes. This
conclusion is based on the deflection data for the sake of being conservative in designing with
FRP beams. However, note that this recommended g is 30% below the more conservative
AASHTO value of 0.50 (S/7, per axle), for both the Standard Specifications and LRFD
Specifications. More testing is recommended in the future to see if in fact the load distribution
continues to increase over time, particularly the east interior and exterior orientations.
Additionally, further study may help to quantify the effects of temperature and moisture on the

bridge’s performance.
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4.4 Tables and Figures

Table 4-1. Wheel load fractions based on strain data for the Toms Creek Bridge.

i Truck Orientation
S| Test | Speed Southbound Center Northbound
()
é Date | (mph) ’_\II_Z;; Max. g | Avg. g T_gg;f Max. g | Avg. g l_\er'sfsf Max. g | Avg. g
Static 2 0.096 | 0.095 2 0.077 | 0.076 2 0.089 | 0.088
Fall 1997 25 2 0.088 | 0.087 3 0.080 | 0.077 2 0.083 | 0.080
40 2 0.101 | 0.089 2 0.079 | 0.078 2 0.084 | 0.081
Spring Static 4 0.087 | 0.085 4 0.078 | 0.075 4 0.089 | 0.084
1998 25 3 0.086 | 0.082 4 0.078 | 0.074 3 0.081 | 0.079
40 3 0.081 | 0.080 4 0.076 | 0.072 4 0.093 | 0.077
- Static 6 0.097 | 0.088 6 0.081 | 0.078 5 0.099 | 0.096
o |Fall 1998] 25 5 0.087 | 0.084 7 0.079 | 0.076 4 0.099 | 0.091
z 40 4 0.093 | 0.089 5 0.078 | 0.073 5 0.104 § 0.098
Spring Static 6 0.089 | 0.089 6 0.082 | 0.081 6 0.089 | 0.089
1999 25 3 0.089 | 0.088 6 0.081 | 0.080 3 0.083 | 0.083
40 4 0.091 | 0.089 6 0.080 | 0.078 4 0.095 | 0.091
Static 6 0.098 | 0.095 5 0.082 | 0.078 6 0.098 | 0.095
Fall 1999] 25 3 0.083 | 0.081 3 0.074 | 0.073 3 0.093 | 0.084
40 5 0.098 | 0.091 5 0.071 | 0.069 6 0.097 | 0.093
5 Static | 5 0.084 | 0.084 | 5 0.080 | 0.079 5 | 0.079 | 0.078
7P| 25 | 5 |oosilooe] — | — | — | — | — | =
N4 40 5 0.077 | 0.076 5 0.074 | 0.073 5 0.085 J 0.078
Table 4-2. Wheel load fractions based on deflection data for the Toms Creek Bridge.
E Truck Orientation
% Test | Speed Southbound Center Northbound
()
§ Date | (mph) '_\lrg'stosf Max. g | Avg. g '_\lrg'stosf Max. g | Avg. g '_\lrg'stosf Max. g | Avg. g
Static 6 0.087 | 0.081 6 0.082 | 0.081 5 0.095 | 0.092
Fall 1998] 25 5 0.081 | 0.079 7 0.080 | 0.081 4 0.092 | 0.091
40 4 0.101 J 0.098 5 0.081 | 0.079 5 0.107 | 0.103
% Spring Static 6 0.079 | 0.078 6 0.078 | 0.078 6 0.083 | 0.083
2 1999 25 3 0.078 | 0.073 6 0.077 | 0.077 3 0.080 | 0.079
40 4 0.088 | 0.084 6 0.078 | 0.078 4 0.087 | 0.086
Static 6 0.081 | 0.079 5 0.075 | 0.074 6 0.099 | 0.091
Fall 1999 25 3 0.079 | 0.078 3 0.073 | 0.073 3 0.091 | 0.087
40 5 0.097 | 0.090 5 0.072 | 0.072 6 0.106 | 0.102
5 Static 5 0.077 | 0.077 5 0.070 | 0.070 5 0.075 | 0.075
7 S%'O”;)er 25 5 |oos|oors| — | — [ — | — | — | —
< 40 5 0.079 | 0.078 5 0.070 | 0.069 5 0.078 | 0.075
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Table 4-3. Maximum and average total flexural strain in all girders for the Toms Creek Bridge
for the various truck orientations and speeds at the time of peak flexural strain (in microstrain).

@ Truck Orientation
iéﬁ Test Speed Southbound Lane Center Lane Northbound Lane
o Date (mph) | Max. Tot. | Avg. Tot. | Max. Tot. | Avg. Tot. | Max. Tot. | Avg. Tot.
& Strain Strain Strain Strain Strain Strain
Static 2748 2729 3048 3006 3076 3053
Fall 1997 25 2948 2735 — — — —
40 4763 4744 4844 4395 4465 4371
Spring Static 3330 3235 4233 4162 3639 3526
1998 25 3735 3650 — — — —
40 5784 4679 5392 4797 4658 3881
- Static 2508 2341 2795 2737 2766 2662
2 |Fall 1998 25 2870 2795 — — — —
z 40 4092 4066 3998 3697 4131 4004
Spring Static 3162 2657 4037 3959 3394 3186
1999 25 3110 3049 — — — —
40 4951 4833 5479 4766 4756 4502
Static 2675 2466 3101 2777 2940 2761
Fall 1999 25 2836 2771 — — — —
40 4439 4186 4699 3924 4344 4109
E Summer Static 3541 3521 3804 3769 3395 3383
% 2003 25 3935 3736 — — — —
X 40 6534 5787 5108 4564 4874 4810

Table 4-4. Maximum and average total deflection in the all of the girders for the
Toms Creek Bridge, recorded at the time of peak deflection (measured in inches).

5 Truck Orientation
§ Test Speed Southbound Lane Center Lane Northbound Lane
S Date (mph) Tot. Max. | Tot. Avg. | Tot. Max. | Tot. Avg. | Tot. Max. | Tot. Avg.
g Peak Peak Peak Peak Peak Peak
& Deflect. | Deflect. | Deflect. | Deflect. | Deflect. | Deflect.
Static 2.299 2.225 2.629 2.579 2.790 2.732
Fall 1998 25 2.550 2.480 — — — —
40 3.885 3.791 3.574 3.255 4,363 4.181
>| spring Static 3.107 2.790 4.208 4,140 3.384 3.205
® 1999 25 2.949 2.925 — — — —
z 40 4,749 4.669 5.248 4,588 4,703 4.466
Static 2.545 2.296 3.051 2.495 3.244 2.852
Fall 1999 25 2.451 2.354 — — — —
40 4.236 3.978 4,247 3.458 4,261 4.080
E Summer Static 3.453 3.422 3.826 3.789 3.466 3.453
@ 2003 25 3.773 3.635 — — — —
4 40 6.040 5.567 4.825 4,371 5.284 5.153
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Table 4-5. Wheel load fractions based on strain data for the Route 601

Bridge. Fractions for multiple trucks are listed on a per truck basis.

E Test Truck Orientation
% geft Speed | West Exterior | West Interior Center Multiple Lanes | East Interior East Exterior
ate
é (mph) Max.g | Avg.g | Max.g | Avg.g | Max.g [ Avg.g | Max.g | Avg.g | Max.g | Avg.g | Max.g | Avg. g
Fall Static — — 0.248 | 0.247 | 0.240 | 0.236 | 0.330 | 0.322 | 0.242 | 0.240 — —
g | 2001 25 — — 0.245 | 0.244 | 0.237 | 0.227 — — 0.258 | 0.243 — —
) 40 — — 0.233 | 0.228 | 0.232 | 0.227 — — 0.247 | 0.242 — —
E Summer Static | 0.309 | 0.294 | 0.256 | 0.256 | 0.245 | 0.244 | 0.324 | 0.316 | 0.245 | 0.244 | 0.343 | 0.329
2002 25 — — 0.253 | 0.251 | 0.243 | 0.239 — — 0.245 | 0.242 — —
40 — — 0.253 | 0.253 | 0.245 | 0.236 — — 0.243 | 0.241 — —
E Fall Static | 0.334 | 0.326 | 0.260 | 0.257 | 0.251 | 0.245 | 0.343 | 0.326 | 0.250 | 0.248 | 0.306 | 0.302
% 2003 25 — — 0.254 | 0.250 | 0.241 § 0.239 — — 0.254 | 0.246 — —
X 40 — — 0.249 | 0.241 | 0.242 | 0.222 — — 0.237 | 0.235 — —
Table 4-6. Wheel load fractions based on deflection data for the Route
601 Bridge. Fractions for multiple trucks are listed on a per truck basis.
3 Test Truck Orientation
% geft Speed West Exterior West Interior Center Multiple Lanes East Interior East Exterior
ate
§ (mph) Max.g | Avg.g | Max.g | Avg.g | Max.g | Avg.g | Max.g | Avg.g | Max.g | Avg.g | Max.g | Avg. g
Fall Static — — 0.242 | 0.241 ] 0.233 | 0.232 | 0.310 | 0.306 | 0.234 | 0.233 — —
o | 2001 25 — — 0.240 | 0.238 | 0.231 | 0.225 — — 0.244 | 0.233 — —
) 40 — — 0.233 | 0.231 | 0.225 | 0.222 — — 0.229 | 0.225 — —
§ Summer Static | 0.349 | 0.339 | 0.239 | 0.235 | 0.241 | 0.236 | 0.334 | 0.324 | 0.227 | 0.224 | 0.349 | 0.339
2002 25 — — 0.236 | 0.234 | 0.242 | 0.237 — — 0.224 | 0.223 — —
40 — — 0.236 | 0.235 | 0.241 | 0.235 — — 0.226 | 0.224 — —
E Fall Static | 0.339 | 0.334 | 0.239 | 0.238 | 0.223 | 0.221 | 0.354 | 0.343 | 0.253 | 0.252 | 0.284 | 0.283
@ 2003 25 — — 0.244 | 0.234 | 0.221 | 0.218 — — 0.252 | 0.249 — —
N 40 — — 0.236 | 0.234 | 0.223 | 0.217 — — 0.248 | 0.245 — —
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Table 4-7. Maximum and average total flexural strain in all of the girders for the Route 601 Bridge for the
different truck orientations and speeds, recorded at the time of peak flexural strain (measured in microstrain).

Truck Orientation

% Test Test West Exterior West Interior Center Two Trucks East Interior East Exterior
5 Date Speed | Max.Tot. [ Avg.Tot. | Max.Tot. | Avg.Tot. | Max.Tot. [ Avg.Tot. [Max.Tot. [ Avg.Tot. [Max.Tot. [ Avg.Tot. [Max.Tot. [ Avg.Tot.
@ (mph) Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak
x Strain Strain Strain Strain Strain Strain Strain Strain Strain Strain Strain Strain
October Static — — 744 740 790 785 1389 1370 747 737 — —
o | 2001 25 — — 850 808 870 808 — — 804 789 — —
) 40 — — 831 789 788 770 — — 790 772 — —
2 June Static 743 738 824 820 847 844 1471 1468 826 821 745 731
x 2002 25 — — 953 907 960 926 — — 896 859 — —
40 — — 1098 1075 1146 1071 — — 882 827 — —
E October Static 648 643 748 740 776 771 1375 1307 752 746 732 728
§ 2003 25 — — 828 776 847 815 — — 806 766 — —
V4 40 — — 818 789 905 839 — — 907 876 — —
Table 4-8. Maximum and average total deflection in the all of the girders for the Route 601 Bridge for
the different truck orientations and speeds, recorded at the time of peak deflection (measured in inches).
5 Truck Orientation
g Test Test West Exterior West Interior Center Two Trucks East Interior East Exterior
5 Date Speed | Max.Tot. [ Avg.Tot. | Max.Tot. | Avg.Tot. [ Max.Tot. | Avg.Tot. [ Max.Tot. | Avg.Tot. | Max.Tot. | Avg.Tot. | Max.Tot. | Avg.Tot.
@ (mph)| Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak Peak
x Defl. Defl. Defl. Defl. Defl. Defl. Defl. Defl. Defl. Defl. Defl. Defl.
October Static — — 0.912 0.902 0.937 0.922 1.726 1.655 0.849 0.841 — —
2 | 2001 25 — — 0.994 0.964 0.972 0.909 — — 0.910 0.898 — —
) 40 — — 0.977 0.956 0.921 0.895 — — 0.914 0.878 — —
g June Static | 0.948 0.940 1.027 1.022 1.034 1.031 1.881 1.879 0.992 0.988 0.929 0.913
2002 25 — — 1.149 1.101 1.116 1.082 — — 1.053 1.021 — —
40 — — 1.329 1.313 1.331 1.263 — — 1.126 1.057 — —
‘g October Static | 0.767 0.760 0.820 0.812 0.848 0.845 1531 1.472 0.793 0.791 0.766 0.747
% 2003 25 — — 0.874 0.821 0.853 0.830 — — 0.825 0.806 — —
X 40 — — 0.849 0.830 0.958 0.894 — — 0.962 0.931 — —
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Figure 4-1. Typical girder responses to a load truck for the various truck orientations
on the Toms Creek Bridge, shown at the time of maximum strain at static speed.
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Figure 4-2. Typical girder responses to a load truck for the East
Interior, Center, and West Interior orientations on the Route 601
Bridge, shown at the time of maximum deflection at static speed.
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Figure 4-4. Average wheel load distributions for the Toms Creek Bridge

over time, based on strain measurements at three different speeds.
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Figure 4-5. Average wheel load distributions for the Toms Creek Bridge
over time, based on deflection measurements at three different speeds.
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Figure 4-7. Average total peak strain in all of the girders for the
different truck orientations and travel speeds in the Toms Creek Bridge.
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Figure 4-9. Percentage change of (a) peak strain versus total peak strain and (b) peak deflection versus total peak deflection
from the given test date to the Summer 2003 test for the Toms Creek Bridge in the various truck orientations at static speed.

95



\ O Peak Strain B Tot. Peak Strain

Southbound

i
o

N w
o o
! !

[EEY
o
!

Percentage
Change (%)

o

N
o

Fa '97 Sp '98 Fa '98 Sp '99 Fa '99
Date

(@

Southbound

o2}
o

a1l
o
!

40

Percentage
Change (%)

= N w
o o o o
! ! !

Fall 1998  Spring 1999 Fall 1999
Date

(b)

Figure 4-10. Percentage change of (a) peak strain versus total peak strain and (b) peak
deflection versus total peak deflection from the given test date to the Summer 2003
test for the Toms Creek Bridge in the various truck orientations at 25 mph (40 kph).
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Figure 4-11. Percentage change of (a) peak strain versus total peak strain and (b) peak deflection versus total peak deflection
from the given test date to the Summer 2003 test for the Toms Creek Bridge in the various truck orientations at 40 mph (64 kph).
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Figure 4-13. Average wheel load distributions for the Route
601 Bridge over time for three speeds, based on strain.

Figure 4-14. Average wheel load distributions for the Route
601 Bridge over time for three speeds, based on deflection.
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Figure 4-15. Average wheel load distributions calculated from strain data for the exterior
orientations in the Route 601 Bridge. Note that these tests were only conducted at static speed.
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Figure 4-16. Average wheel load distributions calculated from strain data for the exterior
orientations in the Route 601 Bridge. Note that these tests were only conducted at static speed.
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Figure 4-19. Average total peak (a) strain and (b) deflection in all of the girders
for the Interior truck orientations at the various speeds in the Route 601 Bridge.
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Figure 4-20. Average total peak (a) strain and (b) deflection in all of the girders
for the Exterior truck orientations at static speed in the Route 601 Bridge.
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Figure 4-21. Percentage change of (a) peak strain versus total peak strain and (b) peak deflection versus total peak deflection
from the given test date to the Fall 2003 test for the various interior truck orientations in the Route 601 Bridge at static speed.

105



| mPeak Strain B Tot. Peak Strain | mPeak Deflection  m Tot. Peak Deflection

West Interior West Interior
10 0 ‘
o v e
%Q\, 0 ,<|:_ % Q\/_lo -
+~ QO - ()]
% ) c o
= S5
B - '10 n —_ P '20 n
o O & O
20 Fall 2001 Summer 2002 30 Fall 2001 Summer 2002
Date Date
10 Center 0 Center
5 1 —
o ;\3 LS J
g3y o L g%
82 | o c
5 2 S 8 -20
o O -10 | )
15 -30
Fall 2001 Summer 2002 Fall 2001 Summer 2002
Date Date
5 East Interior 0. East Interior
) ;\3 0 *<‘=_ % g\;\ -5
g < S o -10 1
c g -5 c o
s 2 O c .15 -
c 8 S &
a O -10 1 $ G5 -20-
e Fall 2001 Summer 2002 2 Fall 2001 Summer 2002
Date Date
(a) (b)

Figure 4-22. Percentage change of (a) peak strain versus total peak strain and (b) peak deflection versus total peak deflection from
the given test date to the Fall 2003 test for the various interior truck orientations in the Route 601 Bridge at 25 mph (40 kph).
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Figure 4-23. Percentage change of (a) peak strain versus total peak strain and (b) peak deflection versus total peak deflection from
the given test date to the Fall 2003 test for the various interior truck orientations in the Route 601 Bridge at 40 mph (64 kph).
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Figure 4-24. Percentage change of (a) peak strain versus total peak strain and (b) peak deflection versus total
peak deflection from the given test date to the Fall 2003 test for the exterior truck orientations in the Route 601
Bridge at static speed. Note that the East and West Exterior orientations were not tested in the Fall of 2001.
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Figure 4-25. Comparison of AASHTO Standard Specifications and LRFD Specifications with the overall average wheel
load distribution in the Route 601 Bridge for a (1) single interior lane loaded and (2) single exterior lane loaded, based on
(a) strain and (b) deflection. The averages shown here are calculated “per axle.” Error bars are equivalent to +2o.
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Figure 4-26. Comparison of AASHTO specifications with the average wheel load distribution
in the Route 601 Bridge for multiple exterior lanes loaded, based on (a) strain and (b) deflection.
The averages shown here are calculated for a single truck axle. Error bars are equivalent to +2 0.
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Chapter 5: Results for Dynamic Load Allowances, IM

The dynamic load allowance, IM, for both the Toms Creek Bridge and the Route 601
Bridge have been calculated using two different sets of data, first with the midspan flexural strain
data, and then with the midspan deflections. Figure 5-1 shows a typical dynamic response based
on strain measurements in the Toms Creek Bridge for both the 25 mph (40 kph) and 40 mph (64
kph) speeds in the southbound orientation. Although the 25 mph (40 kph) speed was only tested
for the southbound orientation, the other two orientations exhibit similar responses for the 40
mph (60 kph) speed. Figure 5-2 shows the dynamic response based on deflection measurements
in the Route 601 Bridge for the same aforementioned speeds in the east interior orientation. As
explained later, Figure 5-2 is not typical for all of the dynamic tests in the Route 601 Bridge, but

is shown here for the purposes of demonstrating the procedure for calculating IM for the bridge.

5.1 Procedure for Calculating the Dynamic Load Allowance

The procedure listed for calculating the dynamic load allowance is the same procedure
that both Neely and Restrepo used in their research. This procedure follows the same steps
regardless of whether the calculations use midspan flexural strain or midspan deflection data in
the analysis. The first step is to arrange the data according to the truck orientation. For each
individual truck orientation, the average peak static response is obtained from the results in
Chapter 3. Then, for each dynamic load test, i.e., any test where the truck speed is 25 mph (40
kph) or 40 mph (64 kph), an IM factor is calculated using Eq. (1-9), discussed in Section 1.2.5.3.
For each of the two dynamic speeds, an average dynamic load allowance is determined from the
IM factors calculated for the five repetitions for the given speed. This procedure is repeated for

the remaining truck orientations used in the Toms Creek Bridge and Route 601 Bridge.

5.2 Dynamic Allowance Results for the Toms Creek Bridge

5.2.1 Dynamic Load Allowance from Current Study of Toms Creek Bridge

Table 5-1 and Table 5-2 show both the maximum and average dynamic load allowances
results for the Summer 2003 tests, calculated from the strain and deflection data, respectively.
The two measurement methods yield similar results for IM, although the dynamic load

allowances based on deflection are consistently greater than those based on strain. The
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difference between the strain and deflection results are generally between 0.03 and 0.06;
however, the dynamic load allowance at 40 mph (64 khp) in the southbound orientation is 30%
greater when calculated with the deflection data versus that which is calculated with the strain
measurements (0.64 versus 0.49).

Whether considering strain or deflection, the IM for the Toms Creek Bridge varies greatly
amongst the three truck orientations. Looking at the deflection data for the 40 mph (60 kph)
speed, the southbound orientation has the largest average impact factor, 0.64, while the center
orientation registers the lowest IM at 0.14. In addition to the truck’s orientation, the speed at
which the truck traveled across the bridge also plays an important role in the dynamic load
allowance. While the 40 mph (60 kph) speed had the largest dynamic factor in the southbound
orientation, the same orientation tested at 25 mph (40 kph) shows IM to be a much lower 0.04.
Thus, a 60% increase in the truck speed results in a sixteen-fold increase in the dynamic load
allowance, showing that the behavior of the FRP beams in the Toms Creek Bridge is highly
influenced by the speed of the vehicle.

Such an increase in response can be a concern for state transportation departments,
especially if design using FRP beams tends to be deflection controlled. Excessive deflection can
lead to serviceability issues such as cracking in the surface treatment, which results in the
superstructure elements being more susceptible to the effects of water. What’s more, drivers feel
unsafe using the bridge due to perception of large deflections in the bridge when traveling at
elevated speeds. For this reason, AASHTO has set guidelines for dynamic load allowances. For
example, AASHTO Standard Specifications recommend an IM of 0.30 for a glulam deck — steel
girder bridge. AASHTO LRFD Specifications recommend an IM of 0.33 for the same type of
bridge. The maximum average dynamic load allowance in the Summer 2003 test for the Toms
Creek Bridge exceeds both of those recommendations by a factor of two.

One factor that can influence the dynamic load allowance is the condition of the
approaches to the bridge. Optimally, bridges will have a smooth transition from the roadway just
prior to the bridge, thus helping to minimize the dynamic effects of the vehicle traveling across
the bridge. One way to ensure a smooth transition is to construct an approach slab underneath
the roadway at the abutment; this slab helps to evenly distribute the vehicle’s weight across the

soil behind the abutment. However, in more rural settings with a lower traffic count, the lighter
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traffic load does not justify the cost of constructing an approach slab. Therefore, construction
crews typically highly compact the soil to provide a firm surface for the approach roadway.

In the case of the Toms Creek Bridge, the approach on the north abutment may have
settled more than the approach at the south abutment, or might have been more uneven to begin
with. When Neely tested the bridge, he conducted the tests for the dynamic effects for the center
orientation in both the northbound and southbound direction. However, Neely realized that he
had to differentiate between these two travel directions within the center orientation because the
travel direction seemed to influence the resulting IM factor for that orientation. That is to say,
the southbound direction gave a much larger dynamic load allowance than the northbound
direction for the center orientation, which may be indicative of the roadway being lower than the
bridge at the north abutment. This observation may explain why the IM based on deflection for
the southbound orientation was much larger than the result for the northbound orientation (0.64

versus 0.48.).

5.2.2 Comparison of IM Results with Previous Toms Creek Bridge Tests

In addition to the Summer 2003 tests, Table 5-1 and Table 5-2 also display the maximum
and average dynamic load allowance results from the tests that Neely carried out between 1997
and 1999. Recall that there is no deflection information for Fall 1997 and Spring 1998 because
there were an insufficient number of deflectometers available for those tests. The Summer 2003
test results are similar to the previous research in that the center orientation has a much lower
value for IM than the other two orientations, and the dynamic load allowance at 40 mph (64 kph)
is dramatically higher than at 25 mph (40 kph). These comparisons are true whether considering
the dynamic effects calculated from strain measurements or deflection measurements. As with
the Summer 2003 tests, the 1997 to 1999 tests resulted in deflection-based IM values that are
generally greater than those calculated using the strain data.

Figure 5-3 and Figure 5-4 graphically represent the information presented in the two
aforementioned tables. Looking at the 40 mph (60 kph) results based on the deflection data in
Figure 5-4, the dynamic load allowances in the Summer 2003 tests are about the same or slightly
higher than those results from the Spring 1999 tests, where the maximum difference is a 0.10
increase in the northbound orientation. However, when comparing the Summer 2003 test with
Fall 1998 and Fall 1999, the IM factors drop considerably. For example, in the southbound

orientation, the dynamic load allowance is 0.44 and 0.35 lower than the results for the respective
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Fall tests (0.64 versus 1.08 and 0.99). The other two orientations in Summer 2003 have IM
values that are 0.10 to 0.23 lower than the dynamic load allowances from the two Fall test dates.
One possible reason for the large change in the southbound orientation could be because the
Summer 2003 test used fewer deflectometers than the previous tests for the southbound
orientation. Therefore, the larger differences between the Summer 2003 and the previous tests
for this orientation may be due to greater error when trying to interpolate the deflection in the
beams that were not instrumented with deflectometers in the Summer 2003 tests.

Like the results from the deflection data, similar analysis using the strain data for
calculating the dynamic effects at 40 mph (64 kph) also show that the IM values in the Summer
2003 tests are generally lower than all of the previous tests, regardless of the season in which the
tests were performed. Again, this decrease tends to be more pronounced in the Fall tests. The
only anomaly in the strain results is between the Summer 2003 and Spring 1998 dates for the
northbound orientation, where the IM is actually 0.37 greater in Summer 2003 than in Spring
1998. Generally speaking, however, the differences within the strain-based results are less than
the differences found in the deflection data comparisons. The one interesting thing to note in
Figure 5-3 is that the variation in IM appears to stabilize over time with the 40 mph (60 kph)
tests.

While there is a large change over time with the dynamic load allowances for the 40 mph
(64 kph) speeds, the variability within the 25 mph (40 kph) tests is much less (in between -0.12
and +0.11 for both the strain and deflection-based calculations). Note that the Summer 2003 test
only included experiments for 25 mph (40 kph) in the southbound orientation. However, based
on this single orientation, there does not appear to be a relationship between the season when a
given test occurred and the resulting IM factor for the 25 mph (40 kph) speed.

As with the wheel load distribution results, the question is whether or not there is any
statistical significance in the variation of the dynamic load allowances amongst the different test
dates. Consider the error bars in Figure 5-5, which are superimposed over the average IM values
for the different orientation-speed combinations. Data points demarked “N/A” do not have a
sufficient number of load tests for calculating a reliable standard deviation. With the exception
of the deflection-based dynamic load allowance for the southbound orientation at 40 mph (64
kph), the error bars in this figure show that there tends to be little distinction between the

different results for the different test dates, using a 2c confidence interval. Yet, like the
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additional statistical analyses done for service strains, service deflections, and wheel load
distribution, the Anderson-Darling test showed that in fact the changes in IM are statistically
significant.

The reason behind these significant variations may be temperature-related. Consider
Figure 5-6, which superimposes the average temperature at the Toms Creek Bridge on top of the
dynamic load allowances for all three truck orientations tested at 40 mph (64 kph). This figure
suggests that there is an inverse relationship between temperature and the dynamic load
allowance, particularly for the first four load tests (Fall 1997 through Spring 1999).
Additionally, a similar change in temperature seems to result in a comparable change in IM.

At the conclusion of his work, Neely proposed that the design IM for the Toms Creek
Bridge should be 0.90, which is dramatically larger than the 0.30 and 0.33 limits for impact
factors in the respective AASHTO Standard Specifications and LRFD Specifications. Figure 5-7
shows this proposed dynamic load allowance along with AASHTO’s specifications.
Additionally, this figure presents the average dynamic load allowances calculated at 25 mph (40
kph) and 40 mph (64 kph) and the corresponding error bars for the different test dates. The
dynamic load allowances shown in Figure 5-7 are determined from the deflection data, which
generally give higher impact factors than the strain data. Neely suggested that the “design IM”
should exclude the center orientation when averaging the dynamic load allowance results,
because the center orientation tends to give a much lower impact factor. However, Figure 5-7
includes all of the truck orientations in the respective averages, taking the variability in the data
into account through the use of the error bars, which are equal to £20. The term o is simply the
standard deviation in the data, assuming a normal distribution.

With this method of averaging in mind, the dynamic load allowances at 25 mph (40 kph)
are below AASHTO’s guidelines for IM, even taking the variability into account. On the other
hand, the average results for the 40 mph (60 kph) tests far exceed AASHTO’s recommended
guidelines, particularly the tests that took place in the Fall seasons. Furthermore, the
superimposed error bars show that the statistical uncertainty places the dynamic load allowance
above Neely’s proposed value of 0.90 in all test dates except for the Summer 2003 tests. Given
these results and their level of confidence, a new recommendation for IM in the Toms Creek

Bridge is 1.35.
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Although exceedingly high and potentially cost prohibitive, an impact value of this
magnitude may be necessary to provide a level of serviceability beyond the impact demand
determined through actual load tests in the Toms Creek Bridge. Naturally, a greater number of
repetitions in a given orientation-speed combination, or testing a greater number of bridges
similar to the Toms Creek Bridge may help to reduce the uncertainty in the dynamic load
allowance, thus bringing the results more in line with Neely’s proposed value for IM. If 1.35
holds for the design impact factor, then the estimated largest strain in the Toms Creek Bridge
would be about 760 pe, where the maximum measured peak strain at static speed is 324 pe, in
the center lane orientation during the Spring 1999 tests. The impact-enhanced static strain value

would still only be about 13% of the ultimate strain for the 8-in. DWB.

5.3 Dynamic Allowance Results for the Route 601 Bridge

5.3.1 Dynamic Allowance Results from Current Study of Route 601 Bridge

Table 5-3 shows both the maximum and average dynamic load allowances results for the
Summer 2003 tests, calculated from the strain and deflection data. Recall that these dynamic
experiments included only the east interior, center, and west interior orientations. When
comparing the two measurement methods, the results are mixed. The dynamic load allowance at
25 mph (40 kph) calculated from the strain measurements are slightly greater than those
determined using the deflection data. On the other hand, the 40 mph (64 kph) results show that
the strain-based dynamic load allowances are somewhat less than those calculated with the
deflection data. The fact that one measurement method gives a larger IM in one speed, but not
the other, is surprising, particularly given the consistency in the results for the Toms Creek
Bridge and the discussion in Section 4.2.1.

Looking at the strain-based results separately from the deflection results, there appears to
be a minor amount of dynamic influence in the Route 601 Bridge when the load truck travels
across the bridge at 25 mph (40 kph). At that speed, all three interior orientations have dynamic
load allowances ranging from about 0.02 to 0.03. On the other hand, the 40 mph (64 kph) tests
present a different picture. The most notable difference is the dynamic load allowance for the
east interior orientation, where IM is 0.113 The other two orientations tested at this speed had
impact factors of about -0.02 and zero. The negative IM value seems to indicate an “uplift”

effect that occurs with elevated travel speed and is something that Restrepo observed in his
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research, as discussed in Section 2.4.2. However, as mentioned in that section, VDOT crews
attempted to ameliorate the conditions at the approaches with asphalt fill just prior to the Fall
2003 tests. Therefore, this ramping effect cannot be the cause for the negative IM values.

As further justification that the ramping effect should be discounted, the deflection results
in Table 5-3 (b) show an even greater amount of “uplift” at the slower 25 mph (40 kph) speed.
In the case of the center orientation, IM is -0.031 at 25 mph (40 kph) versus +0.039 at 40 mph
(60 kph). If truck ramping were the culprit behind the negative dynamic factors, then the higher
truck speed might lead to a more negative IM value. This possibility does not match the
deflection results described above. Similar to the strain-based results, the deflection-based
dynamic load for the east interior orientation at 40 mph (60 kph) is 0.144. This impact factor is
the largest factor for all of the Fall 2003 test results. Otherwise, all of the other truck orientations
show that IM is relatively small (0 to 0.04).

5.3.2 Comparison of IM with Previous Route 601 Bridge Tests

In addition to the Fall 2003 tests, Table 5-3 also displays the maximum and average
dynamic load allowance results from the tests that Restrepo carried out in 2001 and 2002. Figure
5-8 and Figure 5-9 provide a graphical representation of the data in Table 5-3 for the 25 mph (40
kph) and 40 mph (64 kph) truck speeds, respectively. The strain and deflection data follow the
same general pattern over time, with the deflection results being consistently lower in the 25 mph
(40 kph) tests.

Looking at the two truck speeds separately, the results for the 25 mph (40 kph) tests show
that the dynamic load allowance is lower in Fall 2003 than in the previous two tests for the west
and east interior orientations (0.03 to 0.09 lower), with a steady decline for the east interior
orientation. On the other hand, the center orientation shows that Fall 2003 dynamic load
allowance is only marginally higher than the Fall 2001 results, but is considerably lower than the
Summer 2002 results (0.05 to 0.08 lower).

Tests at 40 mph (64 kph) show IM values that follow a pattern similar to the 25 mph (40
kph) tests for the center orientation over time. The case for the west interior orientation is
somewhat similar to the center orientation at 40 mph (60 kph), where the dynamic load
allowance is about the same when comparing Fall 2003 to Fall 2001 (i.e., 0.003 vs. -0.026,
respectively, from the strain data), but is much lower than the IM calculated in Summer 2002

(0.294). On the other hand, the east interior orientation has a greater dynamic load allowance in
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Fall 2003 than both of the previous tests. The deflection data shows the most dramatic change
for this orientation, rising steadily from 0.006 in Fall 2001 to 0.144 in Fall 2003.

As with the calculations for wheel load distribution, the question is whether or not there
is any statistical significance in the data presented for dynamic load allowance. Taking a look at
Figure 5-10 and Figure 5-11 for a comparison between the individual test dates and their
respective error bars, this type of analysis hints that there isn’t much of a significant difference in
IM when testing from year to year. However, the Anderson-Darling test concludes that data
amongst the different test dates do come from different populations, and therefore the variation
in the dynamic load allowance for the Route 601 Bridge is statistically significant.

However, these changes over time cannot be easily explained as easily as the case for the
Toms Creek Bridge, since the dynamic load allowances in the Route 601 Bridge do not appear to
have a clear inverse relationship with the ambient air temperature, as shown in Figure 5-12.
Although IM at 40 mph (64 kph) for the east interior orientation changes in the opposite direction
as the change temperature, the dynamic load allowances for the west interior and center
orientations rise and fall in synch with the change in temperature when the load truck travels
across the bridge at both 25 mph (40 kph) and 40 mph (64 kph). Because of these
inconsistencies amongst the three interior truck orientations, temperature’s effect on the |M
factors for the Route 601 Bridge can not be definitively described. Furthermore, the results from
the dynamic tests may be skewed by the changing approach conditions over the course of three
load tests, as discussed in Section 2.4.2.

Regardless of what may be the source of the change in the dynamic load allowances for
the Route 601 Bridge, the results need to be compared with specifications set forth by AASHTO.
At the conclusion of his work, Restrepo suggested that the dynamic load allowance for the Route
601 Bridge be 0.30, which is what AASHTO dictates in its Standard Specifications. Restrepo’s
conclusion was based on the maximum average IM for any given speed-orientation combination,
which, in the case of the Route 601 Bridge, is 0.294, based on the strain results for the west
interior orientation tested at 40 mph (60 kph) in Summer 2002. Figure 5-13 shows the overall
calculated IM values for 25 mph (40 kph) and 40 mph (64 kph); however, the averages in this
figure combine all of the different truck orientations within each respective test date, with the

variation in the different load tests presented in the form of error bars. These error bars are +20,

where o is the standard deviation of the data. The results presented in this figure are based on
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the strain data because the strain data consistently yields greater dynamic load allowances than
the deflection data (which is opposite of the Toms Creek Bridge results).

Looking at Figure 5-13, the results for the 25 mph (40 kph) tests fall well below both the
Standard Specifications and LRFD Specifications that AASHTO established. On the other hand,
while averages for the 40 mph (64 kph) fall below the specifications, statistical analysis shows
that there is some probability that the dynamic load allowance may exceed those specifications,
particularly during the warmer seasons.

Based on the above results, the revised recommended dynamic load allowance for the
Route 601 Bridge is 0.50. However, the important point to note is that there is a wide dispersion
in the data which is probably partially due to the approach conditions for this bridge. Better
design using approach slabs or better construction practices in compacting the soil at the
abutments may help to reduce the scatter amongst the different truck orientations. Additionally,
a larger number of individual load tests may also help to reduce the uncertainty in the results.
Regardless of how many tests occur, bridge design using FRP may need to take the upper end of
the temperature scale in a given climate into account in order to ensure adequate dynamic
performance. If 0.50 holds for the design impact factor, then the estimated largest strain in the
Route 601 Bridge would be about 370 pe, where the maximum measured peak strain at static
speed is 247 pe, in the east exterior orientation during the Summer 2002 tests. This impact-

enhanced strain would be less than 12% of the ultimate strain for the 36-in. DWB.
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5.4 Tables and Figures

Table 5-1. Dynamic load allowances for the Toms Creek Bridge, based on strain data.

Q Speed
% Test Truck 25 moh 20 -
o Date | Orientation P mp
& Max. IM | Avg.IM | Max.IM | Avg. IM
Northbound -0.09 -0.05 0.34 0.33
Fall 1997 Center -0.09 -0.06 0.63 0.50
Southbound -0.13 -0.08 0.81 0.65
. Northbound -0.04 0.00 0.23 0.05
Spring
1998 Center -0.13 -0.06 0.27 0.12
Southbound 0.13 0.09 0.71 0.39
> Northbound 0.11 0.05 0.68 0.54
§ Fall 1998 Center -0.15 -0.04 0.45 0.29
Southbound 0.16 0.12 0.75 0.72
Spring Northbound -0.10 -0.05 0.49 0.39
1999 Center -0.16 -0.10 0.33 0.16
Southbound -0.04 -0.03 0.61 0.56
Northbound -0.16 -0.13 0.54 0.44
Fall 1999 Center -0.10 -0.09 0.41 0.22
Southbound -0.08 -0.05 0.69 0.64
5 Northbound — — 0.54 0.42
c | Summer
@ 2003 Center - - 0.22 0.11
~ Southbound 0.08 0.00 0.71 0.49

Table 5-2. Dynamic load allowances for the Toms Creek Bridge, based on deflection data.

9 . Speed
et Test Truc
§ Date | Orientation 25 mph 40 mph
& Max. IM | Avg.IM | Max.IM | Avg. IM
Northbound 0.21 0.07 0.85 0.71
Fall 1998 Center -0.14 -0.07 0.39 0.24
Southbound 0.13 0.09 1.13 1.08
=1 Spring Northbound -0.10 -0.05 0.48 0.38
o 1999 Center -0.26 -0.20 0.29 0.11
Southbound -0.09 -0.07 0.72 0.64
Northbound -0.19 -0.11 0.70 0.58
Fall 1999 Center -0.12 -0.07 0.56 0.31
Southbound 0.06 0.01 1.09 0.99
§ Summer Northbound — — 0.57 0.48
% 2003 Center — — 0.25 0.14
¥ Southbound 0.08 0.04 0.80 0.64

120



Table 5-3. Dynamic load allowances for the Route

601 Bridge, based on (a) strain and (b) deflection.

(a)
o Speed
% Test .Truck. 25 mph 40 mph
o Date Orientation P P
& Max. IM | Avg.IM | Max. IM | Avg. IM
Eall West Interior] 0.135 0.072 0.018 -0.026
g | 2001 Center_ 0.117 -0.005 -0.034 -0.076
0 East Interior ] 0.138 0.101 0.067 0.043
E,”: West Interior] 0.097 0.087 0.316 0.294
o | Summer
2002 Center 0.080 0.077 0.357 0.230
East Interior | 0.041 0.038 0.071 -0.006
E Eall West Interior] 0.100 0.022 0.038 0.003
@ 2003 Center_ 0.065 0.028 0.016 -0.019
iV East Interior 0.069 0.019 0.161 0.113
(b)
% Test Truck Shecd
§ Date | Orientation 25 mph 40 mph
& Max.IM | Avg.IM | Max.IM | Avg. IM
Fall West Interior] 0.093 0.060 0.038 0.015
o | 2001 Center. 0.003 -0.040 -0.038 -0.066
5] East Interior | 0.089 0.065 0.044 0.006
g Summer] West Interior] 0.082 | 0.074 | 0304 | 0.284
2002 Center_ 0.071 0.054 0.271 0.216
East Interior 0.032 0.026 0.128 0.057
o I West Interior] 0.062 -0.002 0.033 0.005
2| jo. | center | -0008 | -0031 [ 0094 | 0039
N East Interior 0.033 0.006 0.191 0.144
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Figure 5-1. Typical comparison of peak dynamic loading versus static loading
for the Toms Creek Bridge, with the IM factor based on strain measurements.
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Figure 5-2. Comparison of peak dynamic loading versus static loading for
the Route 601 Bridge, with the IM factor based on deflection measurements.
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Figure 5-3. Average dynamic load allowance
over time for the Toms Creek Bridge for two
different speeds, based on strain data.
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Figure 5-5. Error bars for average dynamic load allowances for the (1) 25 mph and (2) 40 mph travel speeds
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Chapter 6: Bridge Inspections

During testing for the Route 601 Bridge in the Fall of 2003, researchers noticed a number
of “splinters” located on the bottom corners of the bottom flanges of several beams. Upon
further examination, the two exterior girders exhibited “blisters” near the edges of the bottom of
the bottom flange. Therefore, the researchers deemed that a detailed inspection was necessary at
that time, as well as a follow-up inspection during the following Summer of 2004 in order to
monitor any changes in the status of the bridge. A similar inspection took place at the Toms
Creek Bridge in the Summer of 2004 as well. This portion of the study details the findings from

these inspections.

6.1 Beams

Since the primary focus for this research is on FRP girders, most of the effort in
inspecting the Route 601 Bridge focused on the beams. Figure 6-1 and Figure 6-2 diagram the
deterioration or damage for Girder 1 and Girders 5 through 8; these two figures include the
findings from both the Fall 2003 and Summer 2004 inspections. There were no noticeable
problems for Girders 2 through 4. Generally speaking, the splinters discovered during the Fall
2003 inspection did not exhibit any change during the Summer 2004 survey. Likewise, the size
of the individual blisters did not grow over the course of the two seasons. However, the extent of
these blisters has grown, i.e., new blisters were located at a longer distance along the beams.

With regards to the “splinters,” they ranged in length from 1.5 in. to 12 in. (38 mm to 305
mm) long, with Girder 5 exhibiting the most extensive amount of this type of deterioration or
damage. Typically, these splinters were about '/g in. to '/4 in. (3 mm to 6 mm) wide, and in some
cases, the splinters were still attached to the beam (see Figure 6-3). These splinters appear to
consist only of the resin matrix material. However, in some cases, the carbon fibers were
exposed. About two-thirds of the splinters occur within 4 ft (1.2 m) of midspan; the others range
from 5 ft to 9 ft (1.5 m to 2.7 m) away from the ends of the beams. Apart from the ten splinters
found during the Fall 2003 inspection, five additional splinters were discovered in the Spring of
2004. One splinter is along the downstream side of Girder 1, a second has been found near

midspan on the upstream side of Girder 5, another is on the upstream side of Girder 6, and the
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remaining two are along the downstream side of Girder 7. There is the possibility that these
additional splinters were present but not noticed during the prior inspection.

While there does appear to be a couple of locations where damage occurred in Girders 1
and 5, the number of splinters in all of the beams is evenly split between being located on the
upstream side of a girder versus the downstream side. Therefore, there is no conclusive evidence
that this splintering effect is strictly due to damage from debris floating downstream during a
high-water event. Furthermore, there was very little debris on top of the abutment or in between
the girders, which again suggests that local flooding did not reach the girders.

Since a third of the splinters occur closer to the ends of the girders, there is only a small
likelihood that the splintering was due to moment stresses at midspan. Besides, the failure mode
that Waldron (2001) observed while loading a beam to failure was one of delamination between
the carbon fiber and glass fiber interface in the top flange, not in the bottom flange, which is
where most of the splintering has occurred in the Route 601 Bridge.

Ruling out the two aforementioned reasons behind the splinters leaves open the third
possibility of construction damage that might have occurred while setting the beams in place.
The splinter on the bottom of the top flange 6 ft (1.8 m) away from the west end of Girder 7
supports this theory. Representatives from Strongwell Corporation have also suggested that
these splinters may actually be flaws due to production errors, where the fibers may have been
set too close to the edge of the flange. If this theory were in fact true, then there would be an
alarming rate of production flaws considering that four of the eight beams used in the Route 601
Bridge had splinters in them. Regardless of the reason, the splintering issue is one that needs
continued monitoring to see if the splinters grow or any additional splinters appear. As noted
before, the splinters discovered during the Fall 2003 inspection did not appear to increase in
length.

The other previously mentioned problem is the “blisters” on the bottom flanges of the
two exterior girders, i.e., Girders 1 and 8. Figure 6-4 represents a typical blister found on the
girders. These blisters measured 1 in. to 3 in. (25 mm to 75 mm) in length, and appeared close to
both the upstream and downstream edges of the bottom surface of the bottom flange. During the
Fall 2003 inspection, these blisters were only noted on the western half of the two beams.
However, the Spring 2004 inspection revealed a 1 in. (25 mm) blister located 4 ft (1.2 m) east of

midspan in Girder 1 and a set of blisters extending 26 in. (660 mm) east of midspan in Girder 8.
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Additional blisters were discovered about 3 ft (910 mm) away from the west end of Girder 8, as
well as 20 in. (510 mm) beyond the extent of the original set of blisters in Girder 1 during the
Fall 2003 survey.

The blisters were “hard” and could not be pressed inward with any degree of thumb
pressure. Soundings taken by bouncing a quarter on the top of the bottom flange above the
blistered area appeared normal versus unaffected FRP material. The same was true when
tapping directly on the blisters. These soundings suggest that little if any delamination has
occurred in these areas. Because the blistering occurred only on the two exterior girders, the
primary suspect for the blistering is water intrusion. The fact that more blisters occurred on the
exterior portion of the girder than the interior half helps to support this hypothesis, since the
exterior half of the beam has greater exposure to water and moisture, thus is more prone to water
intrusion. As previously mentioned, the blisters that were originally discovered during the Fall
2003 survey did not appear to have grown in size in the subsequent examination. Nevertheless,
these blisters need continued monitoring in assessing the long-term viability of FRP in service
conditions.

One problem that was not noticed during the Fall 2003 inspections is the presence of
several longitudinal “cuts” in the surface of the bottom flange in several girders. These cuts
appeared to be just that or like a deep scratch, rather than a crack; they had a constant thickness
and remained straight along the length of the beam. Both Girders 5 and 6 exhibited a single cut
along the full length of the beams. Girder 6 had an additional cut that was about 5 ft (1.5 m)
long starting at the east end of the beam. Likewise, Girder 7 had a cut that was 25 in. (635 mm)
long at the east end of the beam. While the cuts did not appear to be the result of deterioration,
future surveys should measure their length and thickness in order to ensure that the cuts are not

growing beyond the initial damage.

6.2 Abutments

During the Fall 2003 survey, the east abutment showed two fairly severe cracks down the
center of the abutment, which may be indicative of the large amount of settlement that has
occurred since the bridge opened to traffic (see Figure 6-5). Note that the “east” abutment is on
the right when looking downstream. Although no measurements were taken at that time, the

crack may have become worse over the course of two seasons. As of the Spring 2004 inspection,

131



the larger of the two cracks extended for the full height of the abutment and was 0.2 in. (5 mm)
wide just below the timber deck. Starting at the abutment seat, the second crack was 29 in. (735
mm) long and measured 0.075 in. (2 mm) at its widest point.

Similarly, the west abutment had two cracks near the center of the abutment, although
these cracks were not as severe as those in the east abutment. One crack extended for the full
height of the abutment and had a maximum width of 0.05 in. (1 mm), while the other was a

hairline crack that was 17 in. (430 mm) long, measured from the abutment seat.

6.3 Beam Clearance

In between the two inspection dates, a large amount of river stone collected underneath
the eastern half of the bridge. Again, no measurements were taken during the Fall 2003 survey.
However, during set up for testing, researchers had to extend their arms all the way upward to
reach the bottom of Girder 1. Therefore, the distance from the ground to the bottom of Girder 1
at midspan was just under 8 ft (2.4 m) in the Fall of 2003. During the Spring 2004 inspection,
however, that distance decreased to less than 5 ft (1.5 m).

Another measure of the pile-up of river stone is the comparison with the top of the
abutment footing. During the Fall 2003 inspection, the level of the river stone was
approximately 2 ft (600 mm) below the top of the abutment footing. However, the subsequent
Spring 2004 survey showed that the rock pile was approximately 7 in. (180 mm) above the
abutment footing.

If this type of sedimentation continues over time, the implication is that channel flow
could become restricted, thus causing the river to flood the bridge and make the FRP beams
more prone to damage from debris. Therefore, the clearance between the girders and the ground

level should be closely monitored.

6.4 Road Surface

As noted in Section 2.4.2, VDOT crews had repaired the slight dips at the approaches to
the Route 601 Bridge in October 2003. These repairs appeared to remain in good condition
during the Spring 2004 survey. On the other hand, the asphalt wearing surface over the timber
deck had begun to show signs of cracking. Near midspan of the westbound lane, there was a 9-

in. (230-mm) and a 6-in. (150-mm) longitudinal crack located 7.5 ft (2.3 m) from the edge of the
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timber deck. There was also a 19-in. (480-mm) longitudinal crack near the centerline of the
bridge. Along the east abutment, a transverse crack stretched across the westbound lane,
measuring 10 ft (3.0 m) long. Likewise, a 3-ft (910-mm) transverse crack appeared along the
west abutment in the eastbound lane. One other transverse crack was in the westbound lane at
about midspan of the bridge, measuring 3 ft (910 mm) long. Unfortunately, the Fall 2003
inspection did not detail the cracks on the wearing surface; therefore, there can be no comparison

between the two inspection dates.

6.5 Toms Creek Bridge Inspection

Similar to the Route 601 Bridge, researchers inspected the Toms Creek Bridge in the
Spring of 2004. There is very little to report for this bridge. All 24 beams appeared to be in
good condition with no signs of splinters or blisters. The connections holding the FRP beams to
the abutment as well as those connecting the timber deck to the beams appeared to be in
satisfactory shape. The clearance between the beams and the stream did not appear to have
changed over the course of a year. The only point of concern is the condition of the asphalt
wearing surface. This surface showed a number of transverse cracks as well as a longitudinal
crack. Such cracking is indicative of the relatively large degree of deflection in the beams,
which can lead to cracking in non-structural elements and damage due to moisture, as discussed

in Section 1.2.5.1.
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6.6 Figures
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Figure 6-1. Detail of locations for damage or deterioration in Beams 1, 5, and 6 in the Route 601 Bridge. Circled
items were discovered during the Spring 2004 inspection; all other items were noted during the Fall 2003 inspection.
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Figure 6-2. Detail of locations for damage or deterioration in Beams 7 and 8 in the Route 601 Bridge. Circled items
were discovered during the Spring 2004 inspection; all other items were noted during the Fall 2003 inspection.
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_,-/
Figure 6-3. Matrix resin material splintering off from Girder 5
of the Route 601 Bridge (courtesy of Strongwell Corp).

Figure 6-4. Typical blister on the surface of the bottom
flange in an exterior girder for the Route 601 Bridge.
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Figre 6. xtet of river stone pile-u at east abutment
during Fall 2003 inspection of the Route 601 Bridge.
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Figure 6-7. Extent of river stone pile-up at east abutment
during Spring 2004 inspection of the Route 601 Bridge.
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Chapter 7: Conclusions and Recommendations

The research presented in this work has helped in making the following conclusions and

recommendations:

7.1 Conclusions

7.1.1 Toms Creek Bridge

A summary of conclusions of the three design parameters (deflection, wheel load
distribution, and dynamic load allowance) is in Table 7-1, along with comparisons with

AASHTO specifications.

The largest average peak deflection during the Summer 2003 test is 0.434 in. (11 mm),
which occurs at the 40 mph (60 kph) travel speeds. This deflection translates to a ratio of
L/484, which exceeds the L/500 limit in the AASHTO Standard Specifications for timber
bridges, but is within the L/425 guidelines set forth by the AASHTO LRFD
Specifications. The severity of the cracking in the asphalt wearing surface is indicative of

the amount of deflection.

The largest average peak strain during the Summer 2003 tests for the Toms Creek Bridge
is 438 pe, which is 7% of the failure strain in the beams. Over the course of over 6 years
of in-situ loading, there does appear to be a statistically significant change in both the
average peak deflection and strain. This conclusion matches the observations that Neely
made during the first five load tests for this bridge. This increase may be related to the
variation in temperature from one test to the next, although the reason for the temperature
effect is unclear. Taking temperature out of the equation by comparing tests that took
place in similar temperature ranges appears to show that the bridge stiffness has remained

about the same during 6 years of service.

Although moisture does affect the mechanical characteristics of timber, past research

tends to indicate that the potential changes in moisture content of the timber deck and
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edge rails do not justify the relatively large variations in deflections of either the Toms

Creek Bridge or the Route 601 Bridge.

Despite the high degree of deflection, the largest peak strain recorded for all six series of
tests is only 7% of the ultimate strain, which was determined during laboratory testing in
1997. This low level of strain is evidence of the large factor of safety against failure in

the Toms Creek Bridge.

The maximum average load distribution for the Summer 2003 test is 0.084, which
translates to an S/D ratio of S/11.1. This value is lower than both the AASHTO Standard
and LRFD Specifications (0.117 [S/8.0] and 0.106 [S/8.8], respectively). The strain-
based values for g were only marginally higher than the g-values calculated using the
recorded deflections. The wheel load distributions calculated at static speed were
essentially equal to those calculated at dynamic speeds, which concurs with previous

conclusions that speed does not play a role in load distribution.

Generally speaking, the wheel load distributions for the Summer 2003 tests are either less
than or equal to those calculated from the previous five tests. While there does appear to
be a statistically significant variation in g over the course of the six tests, this change is
may be due to the variations in temperature. Furthermore, the decrease in the wheel load
distribution may be due to larger relative change in the total deflection in all of the beams

compared to the change in the peak deflection of the most heavily-loaded beam.

The suggested design wheel load distribution for the Toms Creek Bridge is 0.11, or S/8.5,
on a per-axle basis. This value is nearly the same as the AASHTO Standard
Specifications for steel stringers supporting a 4-in. (100-mm) timber deck. While the
design g is substantially higher than the average distributions calculated in all of the field

tests, the elevated g accounts for the variability in the test data.

The largest dynamic load allowance calculated from the Summer 2003 test for the Toms
Creek Bridge is 0.64. Generally speaking, the calculations from the strain and deflection
measurements give similar results. However, the impact factor varies widely depending

on the truck orientation as well as the travel speed. The southbound orientation yields a

140



larger IM than the other two truck orientations, and the 40 mph (60 kph) travel speed
gives a much higher result than 25 mph (40 kph). At the time of testing, there were no
noticeable problems with the approach conditions coming from either direction of the

bridge.

In looking at the strain data, the dynamic load allowance appears to have stabilized over
time; however, temperature may affect this factor. Regardless, there seems to be no

statistically significant change in IM over time.

The revised recommended IM for the Toms Creek Bridge is 1.35, which is a large
increase over the 0.90 value that Neely (2000) suggested in his research. The reason for
the increase is the statistical uncertainty in the data from all six load tests. Note that the
dynamic load allowances at 25 mph (40 kph) are well below both the 0.30 and 0.33 limits
established by the AASHTO Standard Specifications and the AASHTO LRFD
Specifications, respectively. However, the average values at 40 mph (60 kph) are above
the stated guidelines, and the uncertainties in the overall results only exacerbate the
problem. Nevertheless, the larger dynamic load allowance would still keep the strain in
the beams below 13% of the ultimate strain. Thus the Toms Creek Bridge is more than

adequate in terms for the traveling public.

An inspection of the Toms Creek Bridge in the Summer of 2004 revealed no structural
problems in the bridge. The only point of concern is the excessive cracking in the asphalt

wearing surface on top of the timber deck.

7.1.2 Route 601 Bridge

A summary of the three design parameters (deflection, wheel load distribution, and
dynamic load allowance) is in Table 7-2, along with comparisons with AASHTO

specifications.

The largest average peak deflection during the Fall 2003 test is 0.254 in. (6 mm), which
occurred at static speed in the west exterior orientation. Even with factoring in a

conservative dynamic load allowance of 0.50, this deflection is approximately equivalent
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to L/1230, which is well below the AASHTO-recommended limit of L/800 for steel,

prestressed concrete, or reinforced concrete bridges without pedestrian traffic.

The largest average peak strain during the Fall 2003 tests for the Route 601 Bridge is 220
pe, which is 7% of the failure strain in the beams. Additionally, the largest peak strain
recorded for all three series of tests, 240 e, is only 9% of the ultimate strain, which was
determined during laboratory testing in 2001. Similar to the Toms Creek Bridge, this
small fraction of the failure strain shows that there is a large factor of safety against

failure in the Route 601 Bridge.

As with the Toms Creek Bridge, temperature does appear to have an effect on the peak
strain and deflection in the Route 601 Bridge, where the Summer 2002 tests occurred at
the highest temperatures and yielded the largest strain and deflection. Taking this
temperature effect into account, there is not enough evidence to conclusively say that the

peak strains and deflections have increased during the two year service life of the bridge.

The largest average value for wheel load distribution in the Fall 2003 test is 0.343, or
S/10.2, per axle, based on deflection measurements for the multiple-lane loaded
orientation. This distribution factor is below the 0.50 limit set in both the AASHTO
Standard and LRFD Specifications. Unlike the Toms Creek Bridge or the guidance set
forth by AASHTO, speed may have a small effect on g in the Route 601 Bridge.
However, the conditions at the approaches to the bridge may have been a factor in this

case.

Although statistical analysis showed that there is a statistically significant difference in
the results for wheel load distributions, there is no consistent conclusion that g in the
Route 601 Bridge has increased over time. However, the potential for g to increase over
time certainly does exist. Unlike the Toms Creek Bridge, temperature does not have a
clear-cut effect on the Route 601 Bridge’s performance in terms of wheel load

distribution.

The recommended distribution factor for the Route 601 Bridge remains at 0.35 or S/10 on

a per axle basis, which is what Waldron (2001) and Restrepo (2002) suggested in their
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research. Note that this value is the recommended wheel load distribution regardless of
truck position or the number of lanes loaded, and falls below the guidelines set forth by
the AASHTO Standard Specifications (for a 4-in. [100-mm] timber deck supported by
steel stringers) and the AASHTO LRFD Specifications (for a timber deck of any
thickness supported by steel stringers). However, the wheel load distribution in the
Route 601 Bridge could potentially exceed the suggested 0.35 design value, given the
statistical uncertainty in the data. Presumably, additional test data for this and other

similar bridges may help to reduce that uncertainty.

The largest dynamic load allowance calculated from the Fall 2003 test for the Route 601
Bridge is 0.14, based on deflection measurements at 40 mph (60 kph). The dynamic
effects at 25 mph (40 kph) are generally smaller than those at 40 mph (60 kph). Neither
measurement method gives a consistently higher or lower IM factor for all of the
combinations of truck orientation and travel speed. Like the Toms Creek Bridge, the IM
for this bridge seems to depend on the truck orientation, and in some cases, actually
yields a negative dynamic influence. That is to say that the peak strain or deflection at a
dynamic speed is less that that for the static test. Restrepo (2001) experienced similar
results in his research. Although Restrepo suggested that the approach conditions during
his tests could have caused an “uplift” effect, that reason is not entirely clear for these

latest tests.

The revised recommended design IM for the Route 601 Bridge is 0.50, which marks an
increase from the 0.30 value that Resptrepo suggested. Again, the reason for this
increase is the dispersion in the data for all of the different test dates. However, given the
overall uncertainty in the dynamic load allowance results due to the amount of test data
and the changing conditions for the approaches to the Route 601 Bridge, there is no
definitive conclusion that the IM has changed over the two years for which this bridge
has been in service. Even with the increased dynamic load allowance, the average peak
strain in the bridge would be less than 12% of the failure strain. Thus the bridge is

extremely safe for public use.

143



There are a number of locations on the girders for the Route 601 Bridge that indicate
some form of damage or deterioration. However, there is no certainty as to what caused
these problem areas to occur. Regardless, the “splinters” that were discovered during the
Fall 2003 inspection do not appear to have grown worse over the course of two seasons.
Note that some splinters have left the outermost reinforcing fibers exposed. Other
splinters were discovered during the Summer 2004 survey, but they may have already
been present during the first inspection. On the other hand, the extent of the “blisters”
that occur on both exterior girders seems to have increased. While the individual blisters
have not increased in size, the number and distance along the beams have. Despite the
observations made above, there were no areas in the beams that sounded as though

delamination had occurred.

7.2 Recommendations

Continue inspecting the Route 601 Bridge on a semi-annual basis. Inspections should
closely detail the girder conditions to be sure that there is no premature deterioration.
Also, the clearance underneath the bridge, particularly for the eastern half, should be
checked to ensure that there is enough area to allow water to flow during a flood event.
Doing so will help lessen any probability of the beams being damaged due to debris
floating downstream. In the meantime, standard maintenance should include repairing

the cracks in both abutments.

Conduct an additional load test on the Toms Creek Bridge. After six years of service, the
Toms Creek Bridge seems fairly consistent in performance. A final load test should take
place prior to any planned roadway expansion and bridge reconstruction. After
dismantling the bridge, researchers should conduct additional stiffness, fatigue, and
ultimate strength tests on individual beams to assess their performance after an extended

in-situ test period.

Conduct material tests on the Toms Creek Bridge beams. In addition to the mechanical
tests mentioned above, researchers should perform material tests such as the moisture
content and matrix volume of the FRP material. These results for FRP subjected to actual

environmental conditions can give some guidance on the accuracy of laboratory tests,
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which tend to subject materials to extreme conditions over relatively short periods of

time.

Conduct additional load tests on the Route 601 Bridge. Again, the behavior in this bridge
seems fairly consistent. However, the bridge should be tested again within the next two
years and then possibly five years after that. Each test interval should consist of a
Summer and Fall test so as to obtain better data regarding temperature effects, as well as
provide a comparable basis for the three tests that have been completed to date. The
second set of tests for the 5-year interval merely serves as a way to monitor the bridge’s

performance over time.

Continue studying the effects that temperature has on bridge performance. This research
accompanied by previous results show that temperature plays an important role,
particularly with regards to peak deflection and strain, as well as wheel load distribution
factors. However, since the reason behind this effect is not yet clear, future testing may
want to consider additional instrumentation on the bearing pads for both the Toms Creek
Bridge and the Route 601 Bridge. The pads do provide some amount of rotational
stiffness and may offer insight to the issue. Any future design codes may need to be

developed with temperature effects in mind.

Give further study to the effects that moisture has on bridge performance. Although the
results for this study are small regarding moisture, this effect must be considered,
especially if the stiffness of the timber deck or edge barriers is taken into account when

designing for the stiffness of the entire bridge.

Develop a system for composite action between the deck and girder. Neither the Toms
Creek Bridge nor the Route 601 Bridge seems to display any composite action between
the timber deck and FRP girders. Having such a system should dramatically increase the
bridge’s overall stiffness, thus making FRP a more competitive material in bridge design.
Increasing the stiffness is critical since designing with FRP tends to be deflection-

controlled.
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Determine how critical deflection is to non-structural elements. As mentioned above,
deflection is a major criterion in designing with FRP. Yet, there is some debate as to
what extent deflection is a factor in determining the overall lifespan of a bridge.
Resolving this debate may help improve FRP’s applicability in bridge design if the
conclusion is that deflection in girders is not a determining factor in serviceability for

non-structural elements.

Study deflection and the dynamic effects perceived by motorists and pedestrians crossing
the bridge. As with the above recommendation, determining whether or not the amount
of deflection is important in controlling the dynamic effects can greatly enhance FRP’s

attractiveness as a material for civil infrastructure applications.
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Tables

Table 7-1. Summary of results for the key design parameters in the Toms Creek Bridge.

Design Parameter 2003 Test AASHTO Limits Proposed
Results | Standard LRFD
Deflection L/484 L /500 L /425 L /425
Wheel Load Distribution, g (per axle) S/11.1 S/8.0 S/8.8 S/8.5
Dynamic Load Allowance, IM 0.64 0.33 0.30 1.35

Table 7-2. Summary of results for the key design parameters in the Toms Creek Bridge.

. 2003 Test AASHTO Limits
Design Parameter Results [ Standard TRED Proposed
Deflection L/1230 L /800 L /800 L/1017
Wheel Load Distribution, g (per axle)
Single Interior Girder S/13.8 S/9.0 S/8.8 S/10.0
Exterior Girder S/10.2 S/7.0 S/7.0 S/10.0
Dynamic Load Allowance, IM 0.14 0.33 0.30 0.50
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Appendix A: Sample Calculation for Effect of Moisture Content on Deflection

Toms Creek Bridge
Given:
Ipeam = 129 in* (Hayes, 1998)
Epeam = 6700 ksi (average of the twelve beams in consideration [Hayes, 1990])
C.L.

11/78”
*8//’1

+7

9.

Ul

A—N

Figure A-1. Cross-section used for calculating the effects of
moisture content on the deflection of the Toms Creek Bridge.

Assumptions:
Perform a two-dimensional analysis, assuming the beams are simply supported and do not

have composite action with the deck.

Use one-half of bridge, i.e., twelve beams, in calculations, since the northbound orientation
generally had largest deflections, with Beam 8 or 9 registering the peak deflections.

Moisture content in the timber at the Toms Creek Bridge ranges from 12% to 16%.
At 12% moisture content, Etimper = 1850 ksi
At 16% moisture content, Etimper = 1680 ksi

Have a point load at midspan causing maximum deflection (not necessarily true for a load
test, but will be sufficient for comparison purposes).

Calculations:

leeck = /12bh* = '/15(140 in.)(5.125 in.)’ = 1570 in*

lew = /12bh® = /158 in)(12in.)* = 1152 in*

Deflection assuming 12% moisture content:

PL’ PL} 1
Apymc = = [E }

48El B 48 beamlbeam + Etimber(ldeck + Icurb)
A _PL 1
MC 48 | (6700ksi )129in* f12beams)+ (1850ksi {1570in +1152in* )

3
At c. = %(6.49 x10"*k —in?)
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Deflection assuming 16% moisture content:

L _PU_pU !
ME T 4BEL 48 | B i + Enner (oo + Ve

beam " beam

PL? !
A o =
1MC. T 48 [(6700ksi)(129in4Xlzbeams)+(1680ksi)(1570in4 +1152in4)}

P';; (6.69x10*k —in?)

16%M.C. —

Aj6%mc. is approximately 3% greater than Ajyomc

Route 601 Bridge
Given:
lgirder = 15,291 in* (Waldron, 2000)
Egirder, et = 5330 ksi (average effective modulus of the four girders in the westbound lane
[Waldron, 2000]).
CL.

i

Figure A-2. Cross-section used for calculating the effects of
moisture content on the deflection of the Toms Creek Bridge.

Assumptions:
Perform a two-dimensional analysis, assuming the beams are simply supported and do not

have composite action with the deck.

Use one-half of the bridge, i.e., four girders, in calculations, since the westbound exterior
orientation generally had largest deflections, with the four girders carrying a large
majority of the load.

Use the average effective modulus of the four girders, where the effective modulus accounts
for shear deformations that are not accounted for in Bernoulli/Euler beam theory
(Waldron, 2000).

153



Moisture content in the timber at the Route 601 Bridge ranges from 12% to 16%.

At 12% moisture content, Egmper = 1850 ksi

At 16% moisture content, Egmper = 1680 ksi

Have a point load at midspan causing maximum deflection (not necessarily true for a load

test, but will be sufficient for comparison purposes).

Calculations:

lgeck = '/12bh®> = '/15(180 in.)(5.125 in.)’ = 2019 in*

lewb = '/12bh* = /15(12 in.)(12 in.)* = 1728 in*

lait = '/12bh* = '/15(10 in.)(12 in.)’ = 1440 in*

Deflection assuming 12% moisture content:
PL’ PL’ 1
E

beam I beam + Etimber (I deck + Icurb + Irail )

MC T 4REL 48
A _PL 1
M 48 | (5330ksi)15291in* [4beams) + (1850ksi {2019in* +1728in* +1440in* )

3
At . = %(2.98 x10°k —in”)

Deflection assuming 16% moisture content:
PL’ PL’ 1
E

tevam.C 48E| B 48 beamlbeam + Etimber(I deck + Icurb + Irail)
A _PL 1
1PeMC 48 | (5330ksi J15291in* | 4beams) + (1680ksi }2019in* +1728in* +1440in* )

3
A gt c. =%(2.99x10‘9k—in2)

Ar6%mc_is essentially the same as Appoumc
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Appendix B: Test Data

Maximum Recorded Values for Toms Creek Bridge for All Tests Based on Strain

. Fall 1997 Spring 1998 Fall 1998
Speid o Strai Load DLA || Strai Load DLA | strai Load DLA
(mph) tation rain Distr. rain Distr. rain Distr.
264 | 0086 | — 287 | 0082 | — 248 | 0094 | —
271 | o089 | — 204 | 0084 | — 259 | 0099 | —
North | — — — 204 | 0o08s | — 253 | 0095 | —
— — — 323 | 0089 | — 256 | 0092 | —
— — — — — — 258 | 0098 | —
230 | 0076 | — 313 | 0075 | — 204 | 0077 | —
227 | 0077 | — 321 | oo7s | — 205 | 0076 | —
. — — — 310 | 0073 | — 222 | o081 | —
Static | Center f| — — 318 | 0077 | — 214 | 0077 | —
— — — — — — 222 | 0079 | —
— — — — — — 215 | 0078 | —
253 | 0093 | — 265 | 0085 | — 207 | 0089 | —
264 | 0096 | — 270 | o083 | — 213 | 0090 | —
south | — — — 274 | o0o08s | — 210 | 0094 | —
— — — 200 | 0087 | — 212 | 0090 | —
— — — — — — 218 | 0087 | —
— — — — — — 218 | 0097 | —
243 | 0077 | -0.090 || 297 | 0.08L | -0008 | 265 | 0099 | 0.041
North 266 | 0083 | -0.005 | 318 | 0077 | 0063 | 247 | 0095 | -0.030
— — — 288 | 0079 | 0038 | 277 | 0.001 | 0.087
— — — — — — 284 | 0084 | 0116
209 | 0072 | -0.084 | 273 | 0074 | 0133 | 204 | 0074 | -0.042
214 | 0080 | -0063 | 310 | 0078 | -0018 || 182 | 0074 | -0.147
219 | 0079 | -0.041 | 204 | 0072 | -0068 | 211 | 0078 | -0.010
b5 | Center [ — — — 317 | 0077 | 0004 | 215 | 0.076 | 0.008
— — — — — — 223 | 0078 | 0.045
— — — — — — 200 | 0077 | -0.064
— — — — — — 206 | 0079 | -0.032
255 | 0086 | -0.015 | 293 | 0078 | 0.066 | 245 | 0087 | 0.148
221 | 0088 | -0.145 | 208 | 0083 | 0085 | 242 | 0085 | 0133
South || — — — 310 | o086 | 0128 | 227 | o0.086 | 0.065
— — — — — — 248 | 0086 | 0.162
— — — — — — 233 | 0083 | 0.092
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Maximum Recorded Values for Toms Creek Bridge for All Tests Based on Strain

. Spring 1999 Fall 1999 Summer 2003
SpeehOI ation Strai Load DLA | Strai Load DLA | Strai Load DLA
(mph) tation rain Distr. rain Distr. rain Distr.
298 0.088 — 243 0.092 — 263 0.078 —
303 0.089 — 246 0.093 — 264 0.078 —
North 292 0.093 — 248 0.094 — 263 0.078 —
293 0.091 — 285 0.097 — 266 0.078 —
296 0.091 — 275 0.098 — 267 0.079 —
297 0.093 — 279 0.096 — — — —
104 0.075 — 206 0.077 — 291 0.078 —
318 0.081 — 208 0.077 — 298 0.079 —
Static Center 326 0.081 — 211 0.079 — 300 0.080 —
316 0.081 — 210 0.078 — 302 0.080 —
326 0.082 — 253 0.081 — 302 0.079 —
324 0.082 — — — — — — —
274 0.090 — 226 0.097 — 290 0.083 —
280 0.089 — 226 0.097 — 296 0.084 —
South 254 0.087 — 224 0.098 — 296 0.084 —
262 0.090 — 246 0.094 — 296 0.084 —
262 0.089 — 242 0.090 — 296 0.084 —
240 0.090 — 246 0.096 — — — —
283 0.083 -0.046 223 0.082 -0.153 — — —
North 299 0.083 0.008 245 0.081 -0.066 — — —
272 0.090 -0.081 226 0.093 -0.140 — — —
273 0.080 -0.152 198 0.072 -0.090 — — —
286 0.080 -0.112 192 0.073 -0.118 — — —
280 0.080 -0.130 202 0.073 -0.072 — — —
o5 Center 286 0.081 -0.112 — — — — — —
309 0.081 -0.040 — — — — — —
304 0.081 -0.056 — — — — — —
265 0.087 0.011 216 0.079 -0.081 319 0.081 0.083
274 0.088 0.045 226 0.083 -0.036 278 0.080 -0.056
South 265 0.089 0.011 230 0.081 -0.020 294 0.078 -0.003
— — — — — — 290 0.078 -0.018
— — — — — — 292 0.078 -0.011




Maximum Recorded Values for Toms Creek Bridge for All Tests Based on Strain

. Fall 1997 Spring 1998 Fall 1998
Speed | Orien- . Load . Load . Load
(mph) | tation Strain Distr. DLA Strain Distr. DLA Strain Distr. DLA
353 0.079 0.320 342 0.078 0.143 340 0.089 0.335
358 0.084 0.338 275 0.093 -0.083 381 0.097 0.496
North — — — 270 0.077 -0.098 413 0.102 0.621
— — — 369 0.079 0.233 428 0.104 0.680
— — — — — — 405 0.100 0.592
374 0.077 0.638 300 0.072 -0.047 223 0.074 0.043
311 0.079 0.359 390 0.075 0.236 277 0.071 0.297
40 Center — — — 314 0.071 -0.003 311 0.078 0.456
—_— —_— —_— 407 0.076 0.292 278 0.072 0.301
E— E— E— E— e E— 272 0.073 0.274
369 0.078 0.428 307 0.081 0.117 355 0.087 0.667
479 0.101 0.853 454 0.079 0.652 367 0.090 0.723
South — — — 470 0.081 0.711 373 0.093 0.750
— — — 287 0.085 0.045 372 0.091 0.745
Maximum Recorded Values for Toms Creek Bridge for All Tests Based on Strain
Speed Orien- Sprli_r;gdlggg FaLI(I)iggg Suan;:Kr]I 2003
(mph) tation Strain Distr. DLA Strain Distr. DLA Strain Distr. DLA
406 0.093 0.369 384 0.088 0.463 358 0.074 0.353
447 0.095 0.508 409 0.095 0.559 350 0.074 0.321
North 375 0.090 0.265 352 0.091 0.338 364 0.075 0.377
449 0.094 0.515 371 0.092 0.411 399 0.082 0.509
— — — 375 0.093 0.428 406 0.085 0.536
— — — 395 0.097 0.505 — — —
313 0.077 -0.028 233 0.070 0.071 322 0.070 0.077
322 0.078 0.000 245 0.070 0.128 364 0.071 0.221
40 Center 338 0.079 0.050 259 0.068 0.188 324 0.073 0.087
425 0.078 0.320 304 0.071 0.398 317 0.074 0.064
412 0.079 0.280 317 0.068 0.458 327 0.074 0.097
432 0.080 0.342 — — — — — —
412 0.088 0.572 383 0.093 0.630 395 0.074 0.338
447 0.090 0.706 393 0.093 0.675 440 0.076 0.492
South 447 0.091 0.706 374 0.098 0.594 428 0.076 0.450
424 0.089 0.618 381 0.086 0.622 423 0.075 0.433
— — — 396 0.092 0.688 505 0.077 0.713
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Maximum Recorded Values for Toms Creek Bridge for All Tests Based on Deflection

Speed Orien- —— FEII 1(1998 —— Sprli_ngd1999 —— Fall_ll 1399 = Suml_mezJI 2003
: eflect- oa eflect- oa eflect- oa eflect- oa
(mph) tation ion Distr. DLA ion Distr. DLA ion Distr. DLA ion Distr. DLA
0.232 0.088 — 0.275 0.082 E— 0.221 0.087 E— 0.257 0.075 E—
0.260 0.095 — 0.280 0.083 — 0.225 0.089 — 0.258 0.075 —
North 0.249 0.091 — 0.271 0.088 — 0.236 0.091 — 0.257 0.075 —
0.261 0.094 — 0.259 0.082 — 0.322 0.099 — 0.259 0.075 —
0.256 0.092 — 0.273 0.085 — 0.290 0.094 — 0.260 0.075 —
— — — 0.274 0.088 — 0.270 0.086 — — — —
0.201 0.081 — 0.322 0.078 E— 0.172 0.073 — 0.264 0.070 —
0.203 0.080 e 0.319 0.078 — 0.173 0.074 e 0.265 0.070 e
Static Center 0.209 0.081 e 0.327 0.078 — 0.173 0.073 e 0.266 0.070 e
0.210 0.080 e 0.317 0.078 — 0.175 0.074 e 0.268 0.070 e
0.211 0.081 — 0.323 0.078 — 0.229 0.075 — 0.269 0.070 —
0.213 0.080 — 0.325 0.078 — — — — — — —
0.165 0.076 — 0.241 0.079 E— 0.164 0.080 E— 0.262 0.077 E—
0.188 0.087 — 0.239 0.077 — 0.164 0.080 — 0.263 0.077 —
South 0.187 0.083 — 0.219 0.080 — 0.166 0.081 — 0.265 0.077 —
0.190 0.083 — 0.227 0.082 — 0.198 0.078 — 0.266 0.077 —
0.183 0.081 — 0.228 0.082 — 0.194 0.076 e 0.267 0.077 e
0.182 0.082 — 0.201 0.084 — 0.200 0.078 — o S —
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Maximum Recorded Values for Toms Creek Bridge for All Tests Based on Deflection

Speed Orien- — Fill 1(1998 — Sprli_ngd1999 — Fi“ 1399 — SumLme(rj 2003
: eflect- oa eflect- oa eflect- oa eflect- oa
(mph) tation ion Distr. DLA ion Distr. DLA ion Distr. DLA ion Distr. DLA
0.251 0.092 -0.002 0.249 0.077 -0.085 0.212 0.081 -0.187 E— E— E—
North 0.253 0.089 0.006 0.277 0.080 0.018 0.262 0.101 0.007 — — —
0.275 0.092 0.093 0.267 0.079 -0.018 0.224 0.086 -0.140 — — —
0.304 0.092 0.208 e —_— — S N N - _ _
0.199 0.080 -0.043 0.239 0.076 -0.258 0.173 0.073 -0.063 E— E— E—
0.179 0.081 -0.139 0.258 0.077 -0.199 0.164 0.072 -0.110 — — —
0.195 0.082 -0.062 0.253 0.077 -0.215 0.169 0.073 -0.081 E— E— E—
5 Center 0.196 0.080 -0.057 0.255 0.075 -0.208 — — e e — e
0.206 0.081 -0.009 0.276 0.076 -0.143 — — e e — e
0.193 0.081 -0.071 0.273 0.076 -0.153 — — e e — e
0.194 0.081 -0.067 — —_— S S N N - _ _
0.191 0.078 0.047 0.227 0.078 0.006 0.175 0.076 -0.032 0.286 0.076 0.081
0.197 0.077 0.079 0.222 0.075 -0.016 0.182 0.079 0.008 0.264 0.078 0.000
South 0.190 0.080 0.041 0.219 0.076 -0.030 0.191 0.078 0.056 0.278 0.075 0.049
0.203 0.081 0.112 — — — — — — 0.270 0.075 0.020
0.197 0.078 0.079 — — — — — — 0.272 0.074 0.027
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Maximum Recorded Values for Toms Creek Bridge for All Tests Based on Deflection

Speed | Orien- Fall 1998 Spring 1999 Fall 1999 Summer 2003
(mph) tation De_flect- and DLA De_flect- and DLA De_flect- and DLA De_flect- and DLA
ion Distr. ion Distr. ion Distr. ion Distr.

0.376 | 0.094 | 0.494 0.361 0.086 0.327 0.418 0.098 0.604 0.366 0.073 0.417
0419 | 0.103 | 0.665 0.405 0.087 0.489 0.446 0.106 0.711 0.370 0.073 0.435
0.448 | 0.105 | 0.781 0.358 0.083 0.316 0.385 0.099 0.480 0.388 0.073 0.503
0.465 | 0.107 | o0.848 0.410 0.087 0.507 0.402 0.100 0.545 0.404 0.077 0.565
0.441 | 0.105 | 0.753 — — — 0.409 0.101 0.570 0.403 0.078 0.560
— — — — — — 0.428 0.105 0.643 — — —

North

0.196 0.078 -0.057 0.298 0.077 -0.075 0.201 0.072 0.093 0.301 0.070 0.130
0.279 0.078 0.342 0.296 0.077 -0.081 0.221 0.072 0.201 0.331 0.069 0.245
40 Center 0.288 0.081 0.386 0.322 0.078 -0.001 0.231 0.071 0.256 0.295 0.069 0.108
0.260 0.078 0.251 0.411 0.078 0.276 0.280 0.072 0.522 0.292 0.070 0.098
0.260 0.079 0.251 0.401 0.078 0.245 0.300 0.071 0.629 0.299 0.070 0.122
— — — 0.415 0.078 0.288 — — — — — —

0.364 0.094 0.995 0.382 0.083 0.692 0.371 0.097 1.055 0.387 0.074 0.462

0.372 0.098 1.038 0.398 0.084 0.763 0.352 0.083 0.946 0.447 0.076 0.690
South 0.369 0.101 1.022 0.413 0.088 0.830 0.355 0.097 0.962 0.433 0.076 0.637
0.381 0.100 1.088 0.383 0.082 0.697 0.343 0.082 0.898 0.428 0.075 0.620
- - - - - - 0.378 0.095 1.091 0.475 0.077 0.797
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Maximum Recorded Values for the Route 601 Bridge for All Tests Based on Strain

. October 2001 June 2002 October 2003
Speed | Orien- . Load . Load . Load
(mph) tation Strain Distr. DLA Strain Distr. DLA Strain Distr. DLA
— — — 236 0.318 — 213 0.334 —
— — — 221 0.299 — 211 0.325 —
West Ext|| — — — 235 0.319 — 212 0.330 —
— — — 227 0.309 — 206 0.318 —
— — — 227 0.308 — 206 0.321 —
180 0.242 — 211 0.256 — 190 0.260 —
179 0.242 — 209 0.255 — 189 0.255 —
West Int. 181 0.244 — 210 0.256 — 191 0.259 —
179 0.242 — 208 0.256 — 188 0.254 —
180 0.243 — 211 0.256 — 191 0.255 —
180 0.231 — 206 0.245 — 188 0.242 —
182 0.231 — 205 0.244 — 189 0.244 —
Center 182 0.232 — 206 0.243 — 190 0.251 —
185 0.235 — 205 0.243 — 189 0.245 —
Static 182 0.232 — 206 0.244 — 189 0.244 —
218 0.157 — 233 0.158 — 215 0.170 —
219 0.160 — 233 0.159 — 211 0.163 —
Multiple 212 0.155 — 245 0.167 — 213 0.171 —
220 0.160 — 240 0.164 — 209 0.152 —
221 0.162 — — — — 216 0.159 —
171 0.233 — 201 0.244 — 185 0.247 —
168 0.232 — 200 0.244 — 184 0.250 —
East Int. 172 0.232 — 201 0.245 — 186 0.248 —
169 0.229 — 200 0.242 — 184 0.248 —
173 0.231 — 200 0.244 — 187 0.249 —
— — — 226 0.304 — 221 0.304 —
— — — 247 0.343 — 222 0.306 —
East Ext.|| — — — 241 0.328 — 219 0.300 —
— — — 247 0.343 — 219 0.300 —
— — — 242 0.328 — 219 0.299 —
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Maximum Recorded Values for the Route 601 Bridge for All Tests Based on Strain

. October 2001 June 2002 October 2003
Speed | Orien- . Load . Load . Load
(mph) tation Strain Distr. DLA Strain Distr. DLA Strain Distr. DLA
197 0.240 0.093 227 0.251 0.074 185 0.245 -0.028
196 0.240 0.097 220 0.253 0.052 188 0.254 -0.007
West Int. 204 0.240 0.125 226 0.250 0.078 200 0.248 0.052
183 0.235 0.025 241 0.253 0.158 186 0.247 -0.022
183 0.237 0.019 227 0.251 0.074 209 0.252 0.100
— — — — — — 197 0.252 0.036
176 0.222 -0.034 214 0.238 0.042 188 0.241 -0.008
o5 185 0.229 0.016 215 0.237 0.044 194 0.240 0.025
Center 172 0.222 -0.056 231 0.240 0.121 190 0.235 0.003
204 0.234 0.117 219 0.239 0.066 200 0.240 0.057
174 0.219 -0.043 229 0.243 0.113 201 0.238 0.065
194 0.253 0.138 219 0.244 0.091 188 0.240 -0.023
189 0.237 0.108 196 0.238 -0.021 194 0.245 -0.019
East Int. 194 0.241 0.138 209 0.245 0.041 190 0.254 0.014
185 0.234 0.085 204 0.240 0.021 200 0.246 0.069
187 0.239 0.097 212 0.243 0.058 201 0.247 0.056
166 0.225 -0.075 271 0.252 0.290 181 0.235 -0.047
178 0.223 -0.011 276 0.251 0.316 194 0.237 0.020
West Int. 177 0.225 -0.017 271 0.253 0.290 193 0.243 0.015
172 0.217 -0.042 266 0.252 0.267 197 0.244 0.038
183 0.220 0.018 274 0.253 0.308 187 0.249 -0.014
172 0.227 -0.057 270 0.245 0.314 184 0.208 -0.025
159 0.213 -0.126 214 0.231 0.040 185 0.242 -0.021
40 Center 175 0.225 -0.037 275 0.244 0.336 177 0.208 -0.065
165 0.213 -0.094 249 0.237 0.212 189 0.239 0.001
176 0.223 -0.034 279 0.244 0.357 192 0.212 0.016
173 0.227 0.014 214 0.243 0.071 191 0.234 0.029
173 0.229 0.015 211 0.243 0.056 206 0.236 0.114
East Int. 182 0.230 0.067 190 0.241 -0.050 213 0.235 0.150
181 0.233 0.060 189 0.239 -0.058 206 0.235 0.112
181 0.232 0.059 191 0.237 -0.048 215 0.237 0.161
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Maximum Recorded Values for the Route 601 Bridge for All Tests Based on Deflection

Speed Orien- — tOctcl)_be[12001 s JuEe 3002 — tOctcl)_be212003
: eflect- oa eflect- oa eflect- oa
(mph) tation ion Distr. DLA ion Distr. DLA ion Distr. DLA
— — S 0.293 0.309 — 0.256 0.339 —
— — — 0.265 0.281 — 0.251 0.331 —
West Ext|| — — — 0.282 0.300 — 0.253 0.333 —
— — — 0.269 0.289 — 0.256 0.334 —
— — — 0.272 0.288 — 0.255 0.335 —
0.217 0.239 — 0.242 0.235 — 0.195 0.237 —
0.218 0.240 — 0.240 0.235 — 0.193 0.238 —
West Int.|[ 0.213 0.238 — 0.240 0.234 — 0.192 0.238 —
0.217 0.239 — 0.242 0.239 — 0.193 0.238 —
0.211 0.239 — 0.242 0.235 — 0.194 0.239 —
0.209 0.229 S 0.249 0.241 — 0.187 0.223 —
0.214 0.230 — 0.240 0.234 — 0.186 0.220 —
Center 0.209 0.228 — 0.244 0.236 — 0.186 0.220 —
0.213 0.228 — 0.242 0.236 — 0.186 0.221 —
Static 0.210 0.228 — 0.243 0.235 — 0.187 0.220 —
0.266 0.154 — 0.297 0.158 — 0.249 0.172 —
0.261 0.184 — 0.300 0.159 — 0.252 0.172 —
Multiple || 0.252 0.148 — 0.315 0.167 — 0.248 0.177 —
0.261 0.153 — 0.308 0.164 — 0.255 0.167 —
0.266 0.155 — — — — 0.256 0.168 —
0.193 0.230 — 0.225 0.227 — 0.200 0.253 —
0.194 0.230 — 0.221 0.225 — 0.199 0.253 —
EastInt. || 0.192 0.228 — 0.221 0.223 — 0.199 0.252 —
0.195 0.229 — 0.220 0.224 — 0.199 0.252 —
0.191 0.230 — 0.221 0.223 — 0.200 0.252 —
— — — 0.299 0.322 — 0.215 0.283 —
— — — 0.315 0.347 — 0.214 0.283 —
East Ext.|| — — — 0.306 0.337 — 0.214 0.282 —
— — — 0.316 0.349 — 0.218 0.284 —
— — — 0.309 0.338 — 0.216 0.282 —
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Maximum Recorded Values for the Route 601 Bridge for All Tests Based on Deflection

Speed Orien- — tOcttln_be:jZOOl —— Julr_1e iOOZ — tOcthJ_be:jZOO3
: eflect- oa eflect- oa eflect- oa
(mph) tation ion Distr. DLA ion Distr. DLA ion Distr. DLA
0.226 0.237 0.047 0.257 0.234 0.071 0.181 0.231 -0.061
0.232 0.238 0.077 0.250 0.235 0.042 0.188 0.230 -0.027
West Int. 0.236 0.237 0.093 0.255 0.233 0.061 0.193 0.232 -0.003
0.221 0.236 0.027 0.271 0.236 0.128 0.194 0.244 0.006
0.228 0.237 0.056 0.257 0.234 0.071 0.205 0.235 0.062
— — — — — — 0.195 0.233 0.009
0.202 0.228 -0.042 0.255 0.242 0.046 0.176 0.221 -0.056
25 0.196 0.217 -0.071 0.248 0.235 0.018 0.179 0.217 -0.038
Center 0.201 0.228 -0.048 0.269 0.241 0.103 0.180 0.218 -0.035
0.212 0.218 0.003 0.249 0.229 0.022 0.184 0.216 -0.012
0.203 0.224 -0.040 0.263 0.239 0.079 0.185 0.218 -0.008
0.211 0.240 0.095 0.236 0.224 0.064 0.199 0.244 -0.001
0.207 0.229 0.072 0.222 0.222 -0.001 0.192 0.248 -0.037
EastInt.|| 0.210 0.231 0.089 0.228 0.224 0.027 0.203 0.251 0.016
0.206 0.228 0.069 0.223 0.222 0.003 0.203 0.252 0.019
0.203 0.228 0.054 0.232 0.224 0.044 0.206 0.250 0.033
0.205 0.230 -0.050 0.306 0.235 0.274 0.186 0.232 -0.037
0.222 0.229 0.032 0.310 0.233 0.291 0.197 0.233 0.018
West Int.[ 0.223 0.231 0.034 0.308 0.236 0.283 0.196 0.236 0.013
0.224 0.229 0.038 0.305 0.235 0.269 0.200 0.235 0.033
0.220 0.226 0.020 0.314 0.236 0.304 0.193 0.234 -0.003
0.191 0.221 -0.094 0.298 0.232 0.222 0.204 0.216 0.094
0.194 0.219 -0.080 0.269 0.238 0.106 0.183 0.222 -0.017
40 Center 0.197 0.219 -0.067 0.303 0.230 0.246 0.194 0.213 0.038
0.203 0.220 -0.038 0.300 0.241 0.234 0.185 0.223 -0.008
0.200 0.222 -0.051 0.309 0.232 0.271 0.202 0.211 0.085
0.185 0.221 -0.041 0.250 0.224 0.128 0.213 0.243 0.004
0.187 0.220 -0.030 0.252 0.224 0.136 0.229 0.245 0.080
EastInt.|| 0.204 0.223 0.056 0.228 0.226 0.028 0.235 0.244 0.109
0.202 0.225 0.045 0.225 0.223 0.015 0.228 0.245 0.075
0.198 0.222 0.026 0.228 0.224 0.027 0.238 0.248 0.122

164




Vita

Bernard Leonard Kassner was born to Dennis and Jo Anne Kassner on June 12, 1973.
Growing up in Laurel, Maryland, he graduated from Eleanor Roosevelt High School.
Although he had dreams of becoming an architect ever since visiting Thomas Jefferson’s
Monticello in the fifth grade, he transitioned into the Civil Engineering program at Virginia
Tech, focusing on structural design. After achieving his Bachelor’s Degree summa cum
laude, Bernard decided to remain at the home of the Hokies to earn his Masters Degree,
concentrating on bridge design. After completing his graduate degree, he will continue
investigating bridge design and construction methods by working for the Virginia
Transportation Research Council, the research arm of the Virginia Department of

Transportation.

165



