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Abstract

The design of steel framed buildings must take odosideration the lateral drift of the
structure due to wind loading and any serviceahbidisues that may arise from this lateral
movement. This thesis focuses on one of theseesssdamage to nonstructural

components.

Although there are no specific requirements inlinged States governing the effects of
wind drift, it is an important issue which may siggantly impact the buildings structural
performance and economy. Furthermore, because th@wiceability issues are not
codified, there is a wide variation among desigmé in how they are dealt with, leading
to a greater economic disparity.

This thesis begins with a comprehensive reviewhefliterature that covers all pertinent
aspects of wind drift in steel framed buildingsextian analytical study of the variations
in modeling parameters is performed to demonstiate simple assumptions can affect
the overall buildings stiffness and lateral displaents. A study is then carried out to
illustrate the different sources of elastic defdiiorain a variety of laterally loaded steel
frames. The different modeling variables demomstiaow deformation sources vary
with bay width, the number of bays and the numbestories, providing a useful set of

comparisons.

To ascertain how serviceability issues are death Wvom firm to firm, a survey of the
practice is developed to update the one condunt&é888 (ASCE). In effect, the thesis is
presented with the intention of suggesting and bstang a comprehensive,

performance based approach to the wind drift desigiteel framed buildings.
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Chapter 1

Introduction

“Lateral deflection or drift of structures and defoation of horizontal diaphragms and
bracing systems due to wind effects shall not imihes serviceability of the structure
(ASCE 7-05 App B.1.2).

1.1 Philosophy of Design for Drift
On the most basic level, structures are designedtfength (safety) and serviceability

(performance). Adequate strength is obtained tsygdéng structural members against
buckling, yielding, instability and fracture in acdance with the applicable building
code specifications. Serviceability issues incldd#ection, vibration and corrosion but
with respect to wind the issues of concern arerd&ition (drift) and motion perception
(acceleration). This thesis focuses on damagemgtructural components as a result of
drift.

Serviceability issues are dependent on the tygmidling and the needs of the owner or
occupants. For these reasons, and because thewtalite-safety related, current U.S.
building codes do not regulate serviceability issuigecause these issues are not codified,
choices on appropriate designs are left to thenemgis judgment. Designing for drift is
important for both strength design, where secomderoiP-Delta) effects can create
instability, and for serviceability. With respet serviceability, designing for drift is
done to prevent or limit unacceptable damage tstmoctural building components such
as interior cladding and partitions as well as emdgihe functionality of mechanical

systems such as elevators.

Adequate building stiffness is obtained by desigranbuilding to be within reasonable
drift limits. However, there are three major sagof discrepancies in design that result
in differences in economy and performance amonigddsms (Charney 199(:

! References are located at the end of each Chapter



« definition of drift and variations in drift limits
» variations in methods of analysis used to prediét d

e variations in wind loads used for drift calculatson

If a building is to be optimized to within a fewrpentage points of the acceptable limit
for serviceability damage criterion, proper modglis essential. As a quick example
consider the following scenario from Charney (199Dympany A performs a building
design using a drift limit of h/200 for a 10 yeandce wind but neglects shear and panel
zone (joint) deformations in analysis. Company Bigies the same building using a drift
limit of h/600 for a 25 year service wind and irads all sources of deformation in
analysis. Given that all other variables are egunal that wind drift is the controlling
factor, which is often the case especially in nersmic regions, Company A has most
likely designed a less expensive building. Thewvadlble drift is greater and certain
sources of deformation are being ignored resuiting building that is not nearly as stiff
as the one designed by Company B. Although onkelibgidesign is significantly less
expensive, which one is adequate? It is hard yogsaen the amount of uncertainties
involved, especially the contributions from nonstuwal components which may well

offset the apparently incautious design of Company

1.2 A Brief History of Wind and Structures
Engineers have always realized that wind can afétictures. The French structural

engineer Alexandre Gustave Eiffel recognized tlieces of wind when he designed the
Eiffel Tower. At 986 feet, the Eiffel Tower wasetltallest structure in the world from
1889 until 1931, when it was surpassed by the Eantate Building. In the design of
the Eiffel Tower the curve of the base pylons weecigely calculated for an assumed
wind loading distribution so that the bending armtaging forces of the wind were
progressively transformed into forces of comprasswhich the bents could withstand
more effectively (Mills 1999).

For advancements to come about in any field, utsisally true that there must be some

sort of impetus for change; factors that spur né®as and solutions. Economic factors



drive many facets of our everyday life and thiespecially true for the field of Structural
Engineering. The need to build higher, particylaml dense urban areas, brought about
advancements in engineering and construction tgaesithat saw the skyscraper boom
of the 1920’s and 30’s and the revival in the 1860Building big meant spending big
and subsequent advancements were made in the folighter, stronger materials. In
turn, building large and light led to lightly dantpbeand more flexible structures.
Consequently wind was suddenly an important issube design of structures.

There are three important structural failures imired wind that deserve mention here.
They are important milestones in the advancingoaresigning for wind and will be
presented in the order in which they occurred.ertibn to wind was first brought to the
forefront of the field in 1940 when Washington $tat Tacoma Narrows Bridge
collapsed under moderate, 40 mph winds. This igequossibly the most well-known
example of the effects of wind on a large structurailure was caused by inattention to
the vibratory nature of the structure; the low gastained winds caused the bridge to
oscillate at its natural frequency, increasing mpétude until collapse. Wind tunnel
tests were suggested and implemented for the subselridge design (Scott 2001).

The second failure involved the 1965 failure ofethrout of a total of eight, 400-foot
reinforced concrete cooling towers. Located in |Bnd, the failure of the Ferrybridge
cooling towers demonstrated the dynamic effectwiofl at a time when most designs
considered wind loading as quasi-static (Richar@®6). However, wind is gusty and
these peaks in the flow must be designed for, ingplyg the average, especially when the
structure is inherently flexible. The towers fdilender the strong wind gusts when the
wind load tension overcame the dead load compmessibhas also been suggested by
Armitt (1980) that the wind loading was magnifieg the interference effects of the

surrounding towers.

The third example involves Boston’s John Hancockvdio In early 1973 the John
Hancock tower experienced 75 mph winds that weleeve to cause over 65,000

pounds of double plane windows to crash to thevsiles below. Due to an agreement



between the involved parties nobody knows the erxaams$on why the windows failed,
although it is widely speculated that the problemese due to a window design defect
(Campbell 1996). In addition to the cladding isstiee Tower swayed excessively in
moderate winds, causing discomfort for occupanthefupper floors. The unacceptable
motion was solved by installing two 300 ton tunedssidampers, which had just been
invented for the Citicorp Tower in New York (LeMes®r 1993). Additional lateral
bracing was also added in the central core (at@o$b million) after it was determined
that the building was susceptible to failure undeavy winds (Campbell 1996, Sutro
2000).

It is interesting to note that prior to construatif the John Hancock Tower, wind tunnel
tests on the design were conducted in a less exgeasronautical wind tunnel, as
opposed to a boundary layer wind tunnel, and tealt® did not indicate any problems.
The importance of modeling for the boundary layarwhich terrain, gustiness and
surrounding structures all come into play, was satidobvious; the overall behavior and
interaction of wind and structures was becomingaagm to the structural engineering
community. With proper wind tunnel testing, thehdoHancock Tower may have

avoided costly retrofitting.

New York City’'s World Trade Center towers and Clgiga Sears Tower were among
the first to fully exploit the developing wind tuaintechnology. Built during the second
skyscraper boom these buildings and others fullyiated all available resources and
technological advancements. Boundary layer tesise conducted that allowed the
designers to optimize the structural system fopldisements, accelerations and to design
the cladding for wind pressures as well. Technplogntinues to charge ahead and
today’s wind tunnel tests are more accurate ansl égpensive than ever before. For
example, the pressure transducers used in wincttuests are much less expensive; they
have dropped in price from over a thousand dodgpgece in the 1970’s to thirty or forty
dollars today (Sutro 2000). Thanks to lower prieesl faster computers, wind tunnel
experts now get real-time wind tunnel data from S@0more transducers, a vast

improvement over the 8 or 16 typical in the 1970’s.



Throughout the years innovations have been matiewnstructures are designed for the
effects of winds loads, how wind loads are deteediand applied, and how the limits of
wind loads are defined and utilized. In a way, textbgy has both created and has helped
to solve the problems related to wind effects amcstires. As new materials, both
stronger and lighter than predecessors, have beeslapped new problems have been
encountered. The use of lighter concretes, cortgdésiors and stronger structural steel
has resulted in less damping and less stiffnessss [damping results in more motion
(acceleration) and less stiffness results in grdateral displacements. The importance

of designing for wind has never been more apparentore important.

1.3 Project Scope
In 1988 the ASCE Journal of Structural Engineepnglished a paper titled “Wind Drift

Design of Steel-Framed Buildings: State-of-the-Report” (ASCE 1988). It was the
culmination of four years of work by a task comenttcreated by the ASCE Committee
on Design of Steel Building Structures. The conwmitdeveloped and conducted a
survey to assess the state of the art of driftgsheir steel buildings. One-hundred and
thirty-two firms were sent questionnaires and yhiive responded. After the survey was
conducted the committee published the above mesdigraper which summarizes the
survey responses as well as opinions and commeatsdpd by the task committee.
This thesis aims to address the various issuestaffe the design of steel framed

buildings for drift and to design and conduct adafted version of the survey.

Chapter 2 of this thesis presents a comprehensiiew of the literature since the last
ASCE survey (1988) on pertinent topics relatedriti design of steel frame structures.
The main issues discussed here are Drift Limits achageability (2.2), Modeling and
Analysis for Drift Design (2.3) and Wind Loads (R.4 Furthermore, the sub-topics
address modeling procedures/techniques, methodsanaflysis, least weight/cost
optimization, wind loading, code formulations, qtieying drift damage, damage
definitions and cases of recorded building respongéth this being said, many of the
articles and discussions contained within are ety related to steel framed buildings
and may be applied to concrete and composite bigtdas well. This is because all



structures are subjected to wind loading and mddheowork done here is tied directly

to just that, wind loading.

Chapter 3 of the thesis can be viewed as an acallyitivestigation into many of the
topics discussed in Chapter 2. A 10 story anajtittest building” is used to

demonstrate the effects of different modeling pcast on the lateral flexibility of the

structure. The discussed issues include sourcetefoimation, P-Delta effects, joint
region modeling, slab girder interaction, reducede | loads and nonstructural
components. This chapter also serves to illustbatin the power and limitations of
commercially available analysis software. Buildidagrams/details can be found in

Appendix A.

Chapter 4 involves the modeling and analysis opRnhar steel frames and 18 framed
tube structures to determine the various sourcegeddrmation under lateral loads.
Axial, shear and flexural deformations are compawath respect to the modeling
variables of bay width, building height, and thenter of bays. Also compared are the
deformation contributions from the different sturei members, which can be broken
down into columns, beams and the beam-column joidtich is modeled several

different ways for comparison purposes.

Chapter 5 is reserved for overall conclusions aewgdmmendations for further work.

Appendix A addresses the newly developed ASCE spedswind Drift Survey. The

ASCE Journal of Structural Engineering first pulbéid a report on the state of the art in
designing for wind drift of steel framed buildings 1988. There have been significant
advancements in the field of structural engineersmce this last survey; the most
important one being the widespread use of compiteassist in the design process. In
addition to computer hardware and software advatiegsallow nearly limitless design

possibilities and almost instantaneous analysis,isBue of serviceability has become
more important than ever. Economically speakihg, gerviceability considerations are

commonly the controlling factor for many buildingsigns. Furthermore, because these



serviceability limits states are not codified i thnited States and scarcely mentioned in
design guides, it is of the utmost importance tin gan understanding of how the

structural engineering community approaches thesges and feels about the guidelines
currently in place. Appendix A addresses theseessand presents the survey in its

entirety.

Appendix B contains the full results of the analgtitest building models which are
presented in Chapter 3.
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Chapter 2

Literature Review

2.1 Introduction
This review of the literature covers three mainigepDrift Limits and Damageability,

Modeling and Analysis for Drift Design and Wind ldsa

The purpose of the literature review is to covetanal related to wind drift from the
perspective of damage of nonstructural componantxjeling and analysis and the
appropriate wind loads. Covering the issues ia Way is crucial to establish that wind
drift is a multi-dimensional issue that is deperiden many variables. In effect, the
literature review is conducted with the intentiof suggesting and establishing a
comprehensive, performance based approach to theé @ift design of steel framed

buildings.

2.2 Drift Limits and Damageability
Drift limits are imposed for two reasons: to linsécond order effects and to control

damage to nonstructural components. Although dnifty also be limited to ensure
human comfort, this thesis does not cover thiseissuimiting second order effects is
necessary from a strength perspective while cdimgoldamage to nonstructural
components is a serviceability consideration. desviceability issues several topics need
to be discussed: the definition of damage, driftidge limits to be imposed and the

appropriate return interval to use when calculatungd loads.

2.2.1 Definition of Damageability
Traditionally drift has been defined in termstaoffal drift (the total lateral displacement at

the top of the building) anahterstory drift (the relative lateral displacement occurring
between two consecutive building levels). Drilielf is not very useful in defining
damageability as a total roof drift of 15 in. mag &cceptable in a 40 story building but

certainly not in a 10 story building and likewise acceptable interstory drift is



dependent on the story height. But when driftsdaveled by heights the result is a drift
ratio ordrift index The drift index is a simple estimate of the falestiffness of the
building and is used almost exclusively to limithntege to nonstructural components.
Equation 2.1 defines the drift index.

drift index = displacement/height (2.1)

Referring to Figure 2.1, a total drift index (Eqoat2.2) and an interstory drift index

(Equation 2.3) can be defined as such:

total drift index = total drift/building height =V/H (2.2)
interstory drift index = interstory drift/story hght= dh (2.3)

Y
A

Figure 2.1: Drift Measurements

To limit nonstructural damage, these drift indiGe limited to certain values to be
discussed in the next section. Using drift indisea straightforward, simple way to limit
damage. However, three shortcomings are appararsing drift indices as a measure of

building damageability: One, it oversimplifies thguctural performance by judging the
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entire building on a single value of lateral driffTwo, any torsional component of
deflection and material damage is ignored. Thordt as traditionally defined only
accounts for horizontal movement or horizontal nagkand vertical racking is ignored.
The true measure of damage in a material is tharsdteain which is a combination of
horizontal and vertical racking. If one considdrattthe shear strain in the damageable
material is the realistic parameter to limit, theis seen that drift indices are not always

sufficient.

Charney (1990c) and Griffis (1993) have proposeahtjtying damage in terms of a drift
damage index (DDI) that takes into account horiabrand vertical racking while
excluding any rigid body rotation. The DDI is silpphe average strain in a rectangular
element. To calculate the DDI a planar, drift dgeeble zone (DDZ), with height H and
width L, is defined where the local X,Y displaceabadinates at each corner are known
(from analysis). This drift damageable zone isdgiy bounded by columns on both
sides and floor diaphragms at the top and botttrthis panel is defined by corner nodes
A,B,C and D (Figure 2.2) the average shear straib@ can be defined by Equation 2.4
(Charney 1990c):

(2.4)

DDI :0.5* XA_XC +XB_XD +YD _YC +YB _YA
H H L L

A (XA’YA) B (XB 'YB
Level n+1 1
H
Level n
C (Xe)Ye) D (Xp,Yp)
< 1 >

Figure 2.2: Drift Damageable Zone
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Equation 2.4 is the average of the horizontal artical components of racking drift and
provides the average shear strain in the panelewhg& commonly used interstory drift
only accounts for horizontal racking. If the DB multiplied by the panel height, the
result is thetangential interstory drifBerteroet al. 1991). This value, which like the
DDI takes into account the vertical component, barcompared to thiaterstory drift

Both the DDI and the tangential interstory drifopide better estimates of damage than
the conventional interstory drift ratio or intenstalrift.

Examples have been performed to highlight the sborings of using interstory drift as a
measurement of damageability and can be founddam#pers by Charney and Griffis.
One example (Charney 1990c) is repeated here foodstration purposes. Figure 2.3
shows two 10 story frames, one braced and onemtment connections, and Table 2.1
shows the comparisons between the interstory anift the drift damage index. Bays a,
b, c refer to the uppermost bays of the frames.

a o] c a o] C
®
(]
3
I@20
Frame M Frame X

Figure 2.3: Drift Indices and Drift Damage Indices
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Table 2.1: Drift Indices and Drift Damage Indices

Interstory Drift Damage Shear
Drift Index (1) Index (2) Distortion (%) (2)/(1)
Bay a 0.00267 0.00219 0.219 0.820
Frame M (unbraced) |Bayb 0.00267 0.00267 0.267 1.000
Bay c 0.00267 0.00219 0.219 0.820
Bay a 0.00267 0.00358 0.358 1.341
Frame X (braced) Bay b 0.00267 0.00083 0.083 0.311
Bay c 0.00267 0.00358 0.358 1.341

The two frames were subjected to identical latefat loads. The drift damage index in
Table 2.1 was computed using Equation 2.4. Foruthiteraced frame (Frame M), drift
damage is overestimated in the two outer bays Iygube traditional interstory drift
index. Conversely, damage in the outer bays obtheed frame (Frame X) is severely
underestimated using the drift index (which doeantount for the vertical component of
racking) while the damage in the middle braced bsyoverestimated. This
overestimation is due to the rigid body rotationickhhcauses little damage, in and of
itself.

Although the example provided is planar, drift dgesble zones can easily be extended
for use in three dimensional models. Using a samféwmodeling program such as
SAP2000 (Computers and Structures, Inc. 2006), mbrene element with near zero
stiffness can be inserted at any desired locaticthe structure; the analysis is then run,
as normal, and a shear stregskéi) is reported for the diaphragm. Easily cotee to
shear strain\(in./in.) by dividing by the shear modulG (y=T1/G), this value is
compared against experimentally derived values v@auate the performance of the
material. To demonstrate this, an example usin@Z®0 is now presented. In the

program a material is defined that has virtuallystitiness and is defined as such:

E = 2.6 ksi (modulus of elasticity)
a = 0.3 (Poisson’s ratio)

G= E - 29000 _ 10 ksi (shear modulus of elasticity)
2*(1+a) 2*(@1+03)
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A modulus of elasticity of 2.6 ksi and a Poissorasio value of 0.3 gives a shear
modulus of 1.0 ksi which means shear stress = dten. Given that SAP2000 is able
to show stress contours for areas, this is a coemenvay to view the shear strain
damage in the membrane element without doing anyassions. Once the material is
defined, membranes can be inserted at any locatitre building. Figure 2.4 shows the
stress contours for membranes in a 3 story, 3 basnent frame subjected to lateral
loads.

IH SAP2000 - 3 STORY_3 BAY DDl MEMBRANES
Fle Edt “iew Define Draw  Select  Assign  Apslyze  Display  Design  Options  Help

D Wi 7@ | BPRPERPA M 3w v Gar| o e |i@|” ]
& '333 Stress 512 Diagram  (REAL)

i [T | |

tIN=4.E33E-04, Ma=0.004, Right Click on any Shell Element far deladed.di;gram

Figure 2.4: Shear Strain Contours

Horizontal loads are applied at the left most naales are directed to the left. Maximum
strain is observed near the top of the bottom, taiddy. Minimum strain is observed in
the top corners of the upper bays. Using straimbranes is convenient and allows the

designer to easily observe areas of high strain.
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2.2.2 Drift and Damage Limits
In the context of serviceability, drift limits amnmposed to limit damage of nonstructural

components to an acceptable level. This acceptabét is a function of several factors
including the material in question, wind recurrematerval, building function, cost of
repair vs. cost of prevention and the needs obtieer and/or occupants. Results of the
1988 ASCE (ASCE 1988) survey assessing the statieeoért in designing for drift of
steel frame structures shows that there is no stamsiy in these drift limits among

designers, leading to variations in structural @ooy and performance (Charney 1990c).

First and foremost the damage limit is dependenthenmaterial in question’s damage
threshold: the amount of strain that can be susthivefore damage is visible. Damage
thresholds are typically obtained through rackiegts in which damage limits are
obtained for common nonstructural building matetial Commonly used materials
include brick, composite materials, concrete blatiywall, plaster, plywood and tile. A
comprehensive listing of thresholds for variousemats was compiled by Algan (1982)
who basically assembled all the previous reseastlts, encompassing over 700 racking
tests and 30 sources. Damage was defined in w@foemmage intensitya value ranging
from 0.1 (minor damage) to 1.0 (complete damaggure 2.5 serves to illustrate the
differences in damage thresholds among commontipartmaterials and is taken as a

series of best-fit lines through the data gathéredlgan.
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Figure 2.5: Shear Strain vs. Damage Intensity
Damage Intensity 0.1 - 0.3.......minor damage

0.4-0.5....... moderate damage
0.6-0.7....... substantial damage
0.8-1.0....... major damage

A damage intensity value of 0.3 is considered thiatpat which damage is apparent and
visible. At this point, minor repairs are probablgcessary. Algan is also quick to point
out that damage to many of the specimens was aienainly in the corners and at the
base where the specimen was anchored. TablesBsZstrain limits for several types of

partition walls. The data is from Algan (1982) argpresents the average values of

multiple tests.

Table 2.2: Damage Limits for Several Types of Parttion Walls

Wall Material Strain Limit
Concrete Block 0.005
Brick 0.0025
Hollow-Clay Brick or Tile 0.002
Veneer (drywall, plywood, etc.) 0.007
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The strain limit given in column 2 of Table 2.2 msponds to substantial damage; that is,
the point at which the material must be repaireghassibly replaced. A review of the
literature reveals that additional research has leeaducted regarding damage limits of
pre-cast cladding and other materials. A recepep@Carpenter 2004) has summarized
tests on glass systems and pre-cast panel systetresm explains the typical testing for
high-rise cladding systems. Current research byApplied Technology Council into
performance based seismic design has focused ostractural testing as part of the
project scope (ATC 2006). This information shoalil to the database of knowledge

concerning damage limits of common building matsria

Choosing a damage limit is based on material dantagsholds but is also based on
building usage and the owner’s needs. Consultilg the owner early on in the design
stage to establish how often and how much damagedsptable may be appropriate.
Finally, the damage limit is also dependent on wWied recurrence intervals being

designed for, design experience and engineeringmeat.

2.2.3 Codification of Serviceability Limit States
Because serviceability limit states are not safetgted and therefore not codified, there

are wide variations in drift limits, as indicatedthe 1988 ASCE Survey. The majority
of the respondents agreed that drift should notdudified although the vast majority
thought that more guidance should be provided. @&hdivalence about codifying
serviceability issues arises from the scarcityalidvdata to define the serviceability limit
states, the adverse economic consequences of usmgstifiable serviceability
guidelines, and the tendency to view any codifishdards as absolute (ASCE 1986).
Regardless, more is needed than the short parafpaptl in ASCE 7-05 addressing drift
of walls and frames: Lateral deflection or drift of structures and defwation of
horizontal diaphragms and bracing systems due todweffects shall not impair the
serviceability of the structute(ASCE 7-05 App C). National building codes suah
IBC do not offer any guidelines either. Numericalues for serviceability limits are not
given by the European design code (EN 1993 1-hoalih suggested serviceability
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lateral deflection limits are given in the designguide series (Gardner and Nethercot
2005) and are shown in Table 2.3.

Table 2.3: Suggested Lateral Deflection Limits givein the Eurocode Designers
Guide Series (2005)

Design Situation Deflection Limit
Tops of columns in single story buildings, except portal frames Height/300
Columns in portal frame buildings, not supporting crane runways To suit cladding
In each story of a building with more than one story Height of story/300

The National Building Code of Canada (NBCC 200%)wates that “the total drift per
storey under specified wind and gravity loads shatlexceed 1/500 of the storey height”
for serviceability considerations. Besides theystift limit, little additional guidance is

given.

Given the fact that wind drift is very often a calling aspect in design, especially in
areas of low seismic activity, it makes sense tteroBome basic guidelines and
requirements. This can and should be done withmiting engineering judgment and
allowing for leeway based on building usage, owresds, etc.

2.3 Modeling and Analysis for Drift Design
A 1983 study by Bouwkamet al, performed to access the influence of variousctaral

and nonstructural modeling aspects on dynamic seisgsponse, serves to illustrate the
effect of building stiffness with respect to latdiads. Five buildings of primarily steel

construction, ranging in height from 15 to 60 s#eriwhose in-situ properties were
previously determined by low-amplitude dynamic itest were modeled to compare

analytical results with experimental results.

Between four and seven analytical models were padd for each structure, each model
with increasing levels of refinement. The first aieb typically consisted of the lateral
load resisting system modeled as planar framegdoh direction (N-S and E-W) with

lumped masses on each story. The second modehicedt variables such as the
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inclusion of fully rigid beam-column joint regiorfaot the beam-to-column connection,
see Section 2.3.2 for details), three-dimensionatefing, participation of secondary
framing systems, composite beam properties andhigtd floor masses. Subsequent
models involved adding the contribution of concrbleck infill to the stiffness of the
moment resisting frames, changing the floor weigbtbetter reflect as-built conditions,
including interior core frames (non-lateral loadiséing), including the effects of
foundation flexibility and increasing the effectigdab width for composite girders.
Lateral stiffness was judged by the modal periaidstch model. With the exception of
the foundation flexibility, the analytical modeliged lateral stiffness with each change.
The bare, lateral load resisting frames consistgrttduced modal periods that indicated
they were too flexible as compared to the in-sitopprties. Results show that several of
the building models match quite well with experitamata, but one should be cautious
about drawing conclusions. Modeling decisionsgeiglly the decision to use fully rigid
joints, are questionable and just because an agslytodel matches well with data does
not mean it is correct. The notion of comparindfedent analytical models to
experimental data is an excellent idea but it nfaestione correctly. As a result of the
many variables involved, there could be dozensif¢rént models and therefore care

should be taken in modeling.

The study by Bouwkamget al. (1983) is a good example of all of the uncertasti

involved in analytically modeling actual buildingelavior. With respect to the lateral
stiffness of steel framed buildings under wind Katthe two important modeling issues
that demand attention are sources of deformatiohsanrces of lateral stiffness. These
issues are closely related and it could be argoatthey are in fact the same thing. For
example, consider a girder in a rigid frame. t\pdes lateral stiffness to the frame but it
also accounts for some of the lateral deformatiat the frame experiences. To clarify
the issue, any material deformations (axial, shigaxure) will be considered as sources
of deformation while all other aspects will be ddesed as sources of stiffness. An
additional concern is second order or P-Delta &fe®-Delta effects will be discussed as

a separate issue, apart from sources of deformatidrsources of stiffness.
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2.3.1 Sources of Deformation
To predict structural response under loading caomhbt it is necessary to accurately

capture all sources of deformation occurring in #stkeicture. Under wind loads this
means including all sources of deformation thattoate to the total drift: flexural, axial
and shear elastic deformations in the beams anaones as well as deformations in the
beam-column joint (panel zone) region. Joint orgbaaone deformations are shear and
flexural deformations occurring within the regioounded by the column and beam

flanges. Figure 2.6 shows a typical interior parogle region.

ey —

FANEL ZONE

—_—

Figure 2.6: Typical Interior Sub-assemblage

Following the first wind drift survey (ASCE 1988),was recommended by committee
members that in addition to flexural deformatidltisat lateral load calculations for steel
buildings incorporate the following: beam and cofushear deformations, column axial
deformations, panel zone deformations, width ohtbéacolumn joints, and second order
effects.” Using sound engineering judgment to &at®mly and correctly include

important sources of deformations is not an unneaisie expectation for engineers given

the advanced state of the art and the powerful ctimgtools available today.

The 1988 survey (ASCE) found a wide variation amdegigners concerning the sources
of deformation included in design. Half of the resdents indicated that they always
include shear deformations, 88 percent includel @atormations of columns, 85 percent
consider width of beam-column joints, 37 percentsider panel zone deformations and
72 percent perform second order drift analysis. sdite the seemingly simple
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percentages, it is difficult to reach definitivenctusions because many respondents
offered comments and explanations that are notiraples as a yes/no answer. For
example, consider the answers to the question o ¥@u include panel zone
deformations?”: 63 percent of the respondents weag do not explicitly include panel
zone deformations while the remaining 37 percemtsicter panel zone deformations
“when panel zone is over 10 percent of the cemteenter distance”, “in tube-type
structures with close column spacing (5-10 ft)”,hem large panels exist”, where the
contribution can be significant” or “when drift aggos to be controlling”. Quantifying
their responses in this way indicates a signifi@anbunt of engineering judgment among
respondents based on a variety of factors suchiltiriy height, type of connections and
others. In other words, the answer is not as €ngd YES or NO and the survey
guestions were not posed properly to take this attmunt. The explanations are vague
and without knowing further information, it is didtilt to surmise why these answers

have been given. This error will be avoided intileg survey.

An analytical study (Charney 1990b, see also Chag}jeon the sources of elastic
deformation under lateral loads demonstrates thénpal pitfalls in modeling
assumptions. In the study, lateral load analyssewcarried out on more than 45 steel
frames and tubes using the commercially availablaputer program SAP-90 (Wilson
and Habibullah 1989) and an independently develguestiprocessor DISPAR (Charney
1990a). The program DISPAR (acronym for DISplacet®ARticipation factor) uses
the principle of virtual work to quantify the coifition of each element (beam, column
or joint region) to the total building drift and &so able to break down the contributing
deformations into flexural, axial and shear. Thalgtical models ranged in height from
10 to 50 stories and differed in the number andntitkth of bays, from 5 10-foot bays to
13 20-foot bays. Results indicate the following:

» Shear deformations can be significant, contributipgo 26 percent (in a 40 story
building with 10 ft bays) of the total lateral drifThey are especially important in
tall (40-50 stories), slender tube structures witbey can be as important as
flexural deformations. The minimum contributionss@.2 percent (in a 10 story
building with 20 ft bays), still a significant ammaiu
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* The contribution of axial deformations, which raddgeom 26 to 59 percent of the
total deformation, was shown to be very importantall, slender frames with
flexure being more of the controlling factor in theler, shorter frames. It should
be noted that the 1988 survey comments indicatealw@nsiderable percent of
respondents do not include axial deformations faldings less than 10-stories.
However, it is the height-to-width ratio of the wibent, not the building height,
which is the most important factor when consideraxgal deformations (ASCE
1988).

* Finally, beam to column joint (panel zone) deforioradé were considerable in all

models. The contributions ranged from 15.6 to 4kRent.

(A study similar to the one discussed immediatddpve, but involving various joint
models, is presented in Chapter 4 of this thedie feader is directed to Chapter 4 for
further information on the various sources of defation as well as effects of different
joint models.)

From this study (and the one presented in Chaptérig clear that all major sources of
deformation should be included in the design aradysrs of steel framed buildings. This
IS not unreasonable given the powerful computiraist@available today. The two most
commonly neglected sources of lateral deformatiamssteel buildings are shear
deformations in the clear span region of beamscatgmn and deformations within the

beam-column joint region (ASCE 1988). Shear de&dioms will be discussed first.

When analyzing frame structures shear deforma@o@somputed based on the effective
shear area, typically taken as the gross areaeatiiiy a form factork. A form factor of
1.2 is commonly used for rectangular sections. Wile flange shapes subjected to
major axis shear, the shear area is commonly takethe center-of-flange to center-of-
flange depth of the member multiplied by the wabkthess. The flanges are ignored due
to negligible shear resistance. Although this apnation is accurate for deep, slender
sections (e.g. W36x135) the flanges begin to coute significantly for heavy, compact
sections (e.g. W14x730). Detailed finite elemardlgsis has confirmed this (Charnety
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al. 2005) and the following recommendations were nfadealculating major axis shear
deformations of wide flange sections:

» A form factor based on an effective shear are@oef ¥)t,, is reasonably accurate
for all but the stockiest sections, such as heawA¥ Note that for all wide
flange sections SAP2000 (Computers and Structimes2006) uses an effective
shear area equal to the total depth times the ekntess.

» For stocky sections, the simplified Cowper expmssiCowper 1966) is

recommended for calculating the section form faatad is given by Equation 2.5

. |a2+72m+150m* + 90m’ )+ 300*(m + )|

10(1+ 3m)? (@59)

where:

2b,t, b,
m= n=—
dt, d

d = distance between center of flanges

For minor axis shear the wide-flange member behdikestwo rectangular sections

separated by a thin web and a form factor of ctosg.2 is adequate. With that being
said, detailed finite element analysis has refitted idea and has shown that there is
some shear resistance provided by the web. Constyguéhe following empirical

expression is recommended for the form factor (BR@95):

k=12 s (2.6)

flanges

Using the correct shear area is important in ptedjc shear deformations and

consequently affects the computed lateral drift.
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2.3.2 Modeling the Beam-Column Joint Region
As previously mentioned, deformations occurringhe joint region can be significant

and should always be included in any drift caldal®. Knowledge of the impact that
beam-column joints behavior have on moment regiteel frames is not new (Bertero
et al. 1972, Becker 1975). However, as indicated enXB88 ASCE Survey there is a
general lack of understanding in the design fielgiarding modeling of the beam-column
joint region. Joint deformations can be thoughtasfbeing composed of beam and
column joint flexure and column joint shear. Thare basically four different ways to
model the panel zone region:

» clearspan or rigid model (no joint flexibility)

» partial rigid model (some joint flexibility)

» centerline model

* mechanical joint models: Krawinkler, Scissors

An in-depth study (Charney and Johnson 1986) commgacenterline, rigid and
mechanical models has shown that the clearspan Imadeich ignores joint
deformations, drastically underestimates buildingt dand is not recommended for
design applications. As mentioned previously jaetormations contribute significantly
to the total lateral drift and cannot rationally meglected in design. The partially rigid
model is common in design, possibly due to the tiaat many popular design programs
have built in capabilities for this model. Typilgalthrough engineering judgment or
recommendations in the literature, a rigid endziawsor, commonly called, is applied
to the joint width. AZ value of zero is effectively a centerline moded (@ffset); aZ
value of one is effectively a clearspan model whitdues in between provide some
degree of rigidity, as Figure 2.7 shows. Figurg 2hows three of the four common

analytical joint models.
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rigid joint

Z7d - t) —
Y,

Figure 2.7: Joint Rigidity

a) Centerline model b) Partially rigid joint model ¢) Fully rigid joint model
7=0 7=-05 (clearspan model)

z=1.0
Figure 2.8: Use of the Rigid Endzone Factor

The area that is included in the joint region issidered rigid with respect to shear and
flexure but not axial forces. A review of the tdéure reveals that A value of 0.5 is
commonly recommended (Légera et al. 1991). Howehex,assumption is incorrect and

underestimates true deformations in the panel zone.

The centerline model, shown in Figure 2.8(a), i ¢asiest way to represent the panel
zone because frame members are idealized to meaeatnfinitely rigid point; the joint
region is not explicitly modeled and there are @lative changes in the angle of rotation

between the beam and column centerlines. The rtieetenodel tends to overestimate
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flexural deformations and underestimate shear deftion within the panel zone. These
sources of error tend to cancel each other outjltreg in reasonably accurate joint
deformations. Further explanation on the reasomstfese “self-correcting” errors is

beyond the scope of this discussion. Interestadens are directed to the following
references: Charney and Johnson 1986, Charney 1B@9ins 2002. Two-thirds of the

1988 ASCE Survey respondents utilized the centertiodel. This may be a result of the
simplicity of the modeling technique and not th@kafedge of exactly how the centerline
model works. Caution should be applied when usivegcenterline model because joint
deformations can be underestimated when sheanstoaicurring within the panel zone
are very high and overestimated when flexural stran the panel zone are large
(Charney 1990b).

Mechanical joint models are another way to represlem behavior in the panel zone
region. One of the first mechanical joint modelsswleveloped by Helmut Krawinkler

(1978) and is referred to as the Krawinkler models shown in Figure 2.9.

Compound
Rotational spring nade
represeniing panei zone g
shear /
\/ \I\c I
= ] 5H
| J H

— Rotational spring
representing column
flange bending

"ol J el
. : |

e
b
!

Figure 2.9: Krawinkler Model

26



The model treats the boundary of the panel zonefiastely rigid links connected at the
corners by compound nodes. Rotational springspkeed in two opposite corners to
represent the resistance to panel zone shear dachrtdlange shear. The so-called
“Krawinkler model” physically represents panel zahstortion and is independent of the
structural geometry outside the joint region. Toee disadvantage is that a
computationally taxing twenty-eight degrees of fil@@ are needed to explicitly model
the panel zone using the Krawinkler representatiblowever, this can be decreased to
four independent degrees of freedom in a planaictstre, if the proper constraints are
used (Downs 2002).

A second mechanical joint model, the “Scissors nipd&rawinkler and Mohasseb
1987, Kim and Engelhardt 1995 and 2002, Schneiddrfamidi 1998, Foutch and Yun
2002) is similar to the Krawinkler model in thatlso uses rotational springs to represent
panel strength and stiffness. The Scissors maette advantage of only requiring four
degrees of freedom per node (as opposed to twagtyfer the Krawinkler model) but is
hampered by its dependence on the geometry outstdmint region. Additionally, the
Scissors model doesn’t represent true panel zohavir as well as the Krawinkler
model and is appropriate only for elastic struguos for systems where ductility
demands are low (Charney and Marshall 2006). rei@ul0 shows a schematic of the
Scissors model. The panel spring, whose rotatienfihess is given by Equation 2.7,

represents the shear resistance of the panel zone.
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Figure 2.10: Scissors Model

= —(f ?Zl‘_t Pﬁ();z 2.7)
where

K = rotational stiffness of the panel spring (ingpAadian)

LH = center of flange to center of flange of beamhe®)

al = center of flange to center of flange of colummckies)

H = mid-story to mid-story dimension (inches)

L = mid-span to mid-span dimension (inches)

t, = thickness of the panel zone (inch@g) t. if no doubler plates)

G = shear modulus (ksi)

It should be noted that neither the Krawinkler tier Scissors model includes the effects
of axial or flexural deformations in the panel zofe flexural behavior inside the panel
zone is complex and difficult to model although eneic work by Downs (2002) has

provided some preliminary models that include thexudral component of joint
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deformation. These flexural and axial componetitdeformation are relatively small

and the current model, which includes only sheéord®ations, gives accurate results.

2.3.3 Connection Flexibility
The lateral stiffness of a steel-framed buildinggnposed of the lateral load resisting

system (braced and unbraced frames), the nondldtmmd resisting system (gravity
frames, load bearing walls), nonstructural eleméntls, infill, cladding, etc.) and the
interaction, intentional or otherwise, between ¢hesmponents. From the previously
mentioned study by Bouwkangt al. (1983) it is apparent that the bare frame aloresdo
not provide all of the lateral stiffness in a sture. Modeling all contributing
components is therefore essential to produce atecara reliable results.

Modeling connections as either simple (pinned) ollyfrestrained (fixed) greatly
simplifies the design and analysis process bubientirely correct. In reality all pinned
connections offer some degree of moment and rotati@sistance and fall somewhere in
between fixed and pinned. When it comes to perdmiece based engineering there are
many benefits of including PR (partially restraipnednnections in design. For example,
beams can be optimized for moments and economypearalized through construction
savings. However, the main focus here is on hanstrviceability of frames is affected

by connection flexibility.

Simple connections are assumed to rotate unresttaamd to transmit a negligible
moment. Fully restrained connections transfer nmimevith a negligible amount of
rotation. Partially restrained (commonly calleanseigid) connections fall in between,
allowing a rotation that is not negligible whileatismitting some moment. Several
national codes allow the consideration of partia#gtrained connections (AISC 2005,
British Standards Institute, EN Eurocode 3 200Bje 2005 AISC Specification permits
the use of PR connections “upon evidence that din@ections to be used are capable of
furnishing, as a minimum, a predictable percentag&ull end restraint” (AISC 2005;
[B3.6D]).
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When utilizing the advantages of partially resteinconnections, the rigidity of the
connections affects frame stiffness and may shétgoverning design from strength to
serviceability (Gao and Halder 1995). Frames deslgor strength may not be adequate
when serviceability is considered. Although mudsearch has been performed
regarding the strength and reliability of frameshwiPR connections there is a lack of
knowledge regarding the serviceability charactesst Experimental analysis (Chui and
Chan 1997) confirms that the type of connection leyga in design affects lateral
displacement. Chui and Chan measured the stiffae$so common beam to column
connections (welded and bolted) in the laboratdeyeloped non-linear moment-rotation
relationships and then input these into an anajysigram. The modeled structure was a
one bay, three story steel frame subjected todb#erd gravity loads and was modeled as
both a braced and unbraced frame. The connecivens modeled four different ways
for a total of eight trials (four for the bracea@rne and four for the unbraced frame). The
different connection types were analyzed to deteenhiow lateral drift at the top floor as
well as the vibration frequencies of the first twmdes was affected by the following
connections: Rigid (infinitely stiff), Pinned (notational resistance), Welded and Bolted
(both with experimentally derived non-linear momeotation curves). As one might
expect the computed drifts and frequencies werensiive to connection flexibility for
the braced frame with the reverse holding truetth@ unbraced frame. These results
were expected: connection flexibility affects laledeflection and frame behavior.
However, the question of how to implement the atages of PR construction in design

is still a topic of discussion.

Current AISC Specifications (2005) also provide ianpdified alternative to PR
connections: Flexible Moment Connections (FMC).exlle moment connections are
both simpler and more conservative than PR commest{Geschwindner and Disque
2005). For gravity loads, the connection is assutogrovide no rotational restraint and
the connection is modeled as pinned. For lateratld, the connection is assumed to
provide full restraint and act as a FR moment cotioe. Various types of FMC and the
design procedure are found in Part 11 of AISC (2005
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Two-thirds of the respondents of the 1988 surve@E 1988) did not account for

connection flexibility when modeling for drift. Aoanting for the inherent rigidity in

beam to column connections that are typically mediels pinned can provide economic
benefits in that mid-span beam moments can be eedwnd beam sizes can be
optimized. In relation to wind loading PR connens are becoming especially popular
for low rise steel frames where fully rigid conniens are usually not necessary for
resisting lateral loads due to wind (Sakuwetial. 2001). In addition, PR connections in
low rise braced frames can be used to replace rigagiembers. Using semi-rigid

connections in design provides clear advantagespithblem is developing adequate and
reliable models for use in design. With the arvaatting toward performance based

engineering, more research and work is necessdhysiarea.

2.3.4 Composite Action
Besides acting as a force collecting diaphragm, ¢bacrete floor slab provides

substantial benefits when designed to act compypsitigh the beams. Primarily used in
the design of beams for gravity loads, compositeraaan provide significant lateral

stiffness to rigid frames controlled by wind loadhile also increasing overall building

economy. Under lateral loads there are basically moment regions in the girders of
rigid frames that can be defined as shown in Figutd (Schaffhausen and Wegmuller
1977).

-

2 1 3 2 1 4
Figure 2.11: Girder Moment Regions

Region 1: Girder is subjected to positive bending momentn¢cete slab is in
compression) and the full effective slab width d@nconsidered as providing flexural

resistance.
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Region 2: Adjacent to an exterior windward column or an liiecolumn, the girder is
subjected to a positive bending moment but a retdlietab width is used due to the
flexural force distribution in the slab. Althougfe effective slab width must decrease to
the width of the column at exterior columns, usihg full effective slab width provides
nearly identical results (Schaffhausen and Wegma®g7). Comparing a full effective
width to a width that decreases to the width of thee of the column, results show
member forces only differ by 1-2 percent (Vallemiéind Bjorhovde 1985).

Region 3:Girder is subjected to a negative bending monsdaly is generally ignored in
calculations of composite flexural strength. Negaslab steel may be present in this
region, which differentiates it from region 4. Thygrder alone provides flexural
resistance.

Region 4:The girder is subjected to a negative bending nrmbraed there is typically no
negative slab steel at this location (exterior ooi). Girder alone provides flexural

resistance.

The effective slab width, the concrete compressitrength and the number of shear
connectors (percent composite) are the main conmgeniavolved in calculating the
composite flexural strength of the member. Inoagil and 2 the composite moment of
inertia can be used in the analytical model whleeggions 3 and 4 the girder properties
alone should be used, although the slab in tensiay be included for low level loads.
Under serviceability loads the slab may act fulmposite even though it may not be
designed that way. Additionally, the slab widtredior strength design may be overly
conservative for serviceability design. The AISEsigin Guide on Vibrations (Murragt

al. 2003) recommends a slab width of up to 40 peroétite beam span, as opposed to
the 25 percent limit specified in the AISC Spedifion for Structural Steel Buildings
(2005). It has been suggested (Leon 2001; LeonHajadr 2003) that revisions to the
provisions for composite flexural members in thé&s&I Specification (1999, 2005) are
necessary to allow for more risk consistent seabday design. Once such revision
suggested by Leon (2001) is revising the lower blommoment of inertia (LBMI)
approach in the Specification. Currently the LBapiproach is based on stresses that are

seen at strength design loads. A more accurateagp for serviceability is to use a
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LBMI approach which is based on stresses seenracedoads. It is clear that more

research into this area should be conducted.

2.3.4.1 Floor Diaphragms
In many cases, lateral loads on a structure aresrrdated to the lateral load resisting

system (shear walls, moment-resisting frames,l®ta)sing the floor deck as a collector
diaphragm. Concrete filled metal decks make egnoelldiaphragms and are very
common in design. The use of composite desigmwhith the concrete slab is made
integral with the supporting beam through sheadsstus commonplace and provides
several well-known advantages: reductions in thghteof steel, shallower steel beams,
increased beam stiffness and increased span lémgéhgiven beam shape (Salmon and
Johnson 1996). Considerable cost reductions dtfeetoverall reduction of floor depth

and cumulative savings in nonstructural materiald anechanical/electrical/plumbing

systems provide another incentive for the use ofpmusite construction.

How the diaphragm is modeled also affects the caetplateral drift of the building.
The simplest way to model a concrete floor slalagsa rigid diaphragm, as multiple
degrees of freedom are eliminated and the beh&/simplified. In the past this method
of modeling was preferred, especially for tall bings, as it is less taxing on the
computer’s resources. Presently a computer's hemelvand software capabilities are
usually not of concern and the diaphragm can beeteddvith some degree of flexibility,
although for low-rise buildings this degree of sigspibation may not be necessary. For
structures where the floor slab acts to transferge amount of load, accurate modeling
of the floor slab becomes more essential. Condttgure 2.12, a plan view of a floor

diaphragm that is transferring horizontal wind &s¢o three vertical shear walls.
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R
(2) (1) @] (relative
rigidity)

Figure 2.12: Relative Diaphragm Stiffness

If the diaphragm is modeled as fully rigid, ther tamount of force picked up by each
shear wall is directly proportional to its stiffesesThe two outer walls are stiffer than the
inner wall by a factor of two and therefore takécenmthe load. On the other hand, if the
diaphragm is modeled with some amount of flexipilihen the support (shear walls)
reactions are directly related to the stiffnessh@ diaphragm. It can be important,
especially in shear wall structures where the aecshear walls are very rigid as
compared to the floor slab, to model the concietar fslabs as flexible diaphragms (&u
al. 2005). If the lateral system is moment resistiragrfes, which are relatively flexible
as compared to the concrete floor slab, the rigigpltagm assumption is very
reasonable. Without accounting for the flexibilay the diaphragm the forces in the
lateral load resisting system may be incorrectitegatb incorrect lateral drift values and

incorrect damage calculations.

This is another area where engineering judgmeredsired, as the decision on how to
model floor slabs depends upon a number of parametee most important being the
rigidity of the diaphragm as compared to the shvealis or frames that provide lateral
resistance. However, including flexible diaphragmslesign is simplified by powerful

computers and software.
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2.3.5 Nonstructural Components
In view of the complex nature of building behavad to simplify the design, all of the

lateral stiffness required to resist wind loading & typical building design is attributed

to the lateral load resisting system. Under stiter{gltimate) loading conditions this

simplification is justifiable. At this point the rsicture is assumed to have lost the
contributions due to nonstructural components (NSConversely, under serviceability

loading conditions neglecting NSC can result inrtveonservative designs. Commonly
neglected NSC include frame infill (brick, masonstc.), interior and exterior walls

(cladding), stairwells and elevator shafts. Tharme several reasons why including the
contributions of NSC is important:

» Because damage limits (drift limits) are commondytcolling factors in design,
particularly in tall (over 10 stories) or slendarildings, considerable economic
gains are possible through accounting for all sesiaf lateral stiffness.

* Accounting for NSC can help match measured resgonsih predicted
responses.

» Under earthquake loading the additional stiffneswided by NSC may “amplify
the building response by shifting key structuragirencies into critical ground

motion spectral ranges.” (Pinedt al. 1995)

An extensive study by Set al (2005) combined detailed FE modeling with field
measured experimental data from three buildingietermine the stiffening contributions
of NSC. The test buildings were all of concretastouction with different lateral load
resisting systems: a 15 story moment resistantdrani4 story frame-wall and a 41 story
shear-wall. The buildings were first modeled aselfeames with rigid diaphragms and
then modifications were made, one at a time, toowaetc for: internal and external
nonstructural walls (including parapet walls, pstdacade walls), secondary beams and
flexible floor diaphragms. In all buildings stedi the bare frame model significantly
overestimated the experimentally found periodsibfation in both translational (x and

y) and torsional modes, indicating large contribnsi from the commonly ignore NSC.
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In contrast to the study above, a study by Brownjehal. (1998) of a 67 story building
in Singapore found remarkable agreement betweeprdédicted and measured dynamic
properties of the building. The building, RepubRtaza, is a 920 foot tall structure
composed of a reinforced concrete central core wal perimeter steel columns and
was completed in 1995. Modal properties were olethifor the building during
construction (bare frame only) and for the complebeiilding using accelerometers.
Detailed finite element analysis was performed giSAP90 (Computers and Structures,
Inc. 2006) to model the building as accurately assgble, including nonstructural
components. The predicted translational period$1(55.18 sec) matched strongly with
the measured response (5.44, 5.15 sec). Thedesrdemonstrate the influence of NSC
and the ability to create a detailed and accuratdytical model. Also, the results
indicated that the as-built building was stiffemathanticipated (due to nonstructural
components) although is was concluded that theaicuwtall had no noticeable effect on

the structural behavior, possibly due to the natdithe connections.

Most of the work that has been done regarding Ni8@Ives nonstructural walls and
cladding material. Nonstructural walls, which denbroadly classified as either masonry

or veneer supported by studs, will be discussetl fir

2.3.5.1 Nonstructural Walls
Masonry walls are commonly constructed of concbétek, brick and hollow-clay brick

or tile (Algan 1982). The most detailed work retitag NSC has dealt with brick and
masonry infill, whose lateral stiffness contribuiso have long been recognized.
Although buildings designed today are much differéinan those 60 years ago,
experiments conducted as long ago as the late 4940ealed that the presence of
infilled frames in 14 story steel buildings incredghe lateral stiffness by a factor of 10-
20 (Polyakovet al. 1952). Analytically, the idea to replace the linby equivalent
diagonal compression struts was first proposedd®il1(Holmes) and has been used by
many researchers in subsequent work. Researdh,dpalytical and experimental, and
measured building behavior under design loads hassistently shown that NSC
(especially infilled frames) contribute significnto a buildings overall lateral stiffness.
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So if the contribution has been consistently vedfiwhy isn’t masonry infill included in
all building design? Mainly, the major problem wahdesign procedure in which infills
are explicitly included in the analysis model istttmasonry infills, being traditionally
non-engineered, have as-built properties whicltheidesign stage are almost impossible
to estimate reliably and/or to specify, and at ¢tbestruction stage are hard to control
(Fardiset al. 1999). Additionally the infills may be subject &dterations during the
service life of the structure.

Although masonry infill has been studied in some&illethe results show large variations
in the stiffness ratio of the bare frame to thelled frame (Suet al. 2005). Several
experiments summarized by Su show a range of lagiffness values for infilled
concrete frames. Although the experiments invobencrete frames the results
demonstrate the stiffness contributions of NSC.ep{eg in mind the differences in test
specimens (from one-bay one-story to multi-storg amulti-bay) and the methods of
analysis (FE, numerical analysis, monotonic loadimgiasi-static cyclic loading,
earthquake simulation) the ratio of the infilleédrre stiffness to the bare frame range
from 1.2 (Lu 2002) to 50 (Shingt al. 1994; Mehrabet al 1996). These experiments are
limited in that most were performed on reduced essttuctures, some are frames only

and some are full buildings with or without infdlédrames throughout.

A forensic structural investigation into steel binlgs damaged in Iran by a large
earthquake (Moghaddam 2004), demonstrated thatpthsence of infill helped to
preserve the buildings structural integrity. Cragkere observed in the infill, especially
in the corners and along the diagonal. Although ittfills were not considered in the
initial design, the observed seismic behavior lewjimeers to conclude that their
stiffening effect was significant and that repatould be made. Repairs were made to
ensure the infill panels could be depended on fatare earthquake. This is a case of
NSC being effective for structural strength but being quantified in any design work.

The other subtopic of nonstructural walls is vengalls. Veneer walls refer to drywall,

plywood, plaster board or other similar materialpmorted by wood or metal studs. The
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majority of the experimental research done in #isa has sought to define damage
thresholds and focuses on the behavior of individuall panels. Algan (1982)
summarizes the results of nearly all of these &ffprior to 1982, with a great deal of
work being done by Freeman (1966; 1968; 1971; 198%7). More recently and
moving in the direction of modeling applicationsgdhfamet al. (1990) experimentally
derived the load deformation response charactesisti six light gage steel stud partition

walls for implementation in structural analysis gnams.

Concerning the effect of partition walls on ovetalilding behavior, experimental testing
by Yanev and McNiven (1985) compared two types akomry walls and several types
of stud supported veneer partitions. It was fotivat the stiffer masonry walls provided
more lateral stiffness but were destroyed undengtground motion. The more flexible
veneer partitions suffered less damage but didpnovide as much lateral stiffness.
Smith and Vance (1996) developed analytical modekeveral types of veneer walls to
be incorporated in analysis programs. The worlolved a FE element model, load
deformation characteristics and experimental tgdtrverify the model behavior. Strong
correlation was established between the analyéindl experimental models: the ratio of
energy dissipated by the analytical model versasttperimental results ranged from 0.9
to 1.1.

2.3.5.2 Cladding
Although designed only to carry their own weightlaesist out of plane wind loads, the

connections between the frame and the claddingfeann-plane lateral forces to the
cladding panel. As a result, the cladding providesme degree of lateral stiffening,
depending on the nature of the connection, to theetsire. Generally, the connections
are detailed so that the cladding is not damagetthéynovement of the structural frame
although Pinelliet al. (1995) have suggested employing this interactonpitovide

damping to the structure as well as stiffness.

A paper by Goodnet al. (1984) details their efforts to account for thifesting effects
of precast concrete cladding. Full scale testsewmmrformed to determine the modal

frequencies of a 25 story building. Then arbitralgdding stiffness values were added to
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the bare frame analytical model until mode periatstched the in situ results. The
cladding was found to affect the modal responssge@ally the torsional response) by
decreasing the period by anywhere from 11 to 9%egmes. The investigation did

consider composite effects but did not accountafoy other nonstructural components
that may have contributed to the buildings latestiffness. A similar study by

Mahendran and Moor (1995) on a full scale portalie also verified the stiffening

effects of cladding and additionally illustratedetimeed for better three dimensional
modeling for serviceability considerations.

Due to the degree of uncertainty involved, a sifigdi procedure would be ideal for
designing for drift, a serviceability issue thatedonot demand the rigorous modeling
necessary for seismic strength design issues. Taerethree ways to deal with the
presence of NSC in a building:

» Account for explicitly and use damageability badaidt limits

* Reduce the computed drift by a factor to accountife additional stiffness

* Increase the allowable drift by a factor to accdonthe additional stiffness

Explicitly accounting for the nonstructural compatgein a building is difficult but it is
the most desirable of the three options listed.idRk analytical models must be

developed to implement in modeling software.

2.3.6 Foundation Stiffness Flexibility
Another factor to consider when modeling a struetisr the foundation flexibility. A

flexible foundation will reduce the overall latersfiffness of the structure, increase
horizontal deflections and hence increase the seaoder effects. The decrease in
lateral stiffness will also increase the naturaligués of the system. These factors are
important for reliability analysis under strong w#) especially in locations of low
seismic activities where wind is the controllingcttar, and in determining dynamic
characteristics of the system to control motionucet discomfort. The choice of
whether or not to include the effects of foundatfiexibility is dependent on the soil type
along with the substructure and is consequenthai@a where engineering judgment
should be exercised. For example, a mat foundamiap simply rotate rigidly with the
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structure, not causing any damage but certainlgeasing second order effects. On the
other hand, a building with columns supported blespimay experience differential

settlement which could result in damage to buildiogiponents.

2.3.7 Second Order (P-Delta) Effects
Under lateral loads, steel structures, particulasthpment resisting frames, may

experience significant displacements. The actibigravity loading on such laterally
deformed structures may lead to significant amgiion of lateral displacements and
internal forces. These second order effects of neesn{®é) and the frame (RA) should
be limited to prevent excessive deflections andrtsure structural stability. The AISC
Design Specifications for Structural Steel Builddi@005) allows 2 methods of analysis:
General second order analysis (computer methodd) satond order analysis by
amplified first order analysis (amplification facsp. Amplified first order analysis (the
B1/B, approach) is straightforward for relatively simglnar frames but has several
clear disadvantages:

* It can be cumbersome to apply to asymmetric strastu

* Many of the PA techniques are dependent upon the idealizatidheofloors as

rigid diaphragms.

Given the computational resources available today, because for practical purposes
multi-story frame design/analysis is done using potar methods which generally
incorporate matrix formulation using stiffness amdlexibility coefficients (Salmon and
Johnson 1996), this discussion will be limited tatnx based evaluation of second order

effects.

Typically when designing a building, a first orddastic analysis is performed first and
then it is decided whether to consider second oeffects. This decision is based on a
calculated stability ratio satisfying a certaintemnia which is dictated by code bodies. If
the criterion is not satisfied or if the engineesides, a second-order elastic analysis is

performed next.
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Two methods are available for the matrix formulatiof second-order elastic frame
elements: the stability function approach and tkengetric stiffness approach. Both
approaches can account for membe®)Rnd overall (RA) second order effects. As
described by White and Hajjar (1991) the stabiiitiyction approach is based directly on
the governing differential equation of an initialiyraight, elastic beam-column while the
geometric stiffness approach is commonly based mnassumed cubic polynomial
variation of the transverse displacements alongetbment length (consistent geometric
stiffness). The stability function approach, whileing more accurate, is not conducive
to computer programming. It requires twelve sejgab@am-column stability functions to
describe one frame elements. The geometric stéfmeatrix is dependent only on the
members force and length, is conducive to progrargrand is easily extended to general
three-dimensional analysis. It can be implemerdada member-by-member basis
(requires iteration, member axial forces changea dloor-by-floor basis (no iteration,
total floor axial force doesn’'t change). Becauke geometric stiffness approach
involves some approximation it can produce errdnsmthe member’s axial force is very
large compared to Euler’s elastic buckling loadcsfcally when P>0.42(member axial
force is greater than 40 percent of Euler's bugklimad). In this instance the member
must be broken up into several (typically no mdrantthree) pieces (White and Hajjar
1991). It should be noted that in an unbraced é&dhe axial forces are rarely large
enough to make this step necessary and, if sogrttoes produced are small; roughly 5
percent.

In SAP2000 (Computers and Structures, Inc. 2006)RA effect is implemented on an
element by element basis using a three-dimensiauwisistent (deflected shape is
assumed to be a cubic polynomial function) geomedtiffness matrix for each frame
element. Other software programs may form thénsiss on a floor by floor basis (such
as ETABS) which requires no iteration as the tatahl load at each level is constant.
This approach commonly employs the linearized genmstiffness (approximating the
deformed shape by one or more straight lines assgapto a cubic function). Whichever
method is employed directly affects the accuracyth& solution. For example, the
consistent geometric stiffness method may be mooerate, especially for structures
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with large P-Delta effects, but this accuracy coraethe expense of increased solution
time. The engineer should be aware of the linutegiand relative advantages of the

different approaches and make decisions accordingly

2.3.8 Structural Optimization
For given building drift constraints, the economizing of members for the lateral load

resisting system is a task that has historicallgnbeighly iterative, time intensive and
based on trial and error. The engineer uses higihétion and past experience to select
appropriate member sizes, the analysis is runyalatrift limits are evaluated and
necessary changes are made. The process contintilethe drift limit is satisfied in an
economic manner. Of course the taller the buildb@gomes, the more difficult the

member sizing process.

A technique for solving these issues is based emtimciple of virtual work, an idea first
described by Velivasakis and DeScenza (1983). (pheciple of virtual work is
described in further detail in Chapter 4 of thiedis). Through this process, the engineer
is able to easily and quickly identify members whare too flexible (or too stiff) and
economically resize the members. The method lisitgtiative, as member forces are
dependent on the section properties, but the dvéesign process is greatly improved.
Research in this area includes work and real wapjalication examples by Baker (1990,
1991) Charney (1993), Grierson (1984, 1989), PAOT, 2002, 2003) and others.
However, if member sizes are chosen simply to fgatiertain drift constraints, one
would end up with a very uneconomical distributioh members. Economy is also
dependent on member distribution. Chatnal. (1995) have presented a virtual work
based resizing technique for the “least weight gtesif steel building frameworks of
fixed topology subject to multiple interstory dyiffmember strength, and sizing

constraints.”

Additional research in this area should focus onst@ints such as damageability in the
nonstructural walls. Using shear strain in dridinthgeable zones (DDZ) as a member
sizing constraint instead of interstory drift wigsult in even more optimal member

selection for the lateral load resisting systemon®tructural damage due to torsion as
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well as lateral movement is more rationally meaguby the shear strain. The
appropriate constraint to use in any structurainogation algorithm is therefore the

shear strain in the nonstructural components ahthednterstory drift.

2.4 Wind Loads
Because serviceability limits are not codified #iad loads used for drift and perception

of motion calculations are inconsistent from firm firm, leading to variations in
structural performance and economy. Economy plysmportant role in building
design and that is why properly designing for segability issues is a crucial part of the
design process. To take full advantage of propemtydeling the sources of lateral
stiffness and accurately capturing all sources efornation it is imperative to use

appropriate wind loads.

There are several methods, each with relative ddgas and disadvantages, currently
available to determine wind loads on a structure:

» appropriate codes and specifications

* boundary layer wind tunnel testing

» database assisted design (DAD)

e computational aerodynamics

The use of computational fluid dynamics to caleilaind loads on structures is still in
the research phase and is therefore listed irtstaliThe first two methods are generally
accepted and widely used while the use of DAD, jit¢echby ASCE 7-05 and the subject
of much research, is still being developed for wpatead use. Each one of these methods
will now be discussed separately, with respectht following factors (Charney 1990)
which affect design wind loads:

1. the mean recurrence interval (MRI)

2. the wind velocity, which is a function of the remmce interval and the

geographic location
3. topography and roughness of the surrounding terrain
4. variation in wind speed with the wind directionr@ditionality factors)
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5. the buildings dynamic characteristics
6. the buildings shape
7. shielding effects from adjacent buildings

2.4.1 Factors Affecting Design Wind Loads

2.4.1.1 Mean Recurrence Interval
Generally speaking it is economically prohibitivedesign a building with such a degree

of lateral stiffness as to confidently ensure thatnonstructural components will be
damaged during the buildings service life. So dqestion becomes what amount of
damage can be tolerated before repair and how af@nthe damage reoccur? The

answers to these questions depend on the buildiageuand the building owner.

Under strength or ultimate loading conditions ay&ar wind mean return interval is
typically used for most building designs. For sesability criterion, it is commonly
accepted today that an appropriate return inteival0 years, a value that is now
recommended in the National Building Code of Cangb®CC 2005) and was
previously suggested by others (Galambos and gl 1986, Charney 1990, Griffis
1993). This is based on the average occupancyfanmeebuilding tenant and the fact that
it is not reasonable to base a serviceability kateon a 50 year building life expectancy
(Galambos and Ellingwood 1986).

However, the choice of an MRI is heavily dependanthe occurrence of damage that is
acceptable to the owner and may vary drasticalpedding on the building/owner needs.
A life-cycle analysis, comparing cost of repair @gst of avoidance, can provide valuable
information regarding an appropriate choice. Th&er should provide input into how
much damage is acceptable and how often. Once hidéhosen a reference source
must be consulted to determine the wind velocigoemted with the chosen MRI. The
commonly used ASCE 7-05 Specifications providesirdwnap of 50 year velocities,
based on 3 second gusts. A table (Table C6-7 apteh 6 of ASCE 7-05) of conversion
factors is provided to convert from a 50 year MRlogity to a 500, 200, 100, 25, 10 or 5

year velocities. These factors are based on datagfof a Type | Extreme Value
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Distribution to measured wind speed data. A foanidr calculating the conversion
factor for any interval period for non-hurricangyimns (as defined in ASCE 7-05) has
been given by Peterka and Shahid (1998):

f, = 036+ 010In(12* R) (2.8)

where
fr = conversion factor from MRI = 50 to MRIR
R = mean recurrence interval period of interestaarg (e.g., 10 years)

Research done by Thom (1954, 1960 and 1968) resuttepublished papers that
provided wind velocity maps of 2, 50 and 100 ye&IM along with an easy method of
determining wind velocities for any other MRI. Cpaning Thom (1960) with ASCE 7-
05 reveals extremely similar factors (1.08 from ihes. 1.07 from ASCE 7-05) for
converting a 50 year wind velocity to a 100 yeandvivelocity indicating similar
probabilistic assumptions and data fitting techemjuMehta (1983) presents wind speed
conversion factors for 5, 10, 20 and 25 year MR statistical analysis by Rosowsky
(1995) on raw wind speed data that was used inl¢hrelopment of ASCE 7 determined
conversion factors for reduced reference periodtherbasis of maintaining comparable
load exceedence probabilities. Rosowsky provideéabée (Table 2.4) for converting
from the base 50 year 3 second wind gust velooit§.5, 1, 2, 5, 25 or 100 year mean
wind speeds and a logarithmic scale plot (FigudeRfor determining other reference
periods. This data is useful as the shortest MBI ASCE provides is 5 years, although
Equation 2.8 (which is not given in ASCE 7-05) ¢enused to calculate other values.
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Table 2.4: Factors for Reduced MRI's

Factors for Reduced MRI's, non-
hurricane regions
MRI ASCE 7-05 Rosowsky
0.5 - 0.62
1 - 0.67
2 - 0.72
5 0.78 0.80
10 0.84 -
25 0.93 0.94
50 1.00 1.00
100 1.07 1.07
200 1.14 -
500 1.23 -
1.2
-
11 _ —
§ 0.8 | | - - -:”_/
E __—/
c 0.6 |
S
= 0.4
B .
0.2
0 T
0.1 1 10 100

log (reference period, years)

mean wind = = r'max. wind ‘

Figure 2.13: Factors for Reduced MRI's®

Note that the conversion factors given by Rosowasleyfor non-hurricane regions only.
Hurricane regions were not considered in the stwflich brings up the issue of site
dependence. Conversion factors are dependenteoretiurrence interval of the wind
speed in question and are therefore site specifieor example, the calculated
modification factors for wind speeds measured intre¢ Kansas may be very different
than those calculated for wind speeds measuredritinern California which are very
different than those based on wind speeds in soutRrida. However, to provide

2 Reprinted from Structural Safety, Vol. 17, RosowdR.V., Estimation of Design Loads for Reduced
Reference Periods, pp. 17-32, Copyright (1995} wérmission from Elsevier
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simplified design wind speed values, the continedtated States is broken down into

two wind regions: hurricane and non-hurricane regio

Providing a method to find wind velocities assasihtvith any MRI is an important and
necessary reference for any design engineer, edlyewith the rising popularity of limit
state design and performance based engineeringn &gample, if a structure is going to
be obsolete or demolished after 3 years then itamaknse to design for a reduced MRI.
Another example is the calculation of constructimads. If the probability of exceeding
a limit in a certain period of time is determinéwm the needs of the owner or based on

the building usage, the design MRI can be deterdhirem the following equation:

1
R=——— 2.9
1-@-PR,)"" (@9)
where
R = design MRI
Pn= probability of failure during n years (0 to 1.0)

n = period in question, years

Similarly, ASCE 7-05 gives the following informatioin the Chapter 6 Commentary
(ASCE 2005):

The probabilityP, that the wind speed associated with a certainarprobabilityP, will

be equaled or exceeded at least once during arsasgperiod oh years is given by
P,=1-(-PR)" (2.10)

and values oP, for various values dP, andn are listed in Table C6-6. As an example,
if a design wind speed is based upgtan= 0.02 (50 year mean recurrence interval), there
exists a probability of 0.40 that this speed wal dqualed or exceeded during a 25-year
period, and a 0.64 probability of being equaledxaeeded in a 50-year period.
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While the above equation may be useful, the autals that the MRI should be directly
related to the acceptable damage threshold —hieesérviceability wind velocity should
be a function of acceptable damage (depending el gsst of repair (material) and

recurrence interval.

2.4.1.2 Wind Velocity
There are several methods of measuring average sygedd including the fastest mile

(the time it takes for one mile of air to passg thean hourly (average wind speed over
one hour), the 3 second gust (average wind speed aw second period) and others.
Prior to ASCE 7-95 the wind velocities were basedtloe fastest mile wind speed, a
measurement that the National Weather Service wiisaeed in favor of the 3 second
peak gusts. To convert from the ASCE 7-93 wind mapich provided fastest-mile
speeds, to the new peak 3 second gusts map, a staslyundertaken in which a
conversion factor of 1.2 was deemed reasonable E€PM94, p. 7). The study which
produced this conversion factor has been callezlgoestion by Simiet al. (2003) who
points out several reasons why the new 3 secortdsgeeds can cause overestimation or
underestimation of the wind load, depending onldlwation. It is pointed out that the
study was not widespread enough to produce relddiie, especially for hurricane prone

areas.

In the United States wind velocities (3 second pgadts) are gathered through National
Weather Service anemometer readings, typically distance 10 m (33 feet) above the
ground. These readings, whose accuracy is deperaterseveral factors such as
anemometer type, measuring/gathering techniqueshan analyzed and an appropriate
probabilistic distribution is assumed and usedttthe data. The result of this work, for
the designing structural engineer, is simplifiechdvicontour maps such as the ones in
ASCE 7-05. A great deal of debate and researchbbas conducted regarding which
methods of extreme wind distribution are the mastueate, the scope of which is beyond

this discussion.
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2.4.1.3 Topography and Roughness of the SurroundjnTerrain
The influence of terrain topography is site depend@ad requires engineering judgment.

Most analytical and simplified techniques employ tisse of a topographic exposure
factor which is applied to the wind pressure toocact for the effects of surrounding
terrain. Wind tunnels, through scale modeling led surroundings, are able to better

account for these effects and in turn produce raocerate results.

2.4.1.4 Wind Directionality
Wind loads are calculated based on the assumghtantihe wind is blowing at a right

angle to the building face, regardless of the specific wind characteristics. This
conservative approach has led to the developmerthefwind directionality factor
(Davenport 1977, Ellingwoodt al 1980). This factor accounts for two effects; The
reduced probability of maximum winds coming fronyajiven direction (2) the reduced
probability of the maximum pressure coefficient weimng for any given wind direction
(ASCE 7-05).

It is important to note when the wind directionalfactor is applicable in calculating
wind loads and the following discussion pertainABCE 7. There has always been a
wind directionality factor (designated Kg) but prior to ASCE 7-98 it was included in
the load factor of 1.3 that is applied to wind imetstrength loading combination.
Currently the wind directionality factor, which camly be used in the strength loading
combinations, has been separated from the loadrfattl.3 which is why the load factor
is now 1.6. For the great majority of building® thind directionality factor is 0.85 and
0.85*1.6=1.36, which is nearly the same load faagbefore.

Several researchers (Rigabal. 2001, Heckert and Simiu 1998) have pointed out tha
the wind directionality factor is dependent on thean return interval. The study by
Rigatoet al. makes use of database assisted design (refectois2.3.5 of this thesis) to
investigate wind directionality effects. It is stio that for a 50 year MRI wind load, the
wind directionality factor is approximately 0.86efy close to the code prescribe 0.85)
while for a 500 year MRI the factor is approximgt€.95. The writers “ascribe the
increase of the wind directionality reduction factath mean recurrence interval to the
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greater chance that a directionally unfavorablensé wind would affect the structure in,
say, 2,000 years than in, say, 25 years.” Byshise line of reasoning, would the factor

decrease for a short, say 10 year, MRI? The asithmnot investigate this question.

If the wind directionality factor is meant to acobufor the reduced probability of
maximum winds coming from the most unfavorable aion for building response, the
factor should also be applicable to serviceabWityd loads, and possibly with a greater
reduction than 0.85. The current use of the wimdctionality factor is confusing and

should be revised to account for its dependenadd@winds MRI.

2.4.1.5 The Buildings Dynamic Characteristics
The rigidity of a building in the along-wind dirémh affects the loads that it experiences.

A very rigid building will not move much in the wdnand the effect of wind gusts
magnifying the building motion is negligible, leadi to a simplified analytical
expression for wind pressures. For flexible stes the load magnification effect
caused by gusts in resonance with along-wind vitmatis more apparent and needs to be
taken into account when calculating wind pressuiegain, analytical techniques tend to
be conservative and wind tunnel testing, dependmthe model used, can provide more

accurate results.

2.4.1.6 Building Shape
The physical shape of a building greatly affectsgtructural-wind interaction, especially

the torsional component of response. Specificatitend to be very conservative
regarding the influence of building shape and foggular, tall or slender buildings wind

tunnel testing is highly recommended. For low-asel commonly constructed buildings
the most significant effect of the building shapeoints of high cladding pressures and

possible channeling effects on pedestrians.

2.4.1.7 Shielding (Interference) Effects
In a heavily built-up urban environment the windds a building experience are heavily

dependent on the surrounding buildings. Theseosnding buildings may either shield
the building completely or channel wind directlyt@the building. The influence can be
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substantial, as demonstrated in a lawsuit filedhim 1970’s by the owners of several
buildings in the vicinity of the World Trade Cenf€owers in New York who claimed
their buildings were experiencing “unusual, inceshsand unnatural wind pressures”

(Kwok 1989) due to the newly constructed Towers.

Wind tunnel testing is a valuable resource for @ering the effects of surrounding
structures and the differences between code laadisvand tunnel loads are most heavily
dependent on the shielding or interference effeelswever, wind tunnel loads below 80
percent of the code loads may not be used forgtinestesign, unless it is shown that it's
the shape of the structure, not the shielding &ffebich is giving the results (ASCE 7-
05). For drift considerations, there are no gumsks. It may be reasonable to use the
lower wind tunnel loads for drift calculations ihé shielding can be justified and
expected to stay in place. Regardless, considerabyineering judgment is required

with respect to the issue of shielding.

2.4.2 Code Determined Wind Loads
For the great majority of buildings designed thelecdefined wind loads are adequate.

Advanced testing in a wind tunnel is not viable $averal reasons including the cost,
time, required resources and the fact that in ttedirpinary design stage a number of
building shapes may be considered. Building caalesgenerally able to account for
items 1 through 5 below and using the code metbaal rielatively straightforward and
familiar process for most designers.

1. the mean recurrence interval (MRI)

2. the wind velocity, which is a function of the remmce interval and the
geographic location
topography and roughness of the surrounding terrain
variation in wind speed with the wind directionrgitionality factors)

the buildings dynamic characteristics

o 0k~ w

the buildings shape
7. shielding effects from adjacent buildings
(Building codes are not able to account for iteman@ 7 of the aforementioned list,

which is why they are listed in italics).
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The first step in using the code approach is terdehe the wind velocity or pressure
associated with the selected MRI. Velocities, dejieg on the code being used, can be
based on 3 second gust wind speeds, 10 minute miegnspeeds, mean hourly wind

speeds or fastest mile wind speeds.

Most international codes and standards make udbeeofGLF, or gust loading factor,
(Davenport 1967) to determine the equivalent stbag-wind loading on a structure. It
should be noted that no matter what averaging tqakns used the wind pressure at a
given location for a given return interval is tharee. In other words the calculated wind
pressure on a building is independent of the awegatpchnique used to determine the
wind speed. Although the traditional GLF methodwes an accurate estimation of the
displacement response, it may fall short in prowgda reliable estimate of dynamic
response components which is why a more consipregedure for determining design
loads on tall structures has been proposed (ZhduKameem 2001). Interested readers

are directed to the reference.

Aside from how code specified wind velocities aexided, there are other factors that
affect the calculated wind load. All major codesaldwith these factors in similar ways:
through the use of modification factors which gpeleed to the wind velocity. Focusing
on the analytical approach defined in ASCE 7-O%eatw the presence of a gust effect

factor, a wind directionality factor, an importarfeetor and a topographic factor.

2.4.3 Code Comparisons
Several studies have been carried out to compawechdes differ in treating wind loads

on structures. A comparative study (Zhedwal. 2002) among the major codes employing
gust loading factors, ASCE 7-98nited States AS1170.2-8%Australig, NBC-1995
(Canad® RLB-AIJ-1993 (Japaf, and Eurocode-1993Europg shows considerable
differences in predicted along-wind loads. Thedernces are attributed to variations
in the definition of wind field characteristics the respective codes and standards. To
examine the validity of the different codes a stiyjewski and Kareem, 1998) was
carried out to compare different code derived alemgd acceleration response with

wind tunnel derived response. Comparisons wereenh@tiveen peak and RMS along-
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wind accelerations, found from codes and from adwimnel test. ASCE 7-95 and AlJ
(the Japanese code) data matched well with the wameel results. The above
mentioned study also compared how different codes @ith across-wind and torsional
effects. The national codes of Australia, Canadd #apan all contain procedures for
determining across wind accelerations while thedape code is the only one to address
torsional-induced lateral accelerations. For tbhess-wind RMS (root mean square)
acceleration the Australian Standard was the ddedable wind tunnel results and for the
torsional-induced acceleration the Japanese Recaduatiens proved quite accurate.
These results should not come as a surprise asntip@rical expressions are based on
wind tunnel experiments. If anything the study faoms the effectiveness of using wind

tunnel experiments to derive empirical formuladeast for regularly shaped buildings.

It should be noted that it is difficult to validatbe actual wind loads a structure
experiences. It is possible to obtain actual bogdladding pressures due to wind but
the most common way of validation is by comparingasured response (from a wind
tunnel, as in the above study, or in situ testimgth predicted response. However,
because empirical formulas are developed from wimndel tests the only real method of
validation is through field measurements. If theponses are close then the loads must
be correct; but comparing responses is much difftdl@n comparing the actual loads the
building feels. The response is dependent, iredsfit amounts, on the mass, damping
and stiffness of the structure while the wind Idatt by the structure is relatively
independent of the structure’s dynamic properti€sese limitations must be considered

when one makes comparisons.

2.4.4 Wind Tunnel Testing
The turbulent nature of the wind near the surfaddh® earth, due to friction between the

air and the earth’s surface, requires special @temn wind tunnels. For that reason the
wind tunnels used in structural applications diffeemendously from those used in
aeronautical applications. They must take intcoant the effects of this interaction in
the boundary layer, leading to the name “boundaygil wind tunnel” or BLWT. These

tunnels, by having a roughened floor and turbulegeeerators, are able to correctly

simulate the wind profile and turbulence. The lany layer wind tunnel has facilitated
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the design of many structures and the developméra generation of codes and
specifications. It is a powerful tool for both easchers and professional engineers in the
design field, and truly is the State of the Arttall building design. Additionally, the
price of testing has decreased over the years,ingetre wind tunnel isn’t just for super-
tall buildings anymore. Wind tunnel testing caroypde more realistic loads than
traditionally conservative code loads and the cthstg save through this can make tunnel
testing a viable option for 10 (in hurricane proagions) and 22 (in non-hurricane prone
regions) story buildings and up (Gamble 2003).guFe 2.14 demonstrates the disparity
in wind loads for a regular shaped, medium heighiding. (Figure 2.14 is shown for
illustrative purposes and is only one example wirad tunnel test).

WIND TUNNEL CODE
TEST

Height (m)

OO T O T yr ey =

{1077 (T T [y ooy

Wind Load
Figure 2.14 Wind Tunnel vs. Code Derived Wind Loads (Gamble)

There are three basic types of wind tunnel modg)srigid pressure model; (2) rigid high
frequency force balance model; (3) aeroelastic mo@ae or more of these models may
be used in building design depending on the neédseoengineer. ASCE publishes a

® Reprinted with permission by STRUCTURE® magaziftovember 2003
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manual tittedwind Tunnel Model Studies of Buildings and Stries¢ASCE 1998) that

provides useful information on wind tunnel testing.

2.4.4.1 Rigid Pressure Model
The rigid pressure model is the simplest wind tmmedel to build as it just needs to

match the physical features, typically at a scdlel:d00 or 1:500, of the prototype
building. There is no need to model the masdnssk or damping of the building. This
model is commonly constructed of Plexiglas with dn@als of pressure taps to measure
the wind induced pressure, which can then be coewethrough probabilistic methods
and data fitting, to find peak loads on the claddiAs it is necessary to simulate the near
field characteristics, surrounding buildings arengyally modeled using polystyrene

foam.

Although the rigid pressure model is primarily usedbtain local pressure distributions
to aid in glass/cladding design, for dynamicallgansitive buildings the data can be used
to obtain overall structural loads. Given that & rigid, the dynamic response
characteristics are not directly obtained nor &feces from wind gusts in resonance with
the building motion. In tall or flexible buildinghe dynamic component of the loading
can be dominant and the rigid pressure model magrely underestimate the actual
loading. This method is considered adequate fodimgis with a height-to-weight ratio
of less than five (Taranath 1998).

2.4.4.2 Rigid High Frequency Force Balance Models
The high frequency force balance (HFFB) model canubed to directly obtain wind

induced dynamic forces acting on the two fundaniesteay and the fundamental
torsional modes of vibration. Floor shears, ovaitig and torsional moments due to the
wind loads and the acceleration at the top of thilimg can be determined through this
method. Tip displacements of the model can berated through the use of strain
gauges. An advantage of the HFFB model is thatait account for the dynamic
component of the wind load without reference to pinetotype buildings stiffness and
mass. If desired, the designer can then use the fdam the test to determine the

dynamic response of alternate structural systentss benefit along with the short time
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period needed to model and test the structure c@jlyi two days) makes the high

frequency force balance model a valuable design aid

2.4.4.3 Aeroelastic Models
Aeroelastic models are the most complex in thay theust correctly represent the

stiffness, damping and mass of the prototype mgldiAccelerations are obtained as are
lateral forces and moments due to the wind loadinihese models are difficult to
construct and complete testing can take from tetwilve weeks, making aeroelastic
models the most time consuming and typically thestmexpensive of all wind tunnel
tests. However, these models are the best at raaptthe dynamic behavior of a
structure, particularly when vortex shedding argliltng across-wind accelerations are a
design concern. It should be noted that aeroelastidels cannot provide wind pressures
for cladding design and do not directly providedipplacements. Tip displacements can
be obtained through double integration of the réedracceleration, which can be prone
to error when the signals are small. A laser megsant technique (Balendet al.
2005) has been developed that allows direct dispi@nt measurement and provides

results consistent with the conventional strainggaderived displacements.

The choice of if a wind tunnel test is a necess#eyp in the design of a building, and the
ensuing choice of an appropriate model requiresMeunige of what is desired by the
engineer. This may simply be the exterior presstwe cladding design or could be the
complete dynamic behavior of the structure in Bt&pon with the surroundings to
determine maximum accelerations. Time, cost aedréguired information all play a

role in determining if, and if so, what type of witunnel testing is necessary.

2.4.5 Database Assisted Design
Codes and specifications are by default based raplidied formulas, tables, and plots

leading to designs which may be inconsistent webpect to serviceability and risk
considerations. A study by Simiu and Stathopoul®897) has shown that these
inconsistencies include gust response factorsidgadt buildings, across-wind response of
tall buildings, wind load factors, directional wiredfects, dependence of aerodynamic

coefficients on building geometry, and the estioratof wind effects on non-linear
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structures. As a result, the accuracy of wind $oaplplied to the structure is not up to par

with the accuracy of currently available structwtasign software.

This discrepancy between the accuracy of loadstlam@ccuracy of analysis techniques
can be reduced by utilizing the computational resesi available today. One method is
Database Assisted Design or DAD for short. Forséoly of DAD the interested reader
is referred to Fenvest al. (1995). DAD relies on powerful computers and wafe
applications to define wind loads on a structum®ugh an extensive library of wind
tunnel test results and a known building size aaongetry. The DAD approach entails
the use of large databases of aerodynamic presdhee®ptional use of databases of
directional extreme wind speeds, and the use ottstral information needed for the
description of linear or nonlinear structural bebayWhalenet al. 2002). The outcome
of this approach is increased economy and safere nek-consistent structures. A study
by Seokkwonet al. (2002 ) comparing the “estimated wind load capesdf low-rise
steel building frames based on loading patterngyfiiadeand distribution) established
from aerodynamic databases on the one hamd,on patterns specified in the ASCE 7
Standard onthe other demonstrates that DAD can lead to safsigds at lower costs.”
The research on DAD has focused on reliability ysialand design of low rise steel
frames. However, DAD has the capability of becaynan powerful design aid with
respect to wind loads, especially for commonly ¢atsed building geometries such as

low-rise, gable-roof steel structures.

2.4.6 Computational Fluid Dynamics
Possibly the future of wind engineering, computadidiuid dynamics, or CFD for short,

refers to how one treats a continuous fluid inscditized way using computer software.
Currently CFD can be used to model air flow in alding, in an environment or to

investigate how air moves around an object. Progicaccurate pressure loads on
buildings is another issue. Wright (2004) pointg that several major drawbacks of
CFD: it can only solve steady state flow, the cbai€ a turbulence model is crucial and
that modeling the atmospheric boundary layer ifadit. Recent work by Hajj (2004)

and many others has sought to address these isgmesverview of the current state of

CFD in wind engineering applications is presentgd/linrakami (2004).
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Despite the challenges that lie ahead in the fadldomputation fluid dynamics, it is
envisioned that this technology will one day be Eyed to analytically model wind
loads on structures. Today an actual historicahgaake record can be applied to an
analytical or experimental building model. In theture, will a historical hurricane or

tornado be simulated to assist in design? It iunceasonable to think so.

2.5 Building Response
Measuring the full-scale in situ response of acitme to actual loads is beneficial in that

the collected data may be used to validate (orroNg) design procedures and design
methods and reveal unsafe or uneconomical desigisides. The measured response
can then be compared to the predicted respons®, baih finite element software and

wind tunnel methods, to provide valuable informatior the engineering community.

A pioneer in many respects, Gustave Eiffel was geshthe earliest to research building
action under the dynamic effects of wind. In orfetlme first instances of field
measurements, Eiffel found the sway of his 986 fmwoter to be roughly 2.5 inches
(Taranath 1998). This corresponds to a drift ratioH/5000, a ratio that would be
economically prohibitive to design for today whesteptable conservative limits hover
around H/500. Around the same time as Eiffel’s sneaments, the sway of Chicago’s
16 story Monadnock Building was being measureduphothe use of a plumb bob
suspended in the stair shaft from the top floorcc@kding to the “plumb bob data” and
the use of a survey transit the building was deteeth to sway roughly 1.5 inches
(Taranath 1998). This corresponds to a likewisgseovative total drift ratio of H/1600,
not too surprising for a building with 12 foot tkitbad-bearing walls. The action of the
Empire State Building under wind loads was obsetwe@athbun (1940), who wrote an
ASCE published paper in which he compared the mgladscillations to the tines of a
tuning fork. The re-emergence of super-tall buidi in the 1960’s and the development
of new technology, such as boundary layer wind élinesting, accelerometers and
computers, has spurred the instrumentation of nimulgings, a trend that continues to

this day.
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2.5.1 Methods of Measuring Response
There are many uncertainties involved in the desiga structure: damping values are at

best an educated guess, wind loads are approxinaa@dhe overall stiffness may be
greater than estimated due to contributions froennthnstructural components. To avoid
compounding these sources of uncertainty it isrdbl to use accurate, precise and
dependable tools to measure actual building regpoAspopular method used to capture
the dynamic response of a structure is installiogeberometers at specific building
locations. These devices capture the buildingselacation (at the accelerometer
location) and allow dynamic characteristics of thailding to be determined.
Accelerometers have been used for some time bututhee of building monitoring may

be in satellites.

2.5.1.1 Real Time Kinematic Global Positioning Sysm (GPS)
The main appeal of using GPS to record respongkatsthe total displacement, both

static and dynamic components, can be measurecalgkometers can only capture the
dynamic component of displacement. However, tlaeeeseveral distinct disadvantages
to using GPS (Tamurat al. 2000): the natural frequency of the building mustléss
than 2 Hz and the tip displacement must be grélater 2 cm. As more accurate systems
are developed better results can be expected butrth obstacle that is unavoidable is
that GPS relies on satellite communication to fiomct When the signals are blocked or
not enough satellites are present, the measurencantde disrupted. This can be a
problem in dense urban environments. Despite @8#S accuracy has shown to compare
very well with accelerometers in a recent studyjgWski-Correaet al. 2005): GPS RMS
acceleration errors (found through differentiatthg displacements twice) were roughly
+5.5 percent of the accelerometer errors. Theoti€&PS to monitor building movement
shows potential for future instrumentation and usrently being used in the Chicago

Full-Scale Monitoring Program (discussed in Secfdn?2.1).

2.5.2 Boundary Layer Wind Tunnel vs. Full Scale Coiparisons
For the majority of buildings designed a wind tuinsieidy is simply not necessary. In

these cases the designer will most likely resorth® code specified procedure for
determining appropriate wind loads. It is impottemvalidate the effectiveness of code
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loads and design assumptions by comparing windeludata, in-situ data and code
derived data for a wide variety of building geonesty heights and locations. When this
is done refinements to the codes and to wind tummethods can be properly
accomplished.

The evaluation of wind loads on buildings is catrieut mainly by using codes and
standards, whose specifications are generally basedind tunnel tests performed on
isolated structures in an open terrain. Howevdnrag been shown by several researchers
that wind loads on buildings in realistic enviromteemay be considerably different from
those measured on isolated buildings, becauseeo$dkcalled interference effects from
nearby structures (Khandari 1998). The disparitietsveen code loads and wind tunnel
derived loads are mostly due to the interferendectf but also due to the geometry
differences, as code defined loads are based ativedy simple building plans. A study
(Stathopoulos 1984) on low rise buildings in thegaence of larger buildings, comparing
the National Building Code of Canada and the AN&n8ard to wind tunnel loads,
shows underestimations as great as 46 percentesesiimation as large as 525 percent

due to necessary generalizations in the code $petins.

In a separate study (Taranath 1998) comparisongebet code values and wind tunnel
values were made for twenty-four buildings locatedseveral major North American
cities. Building shapes varied from simple boxeligeometries to complex, highly
irregular forms and ranged in height from 460 td3Xeet. Using base overturning
moments as points of comparison, ASCE 7-88 andNdtenal Building Code of Canada
(NBCC) values were compared with wind tunnel daBn average the wind tunnel data
resulted in base overturning moments 13 percesttlean the ASCE 7-88 values and 17
percent less than the NBCC values. In these cHsescodes were found to be
conservative, as expected, when compared with timel wunnel studies. However,
roughly 25 percent of the buildings, as comparedA8CE 7-88 and 15 percent as
compared to NBCC, exceeded the code values. Isethmases the code was
unconservative. The complex interaction of wina@dimg, location topography and

building dynamic characteristics indicate that witehnel studies are advisable when
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dealing with unique conditions. Unique conditiara, be considered as the following: a
flexible structure (natural frequencies below 1 Hm) irregularly shaped building or a
building that may be affected by the channelingbaffeting of wind due to nearby

structures.

2.5.2.1 High-rise Buildings
Although high-rise building design is the exceptrather than the norm for the typical

design firm, tall buildings are more sensitive tmavioading and are therefore commonly
studied in the wind tunnel. Validating wind tunmekthods for tall building design is
integral to satisfying serviceability consideragoiGiven that wind tunnel data is already
available the buildings are prime candidates forlding instrumentation, as the
following examples (far from a comprehensive revighich is beyond the scope of this

discussion) demonstrate.

A 47 Story Building, Houston Texas
An excellent example of a wind sensitive buildihgttwas highly under-designed due to
the prescribed code loads and technology at the tias been presented in a conference
paper by Griffis (1996). The general findings aaclusions will be summarized here,
as this building demonstrates the importance ofyjdeyy to control drift.

The building, a 628 foot tall, 47 story unbracedestframed skyscraper located in
downtown Houston, exhibited poor performance unaeral loads from the beginning.
It was designed in 1971 according to the 199%$C Specification for the Design,
Fabrication and Erection of Structural Steel for iBlings and for the wind loads
prescribed by the local building code which reqdii2® PSF up to sixty feet and 30 PSF
for the remaining height. In addition to the grosslerestimation of the equivalent static
loads by the code the following statements abait#sign can be made:

» Serviceability was not considered and a drift limés not imposed

» Second order effects were neglected for the leemlemns and all girders

* Shear deformations were excluded
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* Panel zone deformations were excluded

* Center-to-center dimensions were used

Complaints from the occupants and owners describ@ide generated by building
components such as the glass curtainwall, parsitiosilings, etc. during common wind
events. Motion perception was also reported, thaatga far lower frequency. Cracking
and damage to nonstructural components was a conprairiem. During Hurricane
Alicia, a category 3 storm that made landfall inglst 1983, the building experienced an
estimated gradient wind speed of 82 mph. It igreged that interstory drift ratios of
0.035 (h/29) in the upper stories and 0.018 (hibGhe lower stories were experienced
(Griffis 1996).

After the storm a force balance model of the buaddivas evaluated in a boundary layer
wind tunnel. The base moments obtained from thidysindicate that the building came
close to its ultimate strength and in fact the gsialresults in failure if a damping value
less than 4 percent is used. A field investigatbérihe building found no cracking in
susceptible welds at beam to column joints and kihiéding was determined to be
vertically plumb within acceptable erection limit$he structure remained elastic during
this major event. Although the building withstoadlesign event the assumptions made
by the code and in the analysis resulted in a tradhat was inadequate with respect to
serviceability. In 1994 the building was retrdiit satisfy current codes and to better
serve the tenants. On each side of the buildirgdfvthe exterior columns were made
composite and 9 story tall diagonal steel X-bracimgs added between these newly

composite columns (Colaet al. 2000).

Allied Bank Plaza, Houston Texas
(Note that this building is now known by the namé/élls Fargo Bank Plaza”).
Completed in late 1982, Allied Bank Plaza (as isvkaown at the time) is a 71 story
steel framed office building located in downtownudton. Due to its height and location
in a hurricane prone area, a wind tunnel modelystuds conducted at the Boundary

Layer Wind Tunnel Laboratory at the University oe%tern Ontario to aid in designing
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for the wind loads, including hurricanes. The mosdas an aeroelastic one, performed
for a variety of wind directions and speeds. Thengleted building was instrumented
with accelerometers on the top floor, oriented e tgeneral direction of the two

fundamental sway modes, to monitor the dynamic aiese characteristics of the
structure. On August 18, 1983 the building experésl what could be considered a
major wind event when Hurricane Alicia made lanidfaHouston. The recorded fastest-
mile winds came very close to exceeding the co@eiipd 90 mph winds for a 50 year
mean recurrence interval. Accelerometers had tonbaually activated as the storm
made landfall and the technician responsible far tisky job reported trouble walking,

(Dalgliesh and Surry 2003) an observation that kates confirmed by the measured data.

Comparisons between the predicted and actual aateles showed strong agreement
and the following conclusions were drawn (Powel &eorgiou 1987, Taranath 1998):

» Lateral loads were estimated to be close to 75emerof the design loads
(Isyumov and Halvorson 1986).

» Building accelerations reached at least 50 mil§i-g’

* The magnitude of the loads matched well with theoe@astic wind tunnel
model while the Houston code wind loads overesthahe mean loads by
roughly 100 percent.

* The mean wind loads represented only 20-30 perakthe total structural
loads, indicating the importance of the dynamieetf of wind gusts.

» Predicted total drift in the two fundamental swasections (2.5 and 2 feet)
compared somewhat well with the measured valué8 @ad 1.25 feet).

* No evidence of structural distress was evidenbhéinstorms aftermath.

In this case the wind tunnel testing proved to bitegaccurate as compared to measured

response.
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Di Wang Tower, Shenzhen China
Di Wang Tower is a 1066 foot tall building with &ight to width ratio of about nine,
located in a typhoon prone region of China. Thes##8y building is composed of a
reinforced concrete core wall coupled with perimateel frames. Di Wang Tower was
modeled using a high frequency force balance maddltested at the Boundary Layer
Wind Tunnel Laboratory at the University of Westéntario to determine overall wind
loads and the dynamic properties. Accelerometegse wnstalled in the completed
building to capture actual building performances fftassage of Typhoon Sally in 1996
provided excellent data to compare with the windntl data. Comparisons (kt al.
2004) with respect to accelerations on the toprfiitow excellent agreement between
the force balance model and measured response.difieeences between the field
measurements and the wind tunnel data were iratigerof 4.0-12.5 percent.

Chicago Full-Scale Monitoring Project
This ongoing project (Kijewski-Correat al. 2005) is the result of a joint collaboration
between members of the faculty at the UniversityNuftre Dame, the design firm
Skidmore, Owings & Merrill LLP and the Boundary leayWind Tunnel Laboratory at
the University of Western Ontario. It involves loimg instrumentation, finite element
computer modeling and wind tunnel modeling of 3 talildings in Chicago, whose
names have not been revealed, to validate the tumadel methods commonly used in
design against observed full-scale performance.o Divthe buildings are steel tube
buildings and the other is a concrete shear wadligger system. Such validation,
through determining in-situ periods of vibratiordashamping ratios, is a valuable piece of
information considering the amount of trust designaace in scale model wind tunnel
tests. Each one of the buildings has been insmtedewith four accelerometers to
capture translational and torsional movement, teaél anemometers to provide a more
complete description of wind field characteristadsove downtown Chicago, and high-
precision GPS to capture static and dynamic digpants under wind. To date over 2.5
years of data has been logged with results compavell to FE models. The results are

not publicly available nor are the building nameéghas point in the project. As the
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project continues, more thorough and definitiveatosions are expected with respect to

the validation of wind tunnel methods.

2.5.2.2 Low-rise Buildings
Given that the great majority of constructed staaldings are not super-tall and are

therefore designed using the code approach, iessrable to validate the code defined
winds, through the use of wind tunnel testing amtiscale monitoring of these buildings.
With the powerful capabilities of computer hardwaodtware for modeling and design,
using risk consistent and economically realistindvioads is extremely desirable.

For low-rise buildings perception of motion is likewot a problem and the main benefit
of validating code values is increased economy.

Silsoe Research: Agricultural Buildings
Field measured pressure coefficients on severgklagricultural buildings located in
England were gathered from 1974 onward (Richardgoal. 1997). These buildings
were subsequently modeled, on a 1:100 scale, id 49%he BLWT at the University of
Western Ontario to compare mean pressure coeftgcieRour buildings were tested, all
with sloping roofs from 10 to 15 degrees and reaghan average height of
approximately 20 feet. External pressure coeffitsdor the windward side walls, with
the wind normal to the long wall, show good agreemeBLWT values range from 64
percent to 125 percent of full-scale values, witdpdrities contributed to the absence of
an upwind boundary layer profile for two of the ldings and also to Reynolds number
effects.

Texas Tech University Test Facility

A full scale low-rise building located at Texas Mdgdniversity with pressure taps on the
buildings sides and roof, has been a valuable rels¢aol ever since its inception. The
building was built in 1989 and has dimensions dft8045’ by 13’ high. An article by
Levitan and Mehta (1992) provides full details loé tstructural system and the pressure
monitoring system. The building has been usedditeat data for use in Database
Assisted Design (Het al. 2005), and for use in comparing wind tunnel tésts-situ
measured wind pressures (Dalgliesh and Surry 2@08png many other research

applications.
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2.6 Summary
The review of the literature began with drift lismiéind the definition of damageability. It

was shown that the commonly used interstory daifioris not the best measurement of
damage due to lateral wind loads. The shear sindime material is the true measure of
damage. The drift damage index or DDI was preseasean alternative and its use was
explained through several examples. It was se&n depending on the frame (braced or
unbraced), the interstory drift index may sevemeigcalculate the actual damage in the

buildings partition walls.

Next, the issue of modeling and analysis for winift derviceability was discussed, with
the first topic being sources of stiffness. Thowglurces of stiffness and sources of
deformation can be considered as basically the $himg, the distinction was made that
sources of deformation refer only to material defations. With regards to sources of
stiffness, several studies were presented whicicatel the stiffening effect provided by
nonstructural components. However, more reseacteeded into the issue of how to
incorporate nonstructural components in the araytinodel. The issue of the beam to
column connection flexibility was also discussedhickh may provide additional
unaccounted for stiffness to braced frames and Isingpnnections. As more
experimental work is done, the use of partiallytre@sed connections will grow due to
the added benefits. Next, the effect of the comeadab was discussed with regards to
wind loads. Additional research in this area stidolcus on how much of the slab is
effective at relatively low serviceability wind lIda and the appropriate moment of inertia
(based on percent cracked) to use for the conciéte. action of the slab as a diaphragm

was also discussed.

Sources of deformation were discussed next. Tigng contributions of axial, shear

and flexure to the total lateral drift was illuggd and are discussed in more detail in
Chapter 4. From the 1988 ASCE Survey, it was ddtexd that shear deformation and
the panel zone region are two major sources of tmgdancertainties. Shear area was
discussed with respect to wide flange members amdral formulas were presented to

calculate form factors. The panel zone region eiasussed next. Two mechanical joint
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models, the Krawinkler and the Scissors, were piteseand the Scissors model was
discussed in detail. Shortcomings of present jonatdeling techniques were shown.
Finally P-Delta effects were brought up and howeddnt structural software programs

handle this issue was shown.

Wind loads were discussed next. The mean recwerarierval of loads used for wind
drifts can range from 10 to 50 years depending fwn firm. Wind loads can be
determined from the appropriate code, wind tunasting, or database assisted design.
The code approach, although simple and conveniealy provide unrealistic loads
depending on the terrain and building type and @afl¢ when there is significant
shielding. More research is needed into the winectonality factor K4 in ASCE 7-05)
and its dependence on the wind’s mean return iatenddditional research should also
be done to make sure that the conversion fromdtastéde to 3 second gust velocities in
ASCE 7 was done correctly. Wind tunnel testing wiescussed next. Several types of
wind tunnel models were presented as well as casgabetween the wind tunnel and in
situ testing. The question of whether wind turinalds should be used for serviceability
loads, even if they are below 80 percent of theecddtermined loads (the limit for

strength loads) was brought up.

The future of wind loading may very well be in camgttional fluid dynamics. Research
into this field has really just begun, but a fewaewles were cited. With technology
evolving at the current pace, it is not unrealigtithink that one day wind tunnels will be
obsolete, replaced by powerful computer modeliftvsoe that replicates the structure,

surroundings and the winds dynamic characteristics.

Several cases of measured response were repoMeditoring building behavior is a
necessary tool, one that should be used more oft#1t is gaining ground and is able to
capture both the static and dynamic componentiebtiildings movement. Currently,
GPS technology is being used for the ongoing Chudagl Scale Monitoring Project and

may prove a simpler and less expensive alternativaecelerometers. |If this is the case,
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more buildings should be monitored to add to ouwtewstanding of real world building

behavior.
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Chapter 3
Test Building Modeling and Analysis

3.1 Overview
Present day computers and software are powerfus tfws the design engineer but

require accurate input to produce reliable resulfor a given structure there are a
number of assumptions regarding structural moddiiveg affect the building’'s lateral
stiffness. Many of these assumptions, such asided sources of deformation, beam-
column joint modeling, composite action, nonstrugklcomponents and second order
effects were discussed in the literature reviewhisTchapter aims to illustrate some of
these assumptions and their resulting effects given building’s lateral response under
a ten year MRI wind load.

The structural system of the analytical buildingliscussed first, along with the design of
the gravity and lateral load resisting system. tNbg lateral loads are calculated based
on Method 2 of ASCE 7-05, the Analytical MethodheTwind loads are determined for
both strength (a 50 year MRI wind, with applicaldad factor) and serviceability (a 10
year MRI wind, with no load factor). Finally tl@alytical models are presented. Points
of comparison between the models are made basefisplacement vs. height and the
periods of the first six modes. Observationsraegle and the relative merits of each

model are examined.

3.2 Test Building: Structural System
Located in Jersey City, NJ the hypothetical buddthat was modeled is a rectangular

(100 ft by 150 ft plan dimensions) ten-story ste@lding with four braced frames in the
short direction and two moment frames in the lomgation. (It is the same building used
in the Wind Drift Survey and the reader is directed\ppendix A for complete building

details, including site location, member sizes audvity loads.) Beam and brace

connections in the braced frames and gravity frawere modeled as pinned while beam
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connections in the moment frame were modeled dy fided. The floors are all
modeled as rigid diaphragms, an assumption thatmoape valid when stiff shear walls
are used (see Section 2.3.4.1 of this thesis). bliilding supports were modeled as fully
fixed in the moment frame direction and pinned he braced frame direction. The
braces are rectangular HSS sections and all otkerbars are typical rolled W-sections.
The LRFD design philosophy was employed and membene designed to satisfy
current ASCE 7 (ASCE 2005) load combinations.

3.2.1 Computer Software
SAP2000 Version 9 (Computer and Structures 2005 used to perform all of the

building modeling and analysis. Modeling was dameéhree-dimensions and analysis
cases were linear elastic, with the exception ef RaDelta effects. KeySolver (Pathak
2004), a finite element analysis program that is &bread SAP data files, was also used.
Through the principle of virtual work, KeySolverable to quantify the different sources
of deformation contributing to the displacemena apecific building location. Chapter 4
of this thesis also utilizes KeySolver, and mor®rmation on this program and how it

utilizes the principle of virtual work is availabtleere.

3.3 Lateral Loads
The determination of all of the wind loads was lblase ASCE 7 (ASCE 2005), which

uses average 3 second gusts at 33 ft above thadyemithe standard of measurement.
The Analytical Method (ASCE 7-05 Section 6.5) wagsdito go from the map obtained
wind velocities to building velocity pressures atle level of the building. The velocity
pressure is given by ASCE 7-05 Equation 6-15 andeitned as follows: “Velocity

pressurey, evaluated at heiglatshall be calculated by the following equation:”
q, = 0.00256<,K K V?l (psf) (3.1)
where
K. = velocity pressure exposure coefficient (ASCE 7S@stion 6.5.6.6)

Kzt = topographic factor (ASCE 7-05 Section 6.5.7.2)
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Kg = wind directionality factor (ASCE 7-05 Section 8L3})
V = basic wind speed, mph (ASCE 7-05 Figure 6-1)
| = importance factor (ASCE 7-05 Section 6.5.5)

The windward and leeward pressures are combinegbtain the total wind pressure

acting in any given direction.

3.3.1 Wind Loads: Strength Design
For the strength design of the members a 50 yeanmeturn interval was used for the

wind loads. An Exposure Category C was selectsgdan the buildings location and
surrounding terrain (see Appendix A, Figure 1).eTmoice of an Exposure Category is
based on subjective opinion, and is not alwaysrdbesd the engineer must use his/her
best judgment to make this decision. Using ASCH57the following values were

obtained for use in Equation 3.1:

2la
K, = 2.o{i] (3.2)
Zg

z = height at which pressure is to be evaluated (ft)

where

g = terrain exposure constant, based on Exposueg@at C (ASCE 7-05
Table 6-2)
=900
a = terrain exposure constant based on ExposurgQst€ (ASCE 7-05
Table 6-2)
=95
Kx=1.0
Kq = 0.85 (must be used in conjunction with strerigibed load combination
Factors)
V =110 mph (based on Exposure Category C)
1=1.0
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Substituting these values into Equation 3.1 yighasfollowing equation for the velocity

pressureg; as a function of the heigtt,

7 021
=5292 — 3.3
— -

This value ofg, must now be multiplied by a gust effect factor amdexternal pressure

coefficient to obtain the pressures on the windveard leeward faces of the structure.

G = gust effect factor (ASCE 7-05 Section 6.5.8)
=0.85

C, = external pressure coefficient (ASCE 7-05 Secfidnl1.2)
= 0.8 for the windward faces
= -0.5 for the leeward face in the E-W direnti

= -0.4 for the leeward face in the N-S direqti

Note that the negative sign on the external presswefficients indicates that the
pressure is acting away from the face of the bogdind is in effect a suction pressure.
Also C, is based on the ratio & (horizontal dimension of the building normal teeth
wind) to L (horizontal dimension of the building parallelttee wind), which is why the
value differs for the E-W and N-S directions. T¥aocity pressure as a function of
height can now be defined agGC, Multiplying Equation 3.3 byGGC, yields the

following equation for pressure on the building’sdward face only:

7 021
q,GC, = 3599(%} (3.4)

Wind pressure acting on the leeward face of th&limg does not vary with height and is
taken as the pressure evaluated at the mean rmgfthd=or the leeward face in the N-S
direction the following is obtained by combininguggion 3.3 with the appropriate gust

effect factor and external pressure coefficient asidg a mean roof height of 135 ft.
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9hGC, = -12.09 psf (3.5)

Similarly for the leeward face in the E-W directitime following is obtained with the

only difference between Equations 3.5 and 3.6 b#iagxternal pressure coefficients.

0hGGC, = -15.11 psf (3.6)

Now the total pressure can be determined and ctet/ép a point load at each level by
multiplying the pressure by the tributary area.r @ N-S direction (150 ft wide) there
are four braced frames so each frame has a tnbwaith of 37.5 ft and a tributary

height equal to the story height. Table 3.1 sunmearthe calculations.

Table 3.1: 50 Year Wind Loads in the N-S Direction

PRESSURE (psf) Area Point load on each braced
LEVEL | Height (ft) |Windward |Leeward TOTAL (ft2) frame (kips)
2 18 15.56 12.09 27.65 581.25 16.07
3 31 17.70 12.09 29.79 487.5 14.52
4 44 19.06 12.09 31.15 487.5 15.18
5 57 20.13 12.09 32.22 487.5 15.71
6 70 21.02 12.09 33.11 487.5 16.14
7 83 21.78 12.09 33.87 487.5 16.51
8 96 22.46 12.09 34.55 487.5 16.84
9 109 23.07 12.09 35.16 487.5 17.14
10 122 23.62 12.09 35.71 487.5 17.41
R 135 24.13 12.09 36.22 243.75 8.83
TOTAL BASE SHEAR PER BRACED FRAME: 154.36
TOTAL BASE SHEAR =4 frames*154.36 = 617.44 kips

For the E-W direction (100 ft wide) the calculasoare similar except the tributary width
is different and the leeward pressure is differefhere are two moment frames, each
with a tributary width of 50 ft and a tributary gat equal to the story height. Table 3.2

summarizes the calculations.
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Table 3.2: 50 Year Wind Loads in the E-W Direction

PRESSURE (psf) Area Point load on each moment
LEVEL [Height (ft) Windward |Leeward TOTAL (ft?) frame (Kips)
2 18 15.56 15.11 30.67 775 23.77
3 31 17.70 15.11 32.81 650 21.33
4 44 19.06 15.11 34.17 650 22.21
5 57 20.13 15.11 35.24 650 22.90
6 70 21.02 15.11 36.13 650 23.48
7 83 21.78 15.11 36.89 650 23.98
8 96 22.46 15.11 37.57 650 24.42
9 109 23.07 15.11 38.18 650 24.82
10 122 23.62 15.11 38.73 650 25.18
R 135 24.13 15.11 39.24 325 12.75
TOTAL BASE SHEAR PER MOMENT FRAME: 224.84
TOTAL BASE SHEAR = 2 frames*224.84 = 449.68 kips

3.3.2 Wind Loads: Serviceability Design
For the serviceability issue of wind drift a diféet set of lateral loads were used.

Because 50 years is not a reasonable return ihtenvaerviceability a reduced MRI of
10 years, the average occupancy of a building tensas chosen (Galambos and
Ellingwood 1986).

To convert from the 50 year map obtained wind vigjom a 10 year wind velocity a
reduction factor was used. ASCE 7-05 Table C6eXipes reduction factors for other
mean recurrence intervals. Consulting this tadbleduction factor of 0.74 was selected.
Multiplying by the map obtained 50 year wind vetgcyields a velocity of Vioyear =
0.74(110mph) = 81.4 mph

The only other difference for the 10 year wind leaslthe wind directionality factoKq
which now drops out of Equation 3.1. Accordingstxtion 6.5.4.4 of ASCE 7-05, the
wind directionality factor is only applied when dsan conjunction with load
combinations specified in ASCE 7-05 Sections 2d25. (For more information on the
wind directionality factor, please refer to 2.3.104 the literature review). With
everything else remaining the same, Equation 3d13a2 are used to obtain the following

equation for velocity pressure as a function oftibghtz.
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7 021
=3409 — 3.7
a, 9(90()) (3.7)

Once again, this value af, must now be multiplied by a gust effect factor eard
external pressure coefficient to obtain the presswn the windward and leeward faces
of the structure.

G = gust effect factor (ASCE 7-05 Section 6.5.8)
=0.85

C, = external pressure coefficient (ASCE 7-05 Secidnll.2)
= 0.8 for the windward faces
= -0.5 for the leeward face in the E-W direnti

= -0.4 for the leeward face in the N-S directi

The velocity pressure as a function of height caw be defined ag,GC, Multiplying

Equation 3.7 by5G, yields the following for pressure in the windwalidection.

7 021
q,GC, = 23.15{%j (3.8)

For the leeward face in the N-S direction the folloy is obtained by combining
Equation 3.7 with the appropriate gust effect faeiod external pressure coefficient and

using a mean roof height of 135 ft.
ohGGC, = -7.79 psf (3.9)

Similarly for the leeward face in the E-W directitiee following is obtained with the

only difference between Equations 3.9 and 3.10dotia external pressure coefficients.

GG, = -9.73 psf. (3.10)

85



Now the total pressure can be determined and ctet/ép a point load at each level by

multiplying by the tributary area. Table 3.3 sumizes the calculations.

Table 3.3: 10 Year Wind Loads in the N-S Direction

PRESSURE (psf) Area Point load on each braced
LEVEL |Height (ft) Windward |Leeward TOTAL (ftz) frame (kips)
2 18 10.00 7.79 17.79 581.25 10.34
3 31 11.40 7.79 19.19 487.50 9.36
4 44 12.28 7.79 20.07 487.50 9.78
5 57 12.96 7.79 20.75 487.50 10.12
6 70 13.54 7.79 21.33 487.50 10.40
7 83 14.03 7.79 21.82 487.50 10.64
8 96 14.47 7.79 22.26 487.50 10.85
9 109 14.86 7.79 22.65 487.50 11.04
10 122 15.22 7.79 23.01 487.50 11.22
R 135 15.54 7.79 23.33 243.75 5.69
TOTAL BASE SHEAR PER BRACED FRAME: 99.43
TOTAL BASE SHEAR =4 frames*99.43 = 397.72 kips

For the E-W direction the calculations are siméacept the tributary width is different.

Table 3.4 summarizes the calculations.

Table 3.4: 10 Year Wind Loads in the E-W Direction

PRESSURE (psf) Area Point load on each moment
LEVEL [Height (ft) Windward |Leeward TOTAL (ft?) frame (Kips)
2 18 10.00 9.73 19.73 775.00 15.29
3 31 11.40 9.73 21.13 650.00 13.74
4 44 12.28 9.73 22.01 650.00 14.30
5 57 12.96 9.73 22.69 650.00 14.75
6 70 13.54 9.73 23.27 650.00 15.12
7 83 14.03 9.73 23.76 650.00 15.44
8 96 14.47 9.73 24.20 650.00 15.73
9 109 14.86 9.73 24.59 650.00 15.98
10 122 15.22 9.73 24.95 650.00 16.22
R 135 15.54 9.73 25.27 325.00 8.21
TOTAL BASE SHEAR PER MOMENT FRAME: 144.79
TOTAL BASE SHEAR = 2 frames*144.79 = 289.58 kips

3.3.3 Loading Combinations
For the drift calculations the loads applied to stkeicture were unfactored. All of the

building models were subjected to the same unfadt@d year wind loads calculated in

Section 3.3.2 and gravity loads based on the irdtion given in Appendix A.  The full

86



live load was reduced according to Section 4.8 8CEK 7-05. Equation 3.11 shows the

loading combination used for drift calculations.

103 + 1.a_reduced+ 1.0N10year (311)

Only ASCE Wind Loading Case 1, in which 100 perceinthe wind load is applied in

each direction independently, is studied.

3.4 Analytical Building Models
Each of the individual sections in Section 3.4 &®sion the following unique modeling

parameters and how the model is affected by theetmmdassumptions:
» Sources of Deformation
» Second Order P-Delta Effects
* Beam-Column Joint Modeling
* Influence of the Composite Floor Slab
* Survey Live Loads

» Contributing Stiffness of Nonstructural Components

Comparisons are made based on lateral displacerseneight and mode periods.
Tables of program output displacements for allhef inodels can be found in Appendix
B along with periods of the first six modes for leacodel.

3.4.1 Sources of Deformation
The purpose of this section is to investigate tfiece of ignoring certain sources of

deformation in the analytical model. The followipgints must first be made:

* Flexural deformations are always included in alhmbers.

» Axial deformations are always included in the dma@obrace elements
(otherwise the building would not move laterally the braced frame
direction).

* Axial deformations are excluded in beams/columnsabfiificially increasing

the axial area of the elements (applying a segiroperty modifier).
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» Shear deformations are excluded by artificially@asing the shear area of the
elements (applying a section property modifier).
* Joint deformations are not explicitly accounted ot the following can be
said:
o When the joint is considered fully rigid & 1.0; see Section 2.3.3 and
Figure 2.3 for details) there are no deformatienthe joint region.
0 When the joint is considered fully flexibl& = 0) the joint has no
analytical dimensions but additional deformatiores gicked up by the
beams and columns framing into that joint (refefFigure 2.4).

* P-Delta effects are not included for these models.

Table 3.5 shows the progression of the models, ftloenstiffest to the most flexible.
Figure 3.1 illustrates the results for loads apirethe braced frame direction.

Table 3.5: Modeling Parameters

Shear Deformations Axial Deformations
Model # | Z value Beams |Columns | Braces Beams | Columns | Braces
1A 1 no no no no no yes
1B 1 no no no yes yes yes
1C 1 yes yes yes yes yes yes
1D 0 yes yes yes yes yes yes
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Figure 3.1: Lateral Flexibility in the N-S Direction with Respect to Included Sources

of Deformation

Data from models 1B, 1C and 1D are nearly identwdlich is why it appear that there
are only two trend lines. From Figure 3.1 sevebaervations can be made:
» The stiffest model (1A) neglected axial and shediognations.
* The subsequent three models produced nearly idémditeral displacements
leading to the following corollaries:
o Shear deformations are relatively unimportant eckd frames
0 Axial deformations in columns and braces are thmidant source of

lateral flexibility in this braced frame configuiat.

For loads applied in the E-W direction, Figure lstrates the results.
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E-W (Moment Frame) Direction
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Figure 3.2: Lateral Flexibility in the E-W Directio n with Respect to Included

Sources of Deformation

From Figure 3.2 the following can be observed:
* The stiffest model (1A) neglected axial and shediognations.
* Including axial deformations (1B) made less of Hedence than including
shear deformations (1C).

* The largest change was observed by using a Z wélzero (1D)

So for this moment frame configuration, shear defiions are more important than
axial deformations and the choice of joint modeliwgich will be investigated further in

Section 3.4.3, is very important as well.

3.4.1.1 Displacement Participation Factors
To more fully investigate the different sources defformation, a virtual work based

program has been used to quantify the contributafnBexural, shear, axial and joint
deformations to the total lateral drift at the dinly’s roof level. The program KeySolver
(Pathak 2004) uses the principles of virtual waskquantify the contribution of each
element (beam, column or joint region) to the tbtalding drift and is also able to break
down the contributing deformations into flexurejadyand shear. KeySolver is able to
analyze the structure given the appropriate ingat fvhich is from SAP2000 v. 7.

90



(Chapter 4 goes into more detail on the topic diual work principles and displacement
participation factors obDPF’s). KeySolver was run for Model 1D, the case in ahhall
sources of deformation are included and centedimaysis is used. Table 3.6 shows the

contributions for wind loading in the N-S direction

Table 3.6:DPF’s for the N-S (Braced Frame) Direction

Girders Columns Braces TOTAL

Axial 0 1.327 0.631 1.958

Shear-major 0 0.001 0 0.001
Shear-minor 0 0 0 0
Torsion 0 0 0 0

Flexure-major 0 0.005 0 0.005

Flexure-minor 0.008 0.003 0 0.012

TOTAL 0.008 1.336 0.631 1.976

From the table it is clear that axial deformati@ns dominant, accounting for 68 percent
of the total drift at the roof level. Referringdiato Figure 3.1 it is easy to see why the
displaced shape did not change from models 1B to 1Bbcluding shear and joint
deformations makes virtually no difference and eflexural deformations are negligible
in this case. It should be noted that there isifeelsing component due to flexure (as
truly pinned connections do not exist) and the actabserved in situ building

displacement may be less than the 1.958 in. catnibove.

In the moment frame direction the effects of thifedent sources of deformation is much

more apparent. Table 3.7 shows the results frogSKker.

Table 3.7:DPF'’s for the E-W (Moment Frame) Direction

Girders Columns Braces TOTAL

Axial 0 0.029 0 0.029

Shear-major 0.086 0.206 0 0.261
Shear-minor 0 0 0 0
Torsion 0 0 0 0

Flexure-major 1.960 1.090 0 3.051
Flexure-minor 0.050 -0.049 0 0

TOTAL 2.096 1.276 0 3.341
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Flexural deformations in the girders and joint defations account for over half of the
total roof level displacement. In this case axiaformations are negligible and shear
deformations are quite small. Chapter 4 demorestritat shear deformations are highly
dependent on the width of the bays, with the smalégy width resulting in larger shear

contributions.

3.4.2 P-Delta Effects
The next modeling parameter to be studied is tiePa effect (refer to Section 2.3.7 for

details). To simplify the analysis and single BuDelta as the point of comparison, four
models were analyzed and as Table 3.8 shows, @aite® of deformation are included.
The two variables are P-Delta effects and the jogatlity Z value (refer to Section 2.3.2
for details). Because the computer program SAP200®s the geometric stiffness
matrix on an element basis, both membed)@nd overall (RA) second order effects are

accounted for. Figure 3.3 illustrates the resultddads applied in the N-S direction only.

Table 3.8: Modeling Parameters

Shear Deformations Axial Deformations
Model # | Zvalue | P-Delta | Beams |Columns | Braces Beams | Columns | Braces
2A 1 no yes yes yes yes yes yes
2B 0 no yes yes yes yes yes yes
2C 1 yes yes yes yes yes yes yes
2D 0 yes yes yes yes yes yes yes
N-S (Braced Frame) Direction
160
140 +

120 /%‘ e 2A
100 1 ok
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= 80-
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Figure 3.3: Lateral Flexibility in the N-S Direction with Respect to P-Delta Effects
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It can be seen that the pairs 2A and 2B along 8@rand 2D are virtually the same. This
is to be expected as the only difference from Btand from C to D is the joint rigidity
Z value which does not affect the braced framesthis case, including P-Delta effects
increases the lateral displacements by up to 7epercFigure 3.4 illustrates the results
for loads applied in the E-W direction only.

E-W (Moment Frame) Direction

160
140

= 120 Py L ——2A

g 80 / -—=8—2B

5 60 — —a2C

£ 40 - —>—2D
20

O T T
0 1 2 3 4 5

Lateral Displacement (inches)

Figure 3.4: Lateral Flexibility in the E-W Directio n with Respect to P-Delta Effects

From Figure 3.4 the following observations can lzle
* The stiffest model, 2A, has completely rigid joir{z=1.0) and ignores P-
Delta effects
0 Adding P-Delta effects increases the displacementsp to 17 percent
but the model is still relatively stiff.
* Model 2B has completely flexible joints (Z=0) amgphores P-Delta effects.
0 Adding P-Delta effects results in the most flexitviedel, 2D.

o Displacements are increased by up to 22 percent.

Steel moment frames are generally more lateradlyilfle than braced frames and that
was observed in these models. This differenceltesbin P-Delta effects being more
pronounced in the moment frames. It should alsndted that joint modeling has a large

effect on displacements and this parameter wiitbdied next.
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3.4.3 Beam Column Joint Modeling
Beam column joints in moment resisting frames cantrioute significantly to the

building’s overall lateral flexibility. The purpesof this section is to illustrate several
ways in which the joint region may be modeled usingimercially available software.
Section 2.3.2 of this thesis contains more exptletiails on the joint models used within
and the reader is referred to this section for miof@mation. Both Figure 2.7, which
shows the use of th& factor, and Figure 2.8 which shows commonly useidt ]

representations, are repeated here for convenience.

Z@-Y s

S

Figure 2.7: Joint Rigidity

a) Centerline model b) Partially rigid joint model ¢) Fully rigid joint model
7=0 7=-05 (clearspan model)

Z=1.0

Figure 2.8: Use of the Rigid Endzone Factor

Instead of the simplified models shown in Figurg, 2 mechanical model of the joint can

be used. One such model is the Scissors modeltai({®®n the development of the
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Scissors model are discussed in Section 2.3.2 iohwthe reader is referred for more
information). Both Figure 2.10 and Equation 2.@ egpeated here for convenience. A
sample calculation will be carried out to illusedtow the Scissors spring values were
obtained for the level 5 moment connections (Apperdl Figure 3 shows building

details) of this particular building.

Rigid links

Panel spring jg +

NI
BH ’

-

al

[ L \

Figure 2.10: The Scissors Model

K = pH crLtPG2 2.7)
(-a-p5)
where
K = rotational stiffness of the panel spring (inahAadian)
LH = center of flange to center of flange of beamhe®)
al = center of flange to center of flange of colummclies)
H = mid-story to mid-story dimension (inches)
L = mid-span to mid-span dimension (inches)
t, = thickness of the panel zone (inchég) t. if no doubler plates)

G = shear modulus (ksi)
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Level 5 Properties Beams: W24x62 Columns: W14x132

H = 156" d=23.7" d=14.7"
L = 360" ti = 0.59” tr = 1.03”
G =11,200 ksi tw = 0.645”

Scissors Spring Calculations
pd=d,—=23.7"-0.59"=23.11"
£ =0.148

oL=d.—t=14.7"-1.03" = 13.67”

a =0.038
K = ﬁHcrLtPG2 _ (2311')(1367')(0.645')(11,200Kksi) _ 2’z_)>03640|nch_[k|p
@-a-p) (1-0.038-0.148 radian

Rotational springs are placed at each joint innttuenent frame and this value was used

for the level 5 Scissors joints. Other valuesenalculated similarly.
To investigate joint modeling, four different moslelere analyzed. All models include
all sources of deformation and P-Delta effectstsi the only variable is the way the

joint is modeled. Table 3.9 lists the differentdeting parameters.

Table 3.9: Modeling Parameters

Shear Deformations Axial Deformations
Model # | Joint Modeling | P-Delta | Beams [Columns | Braces | Beams | Columns | Braces
3A Z=1.0 yes yes yes yes yes yes yes
3B Z=0.5 yes yes yes yes yes yes yes
3C Z=0.0 yes yes yes yes yes yes yes
3D Scissors yes yes yes yes yes yes yes

Because the way the joints are modeled mainly tffdee moment frames, only the
displacements in the E-W direction will be presdnt®isplacements in the N-S (braced
frame) direction differ slightly from model to mddeecause of the three dimensional
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interaction but not enough to demand attentionceCagain, displacements for all models
can be found in Appendix B. Figure 3.5 illustraties lateral displacements in the E-W
direction.

E-W (Moment Frame) Direction

160
140 5
120 —e_3A
Q
L 128 =3B
S 60 = —a-3C
T 40 ——3D
20 | ?
0 |
0.00 1.00 2.00 3.00 4.00 5.00

Lateral Displacement (inches)

Figure 3.5: Lateral Flexibility in the E-W Directio n with Respect to Joint Modeling

Of the modeling parameters looked at so far, itlmaseen that the way the beam column
joint region is modeled can be very influential.
* With respect to 3A, the fully rigid joint model (Z-0), the subsequent models
have the following effects
0 Model 3B (Z=0.5) increases lateral displacemenapyo 13 percent.
0 Model 3C (Z=0) increases lateral displacementsphiol28 percent.
0 Model 3D (Scissors) increases lateral displaceméytsup to 36

percent.

3.4.4 Slab-Girder Interaction
Other than allowing the use of a rigid diaphragnmstaint at each level, all of the

analytical models so far have not considered afectsf of the concrete floor slabs on the
buildings lateral stiffness. For beam design tlad sacts compositely with the steel
member in accordance with the number of shear atarse For this building most

beams were 50 to 70 percent composite. The effette slab is to increase the positive

moment of inertia of the member, thereby providingre flexural resistance. A more

97



detailed discussion of the effects of compositeoactan be found in Section 2.3.4.
Figure 2.11 is repeated here for convenience amd virious regions are defined

following the figure.

Figure 2.11: Girder Moment Regions

Region 1: Girder is subjected to positive bending momentn¢cete slab is in
compression) and the full effective slab width d@nconsidered as providing flexural
resistance.

Region 2: Adjacent to an exterior windward column or an iiisiecolumn, the girder is
subjected to a positive bending moment but a retistab width is used due to the
flexural force distribution in the slab. Althougfme effective slab width must decrease to
the width of the column at exterior columns, usihg full effective slab width provides
nearly identical results (Schaffhausen and Wegma§7). Comparing a full effective
width to a width that decreases to the width of thee of the column, results show
member forces only differ by 1-2 percent (Vallemiéind Bjorhovde 1985).

Region 3:Girder is subjected to a negative bending monsdaly is generally ignored in
calculations of composite flexural strength. Negaslab steel may be present in this
region, which differentiates it from region 4. Thgrder alone provides flexural
resistance.

Region 4:The girder is subjected to a negative bending rmbraed there is typically no
negative slab steel at this location (exterior ooi). Girder alone provides flexural

resistance.
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The moment frames in the analytical model are extérames and three different girder
sizes were used: W27x84, W24x62 and W24x55. Figuallustrates the typical cross-
sectional properties used to calculate the compaosdments of inertia for use in regions
1 and 2 of Figure 2.5.

3.25"
3"

| b, = 54"
!

< >

-

Figure 3.6: Typical Composite Girder Cross-section

Composite section properties were calculated basedhe AISC Specifications for
Structural Steel Buildings 13 edition (AISC 2005).

calculated based on the number of shear studsmirgsercent composite) in lieu of the

The section properties were

simplified design tables. Table 3.10 shows theltes

Table 3.10: Composite Moments of Inertia

Moment of Inertia (inches *)
Section Beam Alone 100% Composite As Designed
W27x84 2850 5744 4897
W24x62 1560 3719 3087
W24x55 1360 3398 2801

To investigate the effect of the slab acting contpbswith the girder, four models were
analyzed; two as bare frames and two with the caitgponoments of inertia applied to
the regions of positive bending moments. Althoupk effective slab width must
decrease to the column width at exterior columm@esments have shown that the
differences between accounting for this or simpdyng the whole effective slab width

are negligible (Schaffhausen and Wegmuller 1977)hsowhole width was used at all
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locations. All sources of deformation and P-Deliiects are considered so that the only
variable is the composite moment of inertia and jtiet modeling used. As with all
previous models, the reduced live load value wasdudable 3.11 summarizes the

modeling parameters.

Table 3.11: Modeling Parameters

Model # | Joint Modeling Composite Girder Properties
4A Z=0.0 no
4B Scissors no
4C Z=0.0 yes
4D Scissors yes

Figure 3.7 shows the bare frames (model 4A) momientse moment resisting frames
under the combined gravity and lateral loads. &he®ment diagrams are used to

delineate the various regions in which composittiee properties are used.

K e — [ —— ’ — | — '
[\ § A § A A

| L ! S F — ' - F e

A y A y |

R A A AV A {
A 4 4 g

Figure 3.7: Model 4A Moment Diagrams (SAP 2000)
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In Figure 3.7 the light colored regions indicatesiige bending moments (slab is in
compression, therefore composite section propecaesbe used) while the dark regions
indicate negative bending moments (slab is in tapshon-composite properties used).
The analysis was performed for loads acting in bibt N-S and E-W directions.

However, because the effect of the composite graeas predominantly to stiffen the
moment frames only the results in that directiolt lae presented (Figure 3.8). Refer to

Appendix B for the results of all analysis cases

E-W (Moment Frame) Direction
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Figure 3.8: Lateral Flexibility in the E-W Directio n with Respect to Composite
Action

As expected, the increased moments of inertia endinders of the moment resisting
frames increased the overall lateral stiffness he&f structure. Lateral displacements
decreased by up to 13 percent for the cas& af0 and by up to 11 percent for the
Scissors models. The composite section propeaffested the Scissors model slightly
less because to begin with the model was veryllexand more sensitive to P-Delta
effects.

3.4.5 Live Loads for Analysis
A variation on the model was to use a floor livadahat is more consistent with loads

normally seen for the occupancy. For strengthgesi floor live load of 50 psf was

used. This value is based on the maximum expeotadi for a 50 year reference period.
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Additionally a partition live load of 20 psf wassal applied to the floors. These loads,
reduced as permitted by ASCE 7-05 Section 4.8, haes used in all of the models up
to this point.

It is well known that the floor loads measured irive-load survey usually are well
below present design values (Peir and Cornell 1M8Guire and Cornell 1974,
Ellingwood and Culver 1977, Sentler 1975). Tab#eZin ASCE 7-05 lists mean survey
live load values for different occupancy types &mdoffices the mean value is 10.9 psf
with a standard deviation of 5.9 psf. So for tkeevieeability limit state of wind drift
under 10 year wind loads, a floor live load of 1€ was used instead of the 70 psf
(reducible per ASCE 7-05 section 4.8) used forgtiength design. This difference in
loads will impact the lateral displacements dutheosecond order P-Delta effects.

Four models were considered with the only varialblesg the joint modeling and the
floor live load used. All sources of deformatioer® included and P-Delta effects were

considered. Table 3.12 lists the different models.

Table 3.12: Modeling Parameters

Model # | Joint Modeling Live Loads Applied (psf)
5A Z=0.0 70 (reducable)
5B Scissors 70 (reducable)
5C Z=0.0 10.9 (survey load)
5D Scissors 10.9 (survey load)

The resulting lateral displacements in the N-S & directions are presented in

Figures 3.9 and 3.10 respectively.
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Figure 3.9: Lateral Flexibility in the N-S Direction with Respect to Survey-based

Live Loads
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Figure 3.10: Lateral Flexibility in the E-W Directi on with Respect to Survey-based

Live Loads

Looking at the above figures it is easy to see tiratmuch stiffer braced frames were not
very sensitive to the change in loads. This issiant with Section 3.4.2 in which it

was shown that P-Delta effects made much lessddference on the braced frames than
on the moment frames. This is not to say thateimegal braced frames are less sensitive
to P-Delta effects or to reduced loads but it medadmonstrates that braced frames are
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typically more laterally stiff than their momentsrgting counterparts. Given that the
braced frames did not deflect laterally very muetbégin with, it is to be expected that

P-Delta effects and the reduced live loads wouldmftuence the frame significantly.

On the other hand, the much more flexible momenistiag frames were noticeably
affected by the reduced live loads. For the cdsé=4.0 (models 5A and 5C), lateral
displacements decreased by up to 7.5 percent. tHeomore flexible case using the
Scissor joint representations (models 5B and Sd¢ral displacement decreased by up to
8 percent. In a more flexible structure the e8euft using reduced live loads would be

even more apparent.

3.4.6 Nonstructural Components
The as-built lateral stiffness of a building cannimech greater than anticipated because of

the stiffening effect of the nonstructural compaisefNSC). NSC which are generally
ignored in analysis include building facades, magomfill, and non-load bearing
walls/partitions. For more information on NSC tleader is referred to Section 2.3.5 of

this thesis.

To account for the stiffening effects of interioaNg, membrane elements were added
around the interior core of the test building. tthe E-W direction membrane elements
were placed in every other interior bay. In theSNlirection membrane elements were
placed in every interior bay. Several bays werppsad to account for doorways,
openings, etc and out of a total of one hundreeriot bays, membrane elements were
placed in seventy. As the elements were meangpoesent drywall, a modulus of
elasticity of 290 ksi and a Poisson’s ratio of Ovi&s used (Set al. 2005). Walls were
assumed to extend from floor to ceiling and thekhess used was 1 inch. All sources of
deformation and P-Delta effects were included sat the only variables were joint

modeling and whether or not wall elements were realjexs Table 3.13 shows.
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Table 3.13: Modeling Parameters

Model # | Joint Modeling Non-Stuctural Components
6A Z=0.0 None
6B Scissors None
6C Z=0.0 Drywall in building core
6D Scissors Drywall in building core

Figures 3.11 and 3.12 show the stiffening effeat the membrane elements had in the

N-S and E-W directions respectively.

N-S (Braced Frame) Direction
160
140
120 -
100

80

—e—6A

—=— 6B

Height (feet)

40 ——6D
20

0.00 0.50 1.00 1.50 2.00 2.50

Lateral Displacement (inches)

Figure 3.11: Lateral Flexibility in the N-S Direction with Respect to Nonstructural
Components
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E-W (Moment Frame) Direction
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Figure 3.12: Lateral Flexibility in the E-W Directi on with Respect to Nonstructural

Components

The membrane elements acted as a large shearxtefideng the height of the building
and provided a considerable amount of lateralr&gé. It can been seen from the above
figures that the NSC affected the stiffness inrtft@ment frame direction much more than
in the braced frame direction, despite the fact thare were more membrane elements
added in the N-S direction (40) as compared toB+W direction (30). There are two
reasons why this was observed:
* Rigid body rotation: because a major source of medftions in braced frames
is axial shortening of the columns, bays tend tateorigidly.
0 As a result of this, the membrane elements weresuigiected to high
stresses and did not stiffen the braced framesaenably.
0 Membranes in the E-W direction served to constfi@xural bending
and joint rotations, thereby providing a stiffenigifect.
 The membrane element’s force-deformation relatigmsibrywall is a brittle
material that loses much of its strength afterrgage strain is reached.
0 The model failed to account for this behavior, lagdo an overly stiff
building.
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» Connection details: the walls were assumed to eftem floor to ceiling and
were modeled as an integral part of the structysiem
o0 The way the NSC are detailed is a major factoraw khey contribute

to the building’s lateral stiffness.

To illustrate the rigid body rotation typical indmed frames subjected to lateral loads, a
drift damage index or DDI, (Section 2.2.1) as vadlan interstory drift index (Section
2.2.1) is calculated for several bays of the brdcase and moment frame of model 6A.
Recall that the DDI, through including the verticaimponent of racking drift, is a more
accurate measure of damageability than the intgrshidft index. Figure 3.13 shows the

bays that were compared for model 6A and Table 8hbdvs the results.

EEEEEEEEE
EEEEEEEEE

/\

| I | |
Figure 3.13: DDI vs. Interstory Drift Indices

Table 3.14: DDI vs. Interstory Drift Indices

Interstory Drift
BAY Index (1) DDI (2) (2)I(1)
a 0.000571 0.000179 0.31
b 0.000571 0.000983 1.72
Cc 0.000571 0.000561 0.98
d 0.001423 0.000596 0.42
e 0.001423 0.000767 0.54
f 0.001423 0.003563 2.50
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Looking at column 4 of Table 3.14, the ratio of Bl to the Interstory Drift Index, the
following is observed:
» The interstory drift index considerably underestiesadrift damage in bays
andf.
* The interstory drift index overestimates drift dayjean bays, d ande.
» Bayedeforms mainly by rotating rigidly which cause#iéi damage in and of

itself.

From this example the shortcomings of using anrstey drift index as a measure of
drift damageability is apparent. Further detaiisdoift damage indices as well as another

example can be found in Section 2.2.1.

It is interesting to compare the interstory drifflwes for models 6A and 6C to observe
the stiffening effects of the NSC in the two di#fat directions. Figures 3.14 and 3.15
below illustrate the effects for the case of Z=@¢=ls 6A and 6C).

Interstory Drift: N-S (Braced Frame) Direction
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Figure 3.14: Interstory Drift in the N-S Direction

108



Interstory Drift: E-W (Moment Frame) Direction
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Figure 3.15: Interstory Drift in the E-W Direction

For both joint representations, drift in the N-$edtion was reduced by up to 9 percent
while drift in the E-W direction was reduced by @wmisingly large 70 percent. This
large stiffening effect and the overall reliability the model will be discussed further in

Section 3.5.

3.4.7 Recommended Model
In this section, the recommended model will be gmésd. This recommended model is

based on the author’s opinions and reflects th&k wesearched in the literature review.
The recommended model accounts for all sourcesetdriehation along with several
sources of stiffness and is compared to the mdstally stiff and flexible of the

aforementioned models. Table 3.15 summarizes thaeelimg parameters for these three

cases.
Table 3.15: Modeling Parameters
Shear Deformations Axial Deformations
Model # Comments Beams |Columns | Braces | Beams | Columns | Braces | P-Delta Joint Live Loads | Composite
1A Stiffest model no no no no no yes no Z=1.0 (rigid) - no
3D Most flexible yes yes yes yes yes yes yes Scissors Full load no
7A Recommended yes yes yes yes yes yes yes Scissors | Survey load yes

As observed from the above table the recommendedeim@aodel 7A) includes all
sources of material deformations in all memberdushes P-Delta effects by forming the

consistent geometric stiffness matrix for each eletmemploys the Scissors model to
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closely replicate actual joint behavior, uses tlmwey live loads and considers composite
action of the girders. Nonstructural componentsewwt included. This is due to the
lack of available data to accurately model the dedleformation characteristics of these
materials as well as other uncertainties such asexiion details. Figure 3.16 illustrates

the lateral displacements in the N-S direction.

N-S (Braced Frame) Direction

160
140

120 ] =
100 // o ——1A

80 A
60 —a—T7A
40
20
0 : :
0.00 0.50 1.00 1.50 2.00 2.50

—=—3D

Height (feet)

Lateral Displacement (inches)

Figure 3.16: Lateral Flexibility in the N-S Direction with Respect to the

Recommended Model

It is seen that the recommended model does notadewgignificantly from the most
flexile model but is much different than the stifenodel. As mentioned earlier, P-
Delta effects are not very large for this stiffated frame configuration and composite
section properties mainly affect the flexural resise in the girders of the moment
frames. The results in the E-W direction are showigure 3.17.
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Figure 3.17: Lateral Flexibility in the E-W Directi on with Respect to the

Recommended Model

In the E-W direction, the recommended model faliptrin between the two extremes.
P-Delta effects are large in the moment frameslgubking advantage of the composite
girders and using the smaller, more risk consistamvey live loads, the lateral

displacements are decreased.

To evaluate the recommended building’s overall greneince the drift damage index or
DDl is calculated for several bays. Recall that DI, which is simply a measure of the
shearing distortion, provides a more accurate mreasiubuilding damage due to lateral
displacements than the traditionally used inteystbift ratio. First, for the lateral load

resisting system, a moment frame and an X-bracahdrare presented. Figure 3.18

illustrates the 18 bays whose DDI’s and interstinift ratios are shown in Table 3.16.
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Figure 3.18: Moment Frame and X-Braced Frame

Table 3.16: DDI vs. Interstory Drift Index for the Bays of Figure 3.19

" Interstory Drift Ratio, " Interstory Drift Ratio,
Bay | Dor@ Index* (b) ()/(b) Bay | Dbor@ Index* (b) (@)/(b)
1 0.09 0.55 0.16 10 0.35 1.25 0.28
2 0.67 0.55 1.20 11 0.04 1.25 0.03
3 1.15 0.55 2.08 12 0.24 1.25 0.19
4 2.70 3.02 0.89 13 0.25 1.58 0.16
5 3.08 3.02 1.02 14 0.01 1.58 0.00
6 3.42 3.02 1.14 15 0.21 1.58 0.13
7 1.56 2.22 0.70 16 0.04 0.82 0.05
8 1.61 2.22 0.72 17 0.01 0.82 0.01
9 1.67 2.22 0.75 18 0.05 0.82 0.06
*Values are x 10 *Values are x 107

The fourth column of each table provides a ratithef DDI to the interstory drift index.
For the moment frame it is observed that the itdeysdrift index has overestimated
damage in four of the nine bays and underestimdéedage in four of the nine bays.
Only for bay 5 did the interstory drift index proe adequate results. The most serious
discrepancy is in bay 3 where the interstory dniftex has underestimated damage by a
factor of two. Results for the X-braced frame quate different. The interstory drift
index has seriously overestimated damage in a# nirthe bays. This is especially true
for bays 11, 14 and 17 (the X-braced bays) whoseement is mostly a rigid body

rotation, causing no damage in and of itself.

To determine if the DDI's are acceptable Table 2vRjch provides strain limits for
various types of partition walls, is consulted. eThable is re-printed here for

convenience.
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Table 2.2: Damage Limits for Several Types of Pation Walls

Wall Material Strain Limit
Concrete Block 0.005
Brick 0.0025
Hollow-Clay Brick or Tile 0.002
Veneer (drywall, plywood, etc.) 0.007

All bays of the X-braced frame can be considereztjadte. For the moment frame, bays
4,5 and 6 may cause problems depending on thenveaédirial. If a brick material is used
then some stiffening of the frame may be in ordéribdrywall is used, than the bays can

be considered adequate.

3.5 Summary and Conclusion
It is now useful to bring all of these precedingdals together and make some overall

observations regarding modeling assumptions. Ml begin with sources of
deformation and continue through to nonstructuoahgonents.

First of all, given that capability of today’s setire programs all sources of deformation
are generally included by default in the progranm SAP2000 v.9 the only way to
“ignore” a deformation source was to use a properbgifier to increase the appropriate
physical property (shear area for shear deformatiarial area for axial deformations,
etc.) and therefore minimize its deformation. Aseault, there was no computational
advantage to “ignoring” any sources of deformatasthe full stiffness matrix was
formed for each member. In fact, as a result ofgasing the shear and/or axial areas by
a factor of 1000, accuracy was actually lost in sieéution. Of all of the modeling
parameters discussed, it is suspected that soafadsformation, with the exception of
those occurring within the joint region, is onettlaaries very little from firm to firm. In
many cases the software dictates what choicesigndesgineer makes and this may be
one of those cases: there is no explicit checklmtio regarding sources of deformation
and so the default value of including everythingised. This is a good thing because,
given the state of technology, all sources of defdron should be included in any
reliable building analysis.
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The second investigated parameter was P-Deltateffaed it was shown that these
effects can have significant consequences. THershiraced frames were less sensitive
to P-Delta effects but the moment frames were Bggmtly affected. Depending on the
software being used, including P-Delta effects maynay not require iterations to reach
an answer. SAP 2000 v.9 requires iterations becaugeometric stiffness matrix is
formed for each element. Programs such as ETARsnfiters and Structures, Inc.
2006) form the linearized geometric stiffness mxaton a story by story basis and
therefore do not require iteration to solve (seetiBe 2.3.7 for more information on P-
Delta effects). If equilibrium is considered abaie deformed geometry (large
displacement analysis) then even more iterationg earequired. Once again, given the

state of the art including P-Delta effects is rotdficult as it once was.

Joint modeling was investigated next. This is thedeling parameter that probably
varies the most from firm to firm and is also agmeter that significantly affects a
buildings lateral stiffness. Commercially avaikalsbftware does not currently have built
in mechanical models for the joint region and alifiio centerline modelingZ(= 0) does
provide reasonable results (Section 2.3.2) it istine correct way to model a joint. As a
large source of deformation and of energy dissipain seismic events, the panel zone
region continues to be studied and understood.a Aesult, more refined joint models

along with their integration in commercial softwarme to be expected in the near future.

Slab girder interaction was the next parameter.e Titrease in flexural resistance
provided by the composite girders was significattowever, modifying members to
account for this was not so simple using SAP 20@ v Girders had to be split at
inflection points to be able to apply a moment rdrtia property modifier to only the
sections subjected to positive bending (slab inmession). It would be convenient if

conditional property modifiers could be incorporhieto the software.
Survey based live loads were influential in redgaiwverall building drift. Because wind

drift is a serviceability issue it is not unreasoleato use reduced live loads. If reduced

live loads are used it is more reasonable to Uusadathat is based on field survey results,
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such as those provided in Table C4-2 of ASCE 7tB&n using a blanket reduction

factor. Using reduced, survey based live loadmigngineering decision that may also
relate to the buildings present as well as futurefions in addition to the owner’s needs,
and should therefore be carefully considered.

The last parameter that was investigated was tifeenshg effect provided by
nonstructural components. Although a simple examiple models in 3.4.6 along with
the research that was discussed in 2.3.5 demangdiath the large stiffening effect of
NSC as well as analytical modeling difficultiesn hodel 6 for example, the amount of
lateral stiffness provided by the drywall in theNEdirection was entirely unreasonable
even though the material properties were corréctpti underestimated (such as a wall
thickness of 1 in.). The best measure of theestiffig effects of the nonstructural
components may very well entail forced vibratiogldi measurements of modal periods.
Although several of these have been conducted amdliacussed in Chapter 2, more
work is needed in this area as no amount of amalythodeling can replace full-scale
testing.

Finally the author’s recommended model was presentdis model included all sources
of material deformations, used composite girdetisegroperties and employed survey
based live loads. Seeing as damage due to wiftdisla serviceability limit state, it is

desirable to model the building as realisticallypassible. With the exception of the
stiffening effects of nonstructural components dinel rotational stiffness provided by
“pinned” connections, it is felt that this modelitguaccurately represents true building

behavior.
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Chapter 4

Sources of Deformation: An Analytical Study

4.1 Introduction
Chapter 2 of this thesis referenced a paper by r@yaf1990) titled “Sources of Elastic

Deformation in Laterally Loaded Steel Frame andél 8lructures” which was presented
at theCouncil on Tall Buildings and Urban Habitat, Fourthorld Congress 1990. In

addition to providing useful information on soura&sdeformation in steel frames, the
results from the analyses presented within thisp@rawill be used to update and
republish this paper in a more widespread and aitdes structural engineering

periodical.

4.2 Overview
In Chapter 2 of this thesis the various sourcedafbrmation in steel framed building

were discussed. These sources include flexurahl axnd shear deformations in the
columns, beams and beam-column joint. An additioo@amponent is torsional
deformation, which is usually quite small and ngidlie for regular buildings. This
chapter of the thesis involves the modeling andyarsaof 27 planar steel frames and 18
framed steel tube structures to determine the warsources of deformation under lateral
loads. Axial, shear and flexural deformations @mpared with respect to the modeling
variables of building height, bay width and the f@m of bays, and method of joint
modeling. It is shown that the various contribntoare heavily dependent upon the
height of the building and the width of the bays.

To quantify the various sources of deformationjreual work method is used; this will
be discussed first, in Section 4.3. Next, the &aamd tube structures as well as the
lateral loads will be discussed in Section 4.4,ddeson of Analysis. Then the results of
the analyses will be presented and discussed itioBe4.5. An overall conclusion

follows in Section 4.6.
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4.3 Method of Analysis
In the study within, the principle of virtual woik employed to quantify the various

sources of deformation. Virtual work is commonaught as a method to calculate a
displacement. Consider the simple, statically mhei@ate truss of Figure 4.1 which
resists lateral loads through axial deformatio@nncerning node 12, the top right node

of Figure 4.1, there are several ways to calcutatelisplacement under the “real loads”.

Real Loads

V=1k
10k — - —
20
10
N B
20Kk —»
P
a |8
20Kk —» 9
20k
—
16
<]
L 2
A A Columns=yy14x22

N Beams =WW12x14
180 Diags = 2Laxdx1/4

Figure 4.1: Five Story Planar Truss

Stiffness matrices for each element could be fornasdembled into the full structural
stiffness matrix and displacements solved for thay. This is the way a computer
analysis program would obtain the solution. Withaucomputer, the easiest hand
method of solution would is to use the principlevatual work. Because the truss is
statically determinate, member forces are easitginbd through equilibrium under two
loading cases, referred to as teal loadsand thevirtual loads Referring to Figure 4.1

thevirtual load is applied at node 12 and in the direction ofdksired displacement (in
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this case the direction is obvious; if not, an agstion is made which is then verified or
discredited by the sign of the calculated displaeetn Virtual work is covered in most
basic structural analysis texts; the basic fornfalaa planar truss, such as the one in

Figure 4.1, is now presented in Equation 4.1.
FvOAr =" Fv, o, (4.1)
i=1

where
Fv = the virtual force applied (in this case, the lb&d at node 12)
Ar = the unknown real displacement which is desfegahode 12 in this case)
Fvi = the axial force in membedue to the virtual load

_Fr 0L

& =
A OE

= the axial elongation in membiedue to the real loads

m = total number of truss members

Each truss member contributes, through axial cosgwa or elongation, to the total
displacement at node 12 under thal loads The terndisplacement participation factor

is used to refer to an individual element’s conitibn to the total displacement at a
specific point in a structure, under a specificdlod he right hand side of Equation 4.1 is
the summation of each membedisplacement participation factar DPF for short and

can be rewritten as such:
Fv* Ar =" DPF, (4.2)
i=1

Table 4.1 summarizes the calculations for each meerabthe truss in Figure 4.1 using

Equation 4.1.
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Table 4.1: Virtual Work Calculations for the Truss of Figure 4.1

MEMBER | Fr (kips) | Fv (kips) A@n.?) | L(n) & (in) | DPF (in.-kips) | volume (in. 3| SI*10,000
1 133.33 3.3333 6.49 150 0.0027 0.3542 973.50 3.64
2 -208.88 -4.1667 6.49 150 -0.0033 0.6936 973.50 7.13
3 75 2.5000 6.49 150 0.0020 0.1494 973.50 1.54
4 -133.33 -3.3333 6.49 150 -0.0027 0.3542 973.50 3.64
5 33.33 1.6677 6.49 150 0.0013 0.0443 973.50 0.46
6 -75 -2.5000 6.49 150 -0.0020 0.1494 973.50 1.54
7 8.33 0.8333 6.49 150 0.0007 0.0055 973.50 0.06
8 -33.33 -1.6667 6.49 150 -0.0013 0.0443 973.50 0.45
9 0 0.0000 6.49 150 0.0000 0.0000 973.50 0.00
10 -8.33 -0.8333 6.49 150 -0.0007 0.0055 973.50 0.06
11 -90 -1.0000 4.16 180 -0.0015 0.1343 748.80 1.79
12 -70 -1.0000 4.16 180 -0.0015 0.1044 748.80 1.39
13 -50 -1.0000 4.16 180 -0.0015 0.0746 748.80 1.00
14 -30 -1.0000 4.16 180 -0.0015 0.0448 748.80 0.60
15 -10 0.0000 4.16 180 0.0000 0.0000 748.80 0.00
16 117.15 1.3017 3.88 234.31 | 0.0027 0.3176 909.12 3.49
17 91.12 1.3017 3.88 23431 | 0.0027 0.2470 909.12 2.72
18 65.09 1.3017 3.88 234.31 | 0.0027 0.1764 909.12 1.94
19 39.05 1.3017 3.88 23431 | 0.0027 0.1059 909.12 1.16
20 13.02 1.3017 3.88 234.31 | 0.0027 0.0353 909.12 0.39

SUM = 3.0408
Node 12 Displacement = 3.04/1.0 = 3.04 inches

Referring to Table 4.1 it is observed that BBF for member 1 is 0.3542 in-kips.
Dividing through by the virtual load of 1 k ti#PF is 0.3542 in. and therefore member 1

accounts foro';’%"z M0 =1165%0of the real load total roof drift at node 12. Anet

way to look at how much a member contributes isalculate itssensitivity indedor Sl
(Charney 1993) The SI of a member is simply itBPF divided by its volume. If it is
desired to reduce the displacement at the virbhad,|adding material to the element with
the largestSI would be the most efficient use of material. bthes words, the most
efficient way to decrease the displacement at ridglen the truss example is to add
material to member 2 because this member has tgeskSl. To optimize the entire
structure, each membefS| should be exactly the same. Given the constranfts
available member sizes, alternate loading direstiand load cases, this is obviously
unrealistic for a real structure. However, theibgsinciples are commonly used in

overall structural optimization applications, dissad in Chapter 2 of this thesis.

The truss example was presented for its simplastpnly axial forces are present in each

element. HoweveDPF’s can also be computed for any two or three dimemgiframe
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element; Equation 4.3 presents the basic formuladtculating theDPF for any type of

frame or truss member.

DPF = OV, Cer, dv (4.3)

VO

where
ov; = stress in membémue to thevirtual loads
& = strain in membeéardue to thaeal loads

vol = volume of memberr

The stresses and strains in a frame member areodlexural, axial, shear and torsional

forces. Equation 4.3 can be rewritten as the suromaf these components:
DPF; = Fmaj + Fmin; + Vmaj + Vmin + P; + T; (4.4)

where
Fmaj = flexural component for major axis bending
Fmin = flexural component for minor axis bending
Vmaj = component of shear for forces parallel to thgomaxis
Vmin = component of shear for forces parallel to theanaxis
P; = axial component

T, = torsional component

The structures analyzed within this chapter hawézbotal nodal loads at each level and
no member loads. The resulting member force Hisfions are linear, greatly
simplifying the DPF calculations. As an example, consider the 3-spéaypar frame in

Figure 4.2 which is subjected only to horizontatialdoads.
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Figure 4.2: 3-Story Planar Frame

The moment and shear force distribution in anyegidiue to the real loads is similar to
what is shown in Figure 4.3(b). A more accurateddistribution for the joint region is

shown in Figure 4.3(a), which has been verified dstailed finite element models

(Charney 1985).
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Figure 4.3: Modified (a) and Traditional (b) Girder Shear and Moment

Distributions
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The forces at the face of the joint are found bglying the model with the joints being
considered as fully rigidZ(=1.0). Deformation in the joint region is dueadlexure

component from the beam and girder and a singlarst@mponent from the column.
Looking at Figure 4.3(a) it can be seen that theneo girder shear contribution in the
joint region. This is accounted for by the sheant the column. Figure 4.4 shows the

traditional and modified force distribution foryptcal column in the frame of Figure 4.2.

giFder_ ———

column

|:| Contributes to member defarmation
I Coviributes to joint deformation

Figure 4.4: Modified (a) and Traditional (b) Column Shear and Moment

Distributions

The column joint shear is calculated by equilibriimthe joint and is equal to the
moment at the face of the joint divided by the atisee shown in Figure 4.4(a). In the
following analyses, the beam-column joint deformiatis composed of the beam and
column joint flexure as well as the column joineah Axial deformations in the joint

region are included in the columns and the beams.
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4.3.1 3-Story Frame Example
The frame of Figure 4.2 will now be taken as anngple of howDPF's for a typical

frame in the study are calculated. If the disptaeet at the top right corner of the frame
under the real loads is desired, a virtual load & is placed at that point and in the
suspected direction of displacement, which in taise is obvious. First, member forces
are calculated under both the real and virtual iltgadases assuming the joints are fully
rigid (Z = 1.0). In the following discussion, member faratue to real loads will be
shown by capitalized letters and member forces tduéhe 1 k virtual load will be
represented by lower-case letters. Beginning axtal forces, theDPF due to axial
forces in any member can be calculated using Equati3. Because both the area and
the member axial forces are constant over the hengith substitution the equation

simplifies to the following expression for a singlember:

P*
DPF s, ZATE* L (4.5)

where
P = member axial force due to the real loads
p = member axial force due to the virtual load
A = cross-sectional area
L = length of the member, centerline dimensions

E = modulus of elasticity

Shear deformations in the members are due to ther mad minor components. For a
planar frame with member axes oriented in the sgtrdimection for bending, there are
only major components. The shears and shear areasonstant over the length of the
member and Equation 4.3 can be simplified to tHewing expression for a single

member:
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(4.6)

where
V = member shear due to the real loads
v = member shear due to the virtual load
A, = shear area
Lciear = length of member, clearspan dimensions

G = shear modulus of elasticity

Flexural DPF’'s are calculated next. As with shear, there is lmtimajor and minor
component but in a planar frame with member axesntad in the strong direction for
bending, there is only the major component. FlakiPF's must be calculated by
integrating Equation 4.3 because the moments ate coostant over the length.
Rewriting Equation 4.3 and assuming a constant mowiginertia along the length gives
the following expression for a single member (nttat the integration is over the

clearspan length of the member and does not inch&@int region):

L,
¢ M (X) Om(x)
DPFFLEXURE = _[ T

0

dx (4.7)

where
M(x) = moment due to the real loads
m(x)= moment due to the virtual load
| = moment of inertia

E = modulus of elasiticity
For the joint region, thBPF's are calculated similarly, using the modified ntenforce

distributions shown in Figure 4.3(a) and 4.4(a). gikder will have a joint flexure
component at both ends but no joint shear compon&molumn framing into a girder at
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both ends will have a joint flexure and joint sheamponent at both ends. Table 4.2

summarizes the calculations for the 3-story framiigure 4.2.

Table 4.2: Virtual Work Calculations for the Frame of Figure 4.2

MEMBER DPF * 1000
MEMBER AXIAL SHEAR FLEXURE | JOINT_F JOINT_V TOTAL % of TOTA L

1 -0.149 4.855 48.900 2.520 0.000 56.126 5.2
2 0.007 2.500 24.200 1.281 0.000 27.988 2.6
3 0.065 4.771 48.000 2.476 0.000 55.312 51
4 0.007 2.336 23.200 1.208 0.000 26.750 2.5
5 -0.050 1.560 15.100 0.799 0.000 17.409 1.6
6 -0.030 2431 24.200 1.258 0.000 27.860 2.6
7 -0.605 0.339 3.477 0.177 0.000 3.388 0.3
8 -0.927 0.252 2.442 0.129 0.000 1.896 0.2
9 -0.536 0.381 3.943 0.200 0.000 3.987 0.4
10 2.804 7.764 55.800 2.539 20.700 89.606 8.2
11 0.154 11.300 77.000 4.482 36.600 129.536 11.9
12 0.169 11.200 76.100 4.429 36.100 127.998 11.8
13 2.866 7.536 54.200 2.463 20.100 87.165 8.0
14 0.649 3.126 18.400 2.651 21.600 46.426 4.3
15 0.019 7.918 46.300 6.706 54.700 115.642 10.6
16 0.026 7.905 46.300 6.695 54.600 115.525 10.6
17 0.690 3.091 18.100 2.619 21.400 45.900 4.2
18 0.048 0.920 5.842 0.801 6.540 14.152 1.3
19 0.000 2.613 15.500 2.224 18.100 38.438 35
20 0.001 2.752 16.300 2.341 19.100 40.494 3.7
21 0.054 1.082 6.772 0.938 7.652 16.497 1.5

SUM 5.263 86.631 630.075 48.935 317.191 1088.096 100.0

% of TOTAL 0.484 7.962 57.906 4.497 29.151 100.000
Displacement at top right node = 1088.096/1000 = 1. 088 inches

Table 4.2 gives th®PF's for each member in terms of the five different comgnts.
Notice that there is no joint shear component fembers 1 through 9. These members
are girders and this is consistent with the modifierces shown in Figure 4.3(a). Also
shown is the percent of the total for each member far each source of deformation.
Looking at the sources of deformation it is cldaattflexure is dominant followed by
joint deformations. It is important to note thatcamputer analysis program which
considers the joint region as fully rigi@ & 1.0) would neglect the columns labeled
JOINT_F and JOINT_V in Table 4.2 and the reportesgpldcement would be given as

1088096—-48.935-317.191
100C

displacement. Considering the joint as fully flegi (Z = 0) results in a displacement of

=0.721in., a significant underestimation of the actual
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0.891 in. which is still underestimating the dig@ment calculated using the modified

force distributions. The studies presented withither demonstrate these errors.

4.3.2 Computer Software
The modified force distribution is employed in theogram KeySolver (Pathak 2004)

which was used to perform the analysis of the fiagmntained herein. KeySolver is a
program that uses the principle of virtual work aésed above to output the various
DPF’s for each member of a two or three dimensional &astructure. KeySolver
calculates member forces assuming the joints dhe rigid (Z = 1.0). The program is
able to calculate théPF's using the either the modified or the traditionakck
distributions shown in Figures 4.3 and 4.4. EletmBRF's are reported for beams,
columns and the joint region in terms of major amidor flexure and shear, axial, and
torsional components. The program SMGP (Pathak)2@@4 used to generate all of the
models for input into KeySolver. SMGP is a simpigram that generates a frame
given the overall dimensions, number of bays, waftthe bays and the story heights.

4.4  Description of Analysis
The analytical study involved modeling and analgz#v planar frames and 18 framed

tube structures. Variables studied include théding height, the width and number of
bays, and the method of joint modeling. All modeés/e a consistent story height of

12.5 ft. Table 4.3 summarizes the models.

Table 4.3: Summary of the Models

Number of Number of
Bays Bay Width Stories Type
5 10 ft 10 frame
9 15 ft 20 frame
13 20 ft 30 frame
40 tube
50 tube

All members used are commonly available W sectio@slumns were all W14’s while
the beams ranged from W24’s to W40’'s. Member mtogee varied every five stories

and for each series of analyses (constant numbetooies and number of bays) the
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member property distribution remained the sameaniyg the bay spacing was changed.
This was done to simplify the design and analyéisoomany frames. For the 40 and 50
story framed tubes, it was assumed that the nuofdeays on the flange side was equal
to the number of bays on the web side.

The lateral loads applied were wind loads obtaingidg ASCE 7-05, Method 2 (ASCE
2005). A 10 year MRI wind, with a 3 second gustoegy of 76 mph (basically
anywhere in the Midwest) and an Exposure Categowya€ used. Total building drift
under the wind loads ranged from H/200 to H/100@nstH = total building height.

4.5 Results of the Analysis
Table 4.4 shows the results of all the models ims$eof percent flexure, axial, shear and

joint for each case. Recall that member forcesevieund assuming fully rigid jointsZ(
= 1.0) and the modified force distribution of Figu¢.3(a) and 4.4(a) was then used to

determine the joint contributions.
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Table 4.4: Analysis Summary
10 STORY PLANE FRAMES

# of 10 ft bays # of 15 ft bays # of 20 ft bays
5 9 13 5 9 13 5 9 13
% Flexure 41.2 43.8 44.6 49.3 50.7 51.1 55.1 56.0 56.3
% Axial 10.3 4.8 2.8 4.7 2.2 1.0 2.6 1.1 0.1
% Shear 14.3 14.9 15.2 11.3 11.5 11.6 9.3 9.4 9.5
% Joint 34.2 36.4 37.4 34.7 35.6 36.3 32.9 33.5 34.1

20 STORY PLANE FRAMES

# of 10 ft bays # of 15 ft bays # of 20 ft bays
5 9 13 5 9 13 5 9 13
% Flexure 31.3 35.7 39.1 42.8 42.9 45.7 50.4 48.1 50.9
% Axial 29.0 15.5 8.5 14.3 7.7 4.4 8.2 4.8 2.7
% Shear 12.1 14.2 14.9 10.7 12.1 11.8 9.2 10.5 9.9
% Joint 27.6 34.6 37.5 32.1 37.2 38.1 32.1 36.7 36.5

30 STORY PLANE FRAMES

# of 10 ft bays # of 15 ft bays # of 20 ft bays
5 9 13 5 9 13 5 9 13
% Flexure 22.8 31.8 36.9 36.5 42.5 45.5 46.1 49.7 51.5
% Axial 46.0 23.9 15.1 25.4 12.0 7.5 15.2 7.3 4.6
% Shear 11.0 15.3 13.7 11.0 12.9 11.2 9.9 10.8 9.3
% Joint 20.2 29.0 34.2 27.1 32.6 35.8 28.9 32.2 34.5

40 STORY FRAMED TUBES

# of 10 ft bays # of 15 ft bays # of 20 ft bays
5 9 13 5 9 13 5 9 13
% Flexure 20.5 29.7 36.8 30.7 34.9 42.7 37.6 38.0 47.0
% Axial 46.3 22.8 10.7 26.9 12.1 5.9 17.1 7.8 4.1
% Shear 13.0 14.8 16.1 13.9 14.4 13.4 13.3 13.6 11.5
% Joint 20.2 32.6 36.3 28.6 38.6 38.1 32.1 40.5 37.4

50 STORY FRAMED TUBES

# of 10 ft bays # of 15 ft bays # of 20 ft bays
5 9 13 5 9 13 5 9 13
% Flexure 16.3 26.2 34.9 27.0 33.1 41.3 35.2 37.3 45.9
% Axial 57.6 31.1 14.9 36.3 16.8 8.0 23.7 10.7 5.4
% Shear 10.2 14.2 15.8 12.1 14.3 13.5 12.1 13.7 11.7
% Joint 15.9 28.4 34.4 24.6 35.7 37.2 29.0 38.3 37.0

To better illustrate the findings, the bar charfsFigure 4.5 are presented, which
graphically show 20 of the 45 analysis cases. totad drift is broken down into percent
flexural, axial, shear and joint (which include bgdint shear and joint flexure) which all
sum to 100 percent. The horizontal axis represgr@snumber of stories so that the
change in deformation sources with respect to mgldeight can be observed for a
constant number and width of bays. The bar cludrisgure 4.6 show the same data but

in a different way. Flexural, axial, shear anchjoare shown on the horizontal axis so
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that the various contributions can be observedceCagain, the vertical axis shows the

percent of the total roof drift that that deforneatisource contributes.

4.5.1 Axial and Flexural Deformations
As expected, the axial deformations are dominanthe narrow (5 bays at 10 ft) frames

and nearly negligible for the wide (13 bays at §frames. This is consistent with the
recommendations given by the ASCE task committéleviong the 1988 Wind Drift
Survey (ASCE 1988). In all cases there is a tfendhe axial deformations to increase
with building height. The maximum axial particifpen is 58 percent for the 50 story
framed tube with five 10 ft bays (with a slendemestio of 12.5 it is the tallest and most
narrow of the 45 models).

Flexural deformations are inversely proportionathe axial deformations. The wider,

shorter frames experience significant flexural defations which decrease with respect
to increasing height. As expected, the maximunirdmurtion of 56 percent was observed
in the 10 story frame with ten 20 ft bays (the wgijeshortest frame). This model also

experienced the least percent axial at just 0.¢goer

4.5.2 Shear Deformations
In general the shear deformations tend to increasethe number of bays but decrease

with the width of the bays. The framed tubes shavhigher percentage of shear
deformation than the planar frames due to the slagpeffect. In any case, the shear
deformations contribute significantly to the latedesplacement and cannot rationally be
discounted in any of the models. The minimum dbatron is 9 percent and the

maximum is 16 percent.
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Figure 4.5: Results Grouped by Number of Stories

131




Percent of Roof Drift

Percent of Roof Drift

100%

80%

60%

40%

20%

0%

100%

80%

60%

40%

20%

0%

(c) Thirteen 10-Foot Wide Bays

EF
BA
Bv
0J

10 20 30 40 50
Number of Stories

(d) Thirteen 20-Foot Wide Bays

BF
BA
Bv
aJ

10 20 30 40 50
Number of Stories

Figure 4.5 (cont'd): Results Grouped by Number of ®ries

132




Percent of Roof Drift

Percent of Roof Drift

(@) Five 10-Foot Wide Bays

F A Vv J

Deformation Source

(b) Five 20-Foot Wide Bays

Deformation Source

Figure 4.6: Results Grouped by Deformation Source

133

Storys

@10
@ 20
@ 30
@40
[ 50

Storys

@10
@ 20
@ 30
@40

[ 50




Storys

(c) Thirteen 10-Foot Wide Bays

)
e
e

ey
G
e

Deformation Source

Storys

(d) Thirteen 20-Foot Wide Bays

b bt e
B R e
e

Deformation Source

R
B
R e

Results Grouped by DeformatiorSource
134

Figure 4.6 (cont'd)



4.5.3 Joint Deformations
Joint deformations are important in all of the misdnd should never be neglected. The

minimum observed patrticipation was 16 percent e30-story tube with five 10 ft bays.
The maximum was 41 percent in the 40-story tubé wihe 20 ft bays, although many
models had values close to this. It is importamate that the average joint contribution

across all of the models was 33 percent.

The way the joint region is modeled varies widelyni firm to firm as indicated by the
1988 Wind Drift Survey (ASCE 1988).

discussed in Chapter 2 and illustrated analyticallZhapter 3. To further demonstrate

These diffearenodeling approaches were
the shortcomings of the traditionally used rigichedactorZ, the analysis of the 30-story
9-bay (15 ft wide bays) frame was repeated Witlaken as 0.0, 0.25, 0.50, 0.75 and 1.0

and also with the Scissors joint. The resultssaramarized in Table 4.5.

Table 4.5: Effect of Joint Modeling on Total Roof Dift

Deformation Method of Joint Modeling
Source KeySolver* | Scissors Z=0 7=0.25 Z=0.50 Z=0.75 Z=1
% flexure 42.4 44.7 46.5 50.1 54.0 58.4 63.1
% axial 12.6 13.5 13.9 14.8 15.7 16.6 17.8
% shear 12.8 13.4 14.1 15.2 16.4 17.7 19.2
% joint 32.2 28.4 25.6 19.9 13.8 7.2 0.0
Total Drift (in.) 10.22 9.70 9.31 8.64 8.03 7.45 6.91

*KeySolver uses the modified force distributions of Figures 4.3(a) and 4.4(a)

As the rigid zone factaZ increases, the percent joint contribution decreéseause less
and less of the joint is considered as flexibleor the case 0Z=1.0 the entire joint is
considered rigid and does not contribute at alhe Bcissors model does not have the
ability to include a joint flexural deformation, vweh is why its displacement is lower
than the KeySolver model, which includes both flekwand shear joint deformations.
For the case ofZ=0 (centerline modeling) the total displacementess than both the
Scissors and KeySolver analysis because, as se€&igumes 4.3(b) and 4.4(b), joint
flexural deformations are overestimated while theoren dominant joint shear

deformations are underestimated. Figure 4.7tithiiss the results graphically.
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Figure 4.7: Comparison of Joint Deformation Sources

4.5.4 Member Contributions
Instead of breaking the sources of deformationéarcent axial, shear and flexure, the

results can be looked at in terms of the relatimetrgbutions from girders, columns and

joints. The 30-story 9-bay (15 ft wide bays) whivhs reanalyzed in Section 4.5.3 is

broken down into the percent of member contribigionTable 4.6 and the data is shown

graphically in Figure 4.8.

Table 4.6: Member Contributions

% Girders % Columns | % Joint TOTAL

% Axial -0.03 12.00 0 11.97
% Shear 6.40 6.53 26.38 39.31
% Flexure 23.59 18.92 6.21 48.72
TOTAL 29.96 37.45 32.59 100.00
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For this particular example flexure was the domirssource of deformation followed by
shear. It is seen from Figure 4.8 that shear e jtint region is a major source of
deformation, even more so than axial for this patér example. Once again it is seen
that joint deformations are a very important congranof lateral displacement and

should always be included in the analytical model.

4.6 Summary
The study presented in this chapter shows thatvén®us sources of deformation in

laterally loaded steel frames and tubes vary waipect to bay width, number of bays,
total height and joint modeling. In general, tladler and more slender the frame
becomes, the greater the contribution from axiébmheations. Flexural deformations are
inversely proportional to the axial deformationsl ayenerally decrease with height and
increase with bay width. Shear deformations wehews to always contribute
significantly to the total drift and cannot ratidigebe neglected in any of the cases. Tube
structures showed a slightly higher contributiomnir shear, as expected. Joint
deformations were very important, and increasedl tieé number and width of bays. By
comparing the different joint models, it was shotlat the commonly used rigid zone

factorZ always underestimates the actual j@®F and consequently the entire building
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drift. This in turn leads to underestimated P-Beiffects, further compounding the error,

and possibly leading to both strength and servitigatssues.
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Chapter 5

Conclusions

5.1 Conclusions and Recommendations
With respect to serviceability, designing for digtdone to prevent or limit unacceptable

damage to nonstructural building components sudhtasor cladding and partitions as

well as to ensure the functionality of mechanigatems such as elevators.

Adequate building stiffness is obtained by desigranbuilding to be within reasonable
drift limits. However, there are three major sasof discrepancies in design that result
in differences in economy and performance amongddsms (Charney 1990):

» definition of drift and variations in drift limits

» variations in methods of analysis used to prediét d

e variations in wind loads use for drift calculations

This thesis investigated these sources of discgptmough a thorough review of the
literature (Chapter 2), an analytical study of pi¢gl 10 story office building (Chapter 3),
an analytical study on the sources of member defboms (Chapter 4) and by
developing a survey to assess the current stateeqirofessional practice (Appendix A).
In other words, this thesis was undertaken andemritvith the intention of suggesting
and establishing a comprehensive, performance begaach to the wind drift design

of steel framed buildings.

5.1.1 Definition of Damage
Currently the interstory drift index is commonlyegssin practice to evaluate and limit

damage to nonstructural components. This measutanoage does not take into account
vertical racking and is therefore not sufficierBhear strain in the material is the best
measure of damage. A simple formula for calcu¢ptine average shear strain in a
rectangular bay was presented in Chapter 2. Examplesented in Chapters 2 and 3

demonstrated the shortcomings of the interstorft trilex. It was also suggested and
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shown through an example that membrane elementseasity be used in common
structural analysis programs to graphically showalge in the building. Such graphical

representations are much more informative than contyrused interstory drift indices.

Drift can and should be used to refer to lateraldng movement but it should not be
used as a measure of damage in nonstructural elemémally, damage limits should be
based on the material in question as well as tieelsref the owner/tenants. Tables and
figures for various materials were presented inpfdra2.

5.1.2 Basic Modeling and Analysis
Accurately modeling the building and accounting fdl sources of deformation is

essential to produce reliable results. Sourcenaitrial deformations were discussed in
Chapter 2 and studied in Chapters 3 and 4. Chdpteilized the principle of virtual
work to quantify the sources of deformation foregiess of 45 steel frames and framed
tubes. The analyses illustrated that axial deftiona are dominant in tall, slender
frames and nearly negligible in wide, short frame&exural deformations were shown to
be inversely proportional to axial deformation$e& deformations were important in all
analysis cases. Several formulas for calculatinmgpmand major axis shear areas of wide
flange sections, which have been verified by dedhaifinite element testing, were
presented in Chapter 2 (Charnely al. 2005; lyers 2005). It is suggested that these

formulas for shear areas be implemented in comrtrantaral analysis programs.

Modeling of the beam-column joint region was disagsin detail and it was stated that
deformations in the joint region should always basidered. Chapter 2 summarized the
available models, from the commonly used rigid zéator Z, to the Krawinkler and
Scissors models. Multiple references were cited, several analyses in Chapters 3 and
4 were performed, to illustrate the inadequaciassoig the rigid zone factor.

Using centerline analysiZ (= 0) may provide adequate results but it is notezd. The
reason it provides adequate results is that shefrrdations in the panel zone are
underestimated, while flexural deformations are resgmated, producing offsetting

errors which give a false impression of a corretalgsis. A modified joint force
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distribution, along with the principle of virtualosk, was utilized in Chapter 4 to obtain
more accurate lateral displacements. Studies topace differentZ values to the
Scissors model were performed. It was 1978 wherfeBsor Helmut Krawinkler
developed an analytical model that accurately sspres the strength, stiffness and
deformation response behavior of the panel zonemeg In spite of this, the most
commonly used methods in design today are not cioared can be very inaccurate, at the
cost of building economy and possibly building safeAlthough the mechanical model
of the joint region is the most accurate, it isoalke most difficult method and many
constraints limit its use in daily design. It shibibe noted that although commercial
software does provide the tools to create mechhjuicet models and implement them in
daily design, most engineers use the rigid endfacter to model the panel zone region.
Given the capabilities of computer hardware/sofeydhne adoption of mechanical joint
modeling is entirely possible and should be enagedlain the engineering community.
However, until the mechanical joint model is befpeovided by software packages and
strongly recommended by the code bodies, it ikehfithat it will be widely used. Until
that point in time, and in lieu of more accuratedalong techniques, the centerline model

is recommended as it provides the best estimate®foint deformations.

In structural design the assumption is often mdus® & connection is “pinned” or
“fixed”. However, even when modeled and designedoimned, the beam to column
connection supplies a certain amount of momentratational resistance. Accounting
for this resistance results in a partially resteditor PR connection. Several studies were
discussed which examine the benefits of using Pihections in design. The major
obstacle to widespread use of this type of conaras a reliable model that defines the
moment-rotation characteristics. With the art adwag toward performance based
engineering, more research and work is necessatlgisharea. It is noted that AISC
(2005) permits the use of PR connections and ag& mesearch is done, it is envisioned
that their use will become more common due to theirefits.

Concrete floor slabs are commonly designed to astpositely with supporting beams,

allowing for lighter members and an economical dyasystem. Under gravity loads the
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benefits are well known and commonly used. Usmgosite section properties to help
resist lateral wind loads was investigated in Ceaptof the thesis. It was shown that the
increased moment of inertia in the girders of thmmant frames provided a significant
amount of overall stiffness to the frame. Diffices were noted in that the increased
moment of inertia can only be used for the beammnvthe slab is in compression, which
provided some challenges for use in the analysigram SAP2000 (Computers and
Structures, Inc. 2006). When modeling for drifsid@, the composite action should be
utilized and this was recommended in the final nhofi€hapter 3.

Nonstructural components, whose presence is alrabvgiys neglected in building
design, have been shown to provide a considerabtriat of lateral stiffness. Multiple
studies were presented which demonstrate thattifieess of the bare frame is often
times quite different than that of the completedding. Although their contribution is
recognized, a reliable way to incorporate the N#fness into the building requires
more research. In a major design event such asadhquake the NSC should not be
relied on but for wind drift serviceability desigit, makes sense to account for this

additional source of stiffness.

The literature review of Chapter 2 touched briefpon the issues of modeling the floor
diaphragm and the foundation flexibility. A rigdiaphragm assumption may not be
appropriate for structures in which the lateraldlogsisting system is very stiff in

comparison to the floor slab (such as a shear syalem). Both of these issues require

considerable engineering judgment.

An additional issue in modeling is second orderPebelta effects. There are various
hand methods and simplified methods for accountongthese effects. The literature
review focused on computer based methods. Thedwomon ways matrix based
programs include P-Delta effects are through fogrnconsistent geometric stiffness
matrix for each element (requires iteration) omforg a linearized stiffness matrix on a
floor by floor basis (does not require iterationlk is important for the design engineer to

understand exactly how the structural analysisaso#t he/she is employing is accounting
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for P-Delta effects. The inclusion of P-Delta eflewas illustrated in the analysis of
Chapter 3 where it was concluded that any relidbiéling design should include these
effects. Incorporating P-Delta effects is not idiift given the capabilities of today’s
software packages.

Directly related to P-Delta effects is the choiéaaravity live load to use for wind drift
calculations. It is not reasonable to use thelifidl load used for strength design. Survey
based loads are provided in ASCE 7 (2005) and thkeald be used in place of those
used for strength design. No load factors shoeldiged in the appropriate wind drift

loading combinations.

5.1.3 Wind Loads
Wind loads were discussed in detail as correctlydefing the structure and using

appropriate damage measures relies on using cowew loads. Choosing an
appropriate mean return interval for calculatingavioads is a choice that must be made
by the designing engineer as serviceability issnesbeing of concern to life or safety,
are generally not addressed in building codeghdriUnited States no guidance is offered
on the subject of wind drift. It was found thathh¢éhe Canadian and European building
codes (NBCC 2005; EN 1993) offer a minimal amoungwdance in either the code or
the accompanying design guide series (Gardner agithelcot 2005). The design
engineer is left to choose an appropriate wind iseability MRI based on building
usage, past experience and the needs of the oameants. It was found that an MRI of
10 years is recommended in the literature and & @anadian building code for
serviceability design. The commonly used ASCE 008 document does not provide
any recommendations but does provide conversiotorado convert from the map
defined 50 year wind speeds to various other ratereeriods. It is recommended that
an equation for calculating the conversion factorany reference period be provided in
ASCE 7.

The design wind pressure is directly proportior@ltiie square of the wind velocity.
ASCE 7 defines basic wind speeds in terms of tkec®nd gust speed at 33 ft above the

ground in Exposure Category C. It was found in tédew of the literature that the
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method used to convert from the previously usetegasnile wind speeds (ASCE 7-93
and prior) to the current 3 second gust wind spdA&CE 7-95 to current) may have

been flawed. More research should be conductdusrarea.

A factor called the “wind directionality factor” feund in ASCE 7. Applied to the wind
velocity in the equation to determine wind presstines factor accounts for the reduced
probability of maximum winds coming from the mosifavorable direction for building
response. For most buildings the factor is 0.8famdless of site location, building
orientation or the mean recurrence interval ofled speed being used. However, it
has been shown that this factor is directly relatethe wind MRI being used, an issue
not addressed in the current provisions. For MRteater than 50 years this leads to
unsafe designs while for the shorter MRI's useddrviceability design, this issue results
in overly conservative designs. Current provisians therefore not adequate and more

research should be conducted in this area.

Building shielding is common in heavily built upban areas. However, no matter what
degree of shielding is present, wind tunnel derikedls are never permitted to be lower
than 80 percent of the code derived loads for gtredesign. As far as serviceability
loads are concerned, no guidelines exist but fielisthat this restriction can be relaxed
significantly for wind drift design. This is obwisly an area where engineering judgment

is necessary and more guidelines should be offered.

The literature review also provided information other methods of obtaining wind
loads. Different wind tunnel models were discusaed summarized. Database assisted
design, which is useful for common building geonestis another option, although more
work is necessary in this area. Computation filydamics was touched upon as perhaps
being the future of wind engineering. Althoughsttiield holds much promise, its
everyday implementation is still years away.

5.1.4 Building Response
Measuring the full-scale in situ response of acttme to actual loads is beneficial in that

the collected data may be used to validate (orroNs) design procedures and design
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methods and reveal unsafe or uneconomical desigisides. The measured response
can then be compared to the predicted responge, baih finite element software and

wind tunnel methods, to provide valuable informatior the engineering community.

The use of GPS to monitor building response hadacefd the traditionally used
accelerometers in many applications. GPS hashhi¢yao capture both the static and
dynamic components of building movement while amwwheters capture only the
dynamic component. Chapter 2 presented severshnioss of recorded building
response and mentioned a major ongoing projecthicago (Kijewski-Correaet al.
2005). Measuring full-scale building response v&@kable tool that should be used more

often, as it is the only true way to validate tlesign procedure currently in use.

5.1.5 Wind Drift Design Survey
A survey to assess the current state of the pedigiven in Appendix A. Currently in

progress, this survey will provide useful infornegtion how companies nationwide
address the issue of wind drift in steel frameddings. It is envisioned that the results
from this survey alongside the information providedhe literature review and learned
from the analytical studies in this thesis will pide a motivation and basis for
performance based wind drift design of steel fratmgttings.

5.2 Final Recommendations

The author’s overall recommendations are now pteseregarding the design of steel

framed buildings to satisfy the limit state of widdft serviceability.

- Wind drift refers to the lateral movement of ailthmg due to wind loading.
Nonstructural damage due to this lateral movensetiia result of shear strains exceeding
elastic material limits. In the design stage, ststiain in drift damageable zones should
be constrained to certain limits based on the nadte¢he wind velocity return interval
used to calculate wind loads and the building usaggers needs. References should be
consulted for damage limits for the nonstructurakenals, such as the ones provided in
Chapter 2 of this thesis.
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- The MRI used for calculating wind loads for thmit state of wind drift serviceability
should not be greater than 10 years. Where pastriexce has shown that a shorter MRI

is adequate, the MRI may be reduced per enginegriggnent.

- The wind directionality factor which is found ASCE 7 (2005) should be applied to
the wind velocity used to calculate wind loads ftbe limit state of wind drift

serviceability.

- Shielding due to neighboring buildings may besidered in wind tunnel testing. Per
engineering judgment, tunnel obtained wind presshedow 80 percent of the equivalent
code obtained wind pressures may be used forihedtate of wind drift serviceability.

In the absence of wind tunnel tests and site Spewihd speed data, the code obtained

wind pressures may be reduced by up to 20 perezrgrmineering judgment.

- In the modeling and analysis of buildings sulgdcto lateral wind loads the following
guidelines are offered:
a) All sources of material deformations in the struatlumembers should be
considered.

i) This includes deformations arising from major andhan axis flexural
stresses, major and minor axis shear stressed, sirg@ses and torsional
stresses.

b) Material deformations occurring in the beam-colujomt regions should be
considered.

i) In the absence of reliable mechanical models, nahtdeformations in the
joint may be accounted for by using a rigid zonetda of zero (Centerline
model).

c) The effects of floor beams and girders acting costply with the concrete floor
slab should be considered.

d) The stiffness of connections not considered fukgd may be considered.
i) A reliable force-deformation response curve for thpecific type of

connection should be used.
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e) Second order P-Delta effects should be includgteranalysis.
i) Survey based live loads should be used.
i) For the appropriate LRFD load combination, all imatiould be unfactored.
f) Foundation flexibility may be considered basedlmntype of foundation and the
condition of the substructure material.
g) Nonstructural building components may be includethe structural model.
i) Properties used for the nonstructural materials ulshobe based on
experimental testing from reliable research sources
i) The contributing stiffness from nonstructural eletse should only be

considered for the limit state of wind drift semability.
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Appendix A
Wind Drift Survey

A.1 Overview
This section of the thesis addresses the new swf/éye practice to assess the current

state of the art in wind drift design of steel dinlgs. A new survey was considered
necessary given the significant advances that bavespired in the field since the last
survey, nearly twenty years ago, when the use ohpters was just becoming
commonplace. In terms of structural engineerimgnputers are to the late 2@entury
what steel was to the late™8entury; a revolutionary force that has changedftice of
the profession. When the first survey was condijatemputers were just beginning to
be used in everyday design and with very limitepligptions. Computer capability has
increased in three significant ways:
1. Computations per Second per $1000 has increasestastiblly in accordance
with Moore’s Law, The Fifth Paradigm
2. Program capacity places virtually no restrictioms what can be modeled, the
number of degrees of freedom or the physical dinoassof the structure

3. Graphical user interaction provides a whole nevell@¥ control

Additionally, the following advancements have coai®ut as a result of the constantly
evolving technology:
* The formulation of matrix structural analysis oapé and space trusses and
frames and their implementation in computer program
» The development of the finite element and implemgon in computer
programs
» Direct second order analysis, including all sour@edeformation, accounting
for foundation flexibility and accurate modeling tbe panel zone regions are

all within reach for the typical design firm.
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» Structural optimization algorithms that, throughdueing overall building
weight and/or increasing member redundancy, enddségners to achieve a
level of structural performance and economy thas waeviously difficult if
not impossible to attain.

* Wind tunnel testing continues to advance while b@og more widespread
and affordable

* The adoption of the Load and Resistance FactorgdgdiRFD) philosophy

by many structural engineers

Furthermore, in addition to technological advancetséhe following changes in the
structural engineering field have affected the wtyictures are designed for drift:
* The typical return interval used in design for seFability issues of drift has
changed dramatically, from a 50 year to a 10 yezaimreturn interval.
» It has been shown that drift is not the most adeunseasurement of structural
damageability (Charney 1990, Griffis 1993).
* Performance based design, developed for earthgeakgeering, shows

much promise in redefining the practice of desigaiast wind damage.

It is extremely important to gain an overview oé tvays in which these advances have
affected the state of the art and to bring thessngés, positive and negative, to the
attention of the community. Because serviceabiiityt states are not codified, the way
they are handled may differ considerably from fitonfirm; these differences will be

brought to light.

A.2 Methods and Procedure
The survey was developed by the author and Dre¥fi@harney of Virginia Tech in

collaboration with the ASCE Task Committee on D@fintrol of Steel Buildings. Many
of the questions posed in the original survey wesed as well as additional questions
that reflect the current state of the art. In derapt to make the survey widely
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assessable, with the added benefit of convenidatrdaovery, the internet was used as a

distribution tool.

As a “front-page” for the survey, a web page wasated that contained instructions, a
glossary of terms, as well as a link to both a papel online copy of the survey. For the
web-based version, the websif@estionPro.comwas used to create a user-friendly
online version of the survey for the respondentslit@ut online. As an alternative, an
identical paper copy of the survey was availabbenfithe “front-page” website for those

who wished to print it out and mail in their respes. The survey consists of two parts:

PART 1: General Drift and Perception of Motion lesu
PART 2: Structural Analysis of Ten Story Building

Part 1 deals mainly with drift issues, with quessiganging from technical (How do you
model the beam-column joint region?) and practitdbw many years of design
experience do you have?) to philosophical (Shoufdiwdrift criteria be codified?). Part

1 is split into six distinct sections:

I. Personal and Company Information
[I.  Wind Drift: General Issues
lll. Structural Modeling Issues
IV. Wind Loads
V. Wind Drift Limits

VI. Perception of Motion (optional)

Section |, by asking about company size and expeeiewill enable correlation between
other sections (such as modeling procedures) withpany size. For example, do larger
companies have more resources which enable advanumtkling? Do smaller
companies generally follow a certain approach?ti@es Il through V contain specific
guestions regarding the topic at hand. Commenédaxe provided frequently as some
guestions can not simply be answered as yes otmaddition, anonymity is guaranteed
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in an attempt to gather personal opinions/practaespposed to making it feel like an
engineering exam or a critique of the firm. Sett\d addresses perception of motion
issues. This section is optional and intended @yhose with significant experience in
the area. Motion perception is a design issueithatore common in tall and/or slender
structures, which the majority of the practice dnesdeal with frequently. However, the
issue of wind drift is very commonly dealt with angpengineers. That is why wind drift

is the main topic with motion perception includexdasm addendum.

Part 2 of the survey, optional and only to be dilleut by those who completed Part 1,
asks the respondent to conduct an analysis of plesib® story steel framed building. All
member sizes, connection details, diaphragm assomsptand lateral and gravity loads
are provided. The respondents are asked to moediuilding as he/she normally would
and provide data on the computed response in the éb lateral drift and modal periods.
Respondents are then asked to use ASCE 7-05 tordletewind loads for the structure.
Several assumptions must be made at this poinéxposure category must be selected
based on the aerial photograph of the site andcarmence interval for wind drift
calculations must be selected, based on companyiggato calculate the wind velocity.
Using the calculated wind loads, the analysis rsi@@ out and tables of lateral drift are
filled out. As an extra incentive to perform P&t of the survey, a structural
design/analysis program (SAP2000 or ETABS) willdreen away, through a random
drawing, to one of the respondents. In orderdicis the responses from as many
structural engineers as possible, the survey watelwiadvertised in several major
publications (Journal of Modern Steel ConstructiStructural Engineer, Structures) and

through email advertisement.

A.3 Preliminary Results
As of the time of this printing, the survey has gatnered enough responses to provide a

conclusive list of results and conclusions. Aféirof the survey results are collected, a
comprehensive paper will be published in a majagireering journal. This will allow

the results to be distributed to the professiomn@iwith opinions and comments from the
committee. Itis hoped that through this surved tne subsequent publication of journal,
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the important issue of how wind drift in steel frednbuildings is dealt with among

design firms will be better understood.

However, some preliminary data is available and malw be presented. At this point
there are 44 respondents to the survey. The follpwtatistics are presented.

» 48 percent hold a Bachelors Degree

» 43 percent hold a Masters Degree

* 9 percent hold a Doctorate

» Average design experience of 17 years

In response to the question “At what building heigbes wind drift become a design
issue?” the majority answered one story and felt #il buildings should consider the

effects of wind drift.

The question of whether wind drift limits should bedified elicited strong responses.
While the majority of the respondents felt thatvgmrability issues should not be strictly
codified, there was a clear consensus that morgague is necessary through design

guides or a standard of care. Here are some afimenents offered.

“Since building codes are silent on allowable drifie standard of care by which structural

engineers are judged with respect to the adequatyeiv designs is highly variable.”

“There should be a common recommendation for dFife temptation is to allow excessive drift
to limit costs. Some building manufacturers have dii@d limits and, of course, their buildings
are cheaper.”

“I think it would be valuable for there to be a eadefined standard of care for drift limits.”
“There has been too much of a trend toward attengptio codify every aspect of structural

engineering. Some issues, especially issues gscsiub as drift perception, should be left to

discretion.”
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The majority of respondents said that they inclalisources of deformation in analysis;
however, there were some surprising statistics:

* 42% never include shear deformations in beams

* 38% never include shear deformations in columns

* 23% never include axial deformations in columns

The large majority includes P-Delta effects and 1G3@ percent of the design gravity live

loads for this calculation.

Regarding the panel zone region, the majority @&ent) employ the centerline model.

A large range of drift limits were observed amohg tespondents. For a one story metal
warehouse the drift limits ranged from h/40 to @53 50 year wind MRI was the most
commonly used wind load for drift calculations, malues provided ranged from 10 to

100 years.

A.4  ASCE Wind Drift Survey
The survey is now presented in its entirety, beggnwith the introduction and

concluding with the glossary.
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Design of Steel-Framed Buildings for Wind
Drift and Motion Control

Instructions

The survey is divided into two Parts, consistin@abtal of seven Section®art 1 of the
survey contains Sections | through VI. Sectiorthrbugh V cover issues that relate
primarily to wind drift. Section VI covers issueslated exclusively to perception of
motion. Section VI should be completed only if yieave significant experience with
perception of motion issues. To provide incenfimecompleting Part 1 of the survey,
one free copy of ASCE 7-05 will be provided to fivespondents. The respondents
designated to receive the document will be detezthivy a drawing.

Part 2 of the survey contains only one sectionis Pplart of the survey is optional, and
requires that the respondent perform drift relat@idulations for a hypothetical ten-story
structure. To provide incentive for completing tPaof the survey, a copy of SAP2000
or ETABS will be awarded to the employer of oneprexdent. The firm designated to
receive the software will be determined by a drawin

Each part of the survey may be filled out by usarmfbn-line utility, or by completing a
paper version. Both versions of the survey mafobad at the following web address:

http://www.celes.ictas.vt.edu/drift/

The paper version should be mailed to the Commadateg if the on-line version is not
attempted. The mailing address is as follows:

Dr. Finley A. Charney
ASCE Drift Survey

PO Box 990
Blacksburg, VA 24063

Several specific guidelines for completing the suey are provided below:

 The Committee’s desire that the survey be complbtedhdividuals, and not by
firms. Hence, several members of the same firmeamuraged to complete the
survey.

 Part 1 of the survey requests the name of the nelgmd’'s employer. This
information is required. It will be used for datduction purposes only, and will
not be made public.
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Part 1 of the survey asks you to enter an eighit digphanumeric code (e.g
FAC1952X). The same code must be entered in Pafttl2e survey. This code
is used to link together the two parts of the syurvéhe code will also be used to
notify the winners of the drawings for the ASCE dcdment and the software.
This will be done by posting the winning codes lba Survey’'s Home Page. The
winning codes and instructions for collecting thizgs will be posted on June 1,
2006.

It is highly recommended that the paper versioreath part of the survey be
reviewed in its entirety before the on-line versisraccessed, or before the paper
version is completed.

Each part of the on-line version of the survey mhestcompleted at one sitting.
Filling out the paper version ahead of time wiltifaate this.

The survey may contain technical terms that ardartliar to you. If this is the
case, refer to the glossary document that is @ailan the Survey’s Home Page.

If you do not know the answer to a particular guestplease do not guess.
Simply leave the response for that question blank.

The estimated time to complete the various parte@turvey are as follows:

Estimated Survey Completion Times

Survey Section Estimated Time
Required to Complete
(Minutes)

I: Personal and Company Info 5

[I: Wind Drift: General Issues 30

[ll: Structural Modeling 5

IV: Wind Loads 5

V: Drift Measures and Limits 5

VI: Perception of Motion 5

VII: Frame Calculations 120
(optional)

Thank you for taking the time to fill out this se
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Design of Steel-Framed Buildings for Vihd:
Drift and Motion Control

PART 1: General Drift and Perception of Motion Isstes

Instructions
Instructions for filling out this survey may be faliat the following web site:

http://www.celes.ictas.vt.edu/drift/

I) Personal and Company Information

-1)

1-2)

-3)

I-4)

I-5)

1-6)

The name of your design firm (please spel).owPlease note that the name of

your firm will not be made public.

To allow us to link Part 1 of the survey wilart 2, please create an eight digit
alphanumeric code to identify yourself. Please eeper the code for future
reference. You will be asked for this code in Paof the survey.

Your location (City and State):

Your level of college education:

B.S.

M.S.

Ph.D.

Number of years of experience in a desigiceff

Please indicate if you hold the following peegional licenses:
P.E.

S.E.
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Please provideestimatedor questions I-6 through I-10.

-7)

1-8)

1-9)

-10)

-11)

Total number of structural engineers in yaumfwho design buildings (including
all offices):

Average years of college education of indiattuperforming structural analysis
and design calculations related to this questioenai

Average years of professional experience divilduals performing structural
analysis and design calculations related to thestjonnaire:

Average years of professional experienceespns in responsible charge of
persons performing calculations related to thiseyr

Complete the following table that indicatbs wolume of work in your entire firm
over the last ten years. If you do not have infatron for your firm, enter the
information for your office, and indicate in thepmppriate space that the data is
for your office only.

Enter the approximate number of steel building he specified building use
category. If your firm has been designing buildinfgr less than ten years,
specify the appropriate number of years in the spaovided below the table.

Building Use Number of Stories
1-5 6-20 21-40 >40

Commercial
Residential
Institutional
Industrial
Other

Total
Number of years designing buildings if less thanytears:

The data in the above table is for:
The entire firm
My office
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[I) Wind Drift: General Issues

[I-1) Is wind drift a common design issue for hliigs designed by your firen
Yes, very common (>75% of all steel building

Yes, somewhat common ( >50% of all steédtings)

No, somewhat uncommon ( <50% of all steidlimgs)

No, very uncommon ( <25% of all steel buidi)

[I-2) At what building height (number of storied)es wind drift become a significant
design issue?
Stories

[I-3) Does your firm have written policies and pedares related to wind drift?
Yes
No

lI-4) If you answered “yes” to question 3, woulduwybe willing to share the guidelines
with the Task Committee?
Yes (please em&harney@vt.edand you will be contacted further)
No

[I-5)  Why do you limit drift? Please rank thelfmking reasons in terms of priority 1 to 5
with 1 being the highest priority and 5 being theést priority.

To limit damage to structural elements

To limit damage to nonstructural elements

To limit lateral accelerations

To minimize or reduce second-order (P-Delti@cts
Other. (please specify):

[I-6) Current building codes (e.g. 2006 IBC) do specify drift limits for wind loads.
Do you believe that wind drift limits should be spied in building codes?
Yes
No
[I-7) Please explain your answer in (6) above prayide any comments in the space
below.
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[I-8) Complete the following information for thive structural steel buildings that
were most recently designed by your firm in whigind controlled the design of
the lateral load systelfseismic controlled buildings are ineligible).
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Question 11-8, Building # 1

Frame Type (more than one type may be selectecbfabined or dual systems)

Moment Resisting Frame with Rigid Connexgio

Moment resisting Frame with Flexible Cotioas
Concentrically Braced Frame

Eccentrically Braced Frame

Other

Building Dimensions
Number of stories
Height (ft)
Length (ft)
Width (ft)

Average building density
pcf

Use (occupancy). Check all that apply if the buaigdis multi use.
Commercial
Residential
Institutional
Industrial

Location (City, State)

Exposure (per ASCE-7 descriptions)

o0Ow>

Basic wind speed and mean recurrence interval iasestrength
Speed (mph for 3 second gust)
MRI (years)

Basic wind speed and mean recurrence interval iasegkrviceability
Speed (mph for 3 second gust)
MRI (years)

Was a wind tunnel used in the design of this baddi

No
Yes
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Question 11-8, Building # 2

Frame Type (more than one type may be selectecbfabined or dual systems)

Moment Resisting Frame with Rigid Connexgio

Moment resisting Frame with Flexible Cotioas
Concentrically Braced Frame

Eccentrically Braced Frame

Other

Building Dimensions
Number of stories
Height (ft)
Length (ft)
Width (ft)

Average building density
pcf

Use (occupancy). Check all that apply if the buaigdis multi use.
Commercial
Residential
Institutional
Industrial

Location (City, State)

Exposure (per ASCE-7 descriptions)

o0Ow>

Basic wind speed and mean recurrence interval iasestrength
Speed (mph for 3 second gust)
MRI (years)

Basic wind speed and mean recurrence interval iasegkrviceability
Speed (mph for 3 second gust)
MRI (years)

Was a wind tunnel used in the design of this baddi

No
Yes
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Question 11-8, Building # 3

Frame Type (more than one type may be selectecbfabined or dual systems)

Moment Resisting Frame with Rigid Connexgio

Moment resisting Frame with Flexible Cotioas
Concentrically Braced Frame

Eccentrically Braced Frame

Other

Building Dimensions
Number of stories
Height (ft)
Length (ft)
Width (ft)

Average building density
pcf

Use (occupancy). Check all that apply if the buaigdis multi use.
Commercial
Residential
Institutional
Industrial

Location (City, State)

Exposure (per ASCE-7 descriptions)

o0Ow>

Basic wind speed and mean recurrence interval iasestrength
Speed (mph for 3 second gust)
MRI (years)

Basic wind speed and mean recurrence interval iasegkrviceability
Speed (mph for 3 second gust)
MRI (years)

Was a wind tunnel used in the design of this baddi

No
Yes
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Question 11-8, Building # 4

Frame Type (more than one type may be selectecbfabined or dual systems)

Moment Resisting Frame with Rigid Connexgio

Moment resisting Frame with Flexible Cotioas
Concentrically Braced Frame

Eccentrically Braced Frame

Other

Building Dimensions
Number of stories
Height (ft)
Length (ft)
Width (ft)

Average building density
pcf

Use (occupancy). Check all that apply if the buaigdis multi use.
Commercial
Residential
Institutional
Industrial

Location (City, State)

Exposure (per ASCE-7 descriptions)

o0Ow>

Basic wind speed and mean recurrence interval iasestrength
Speed (mph for 3 second gust)
MRI (years)

Basic wind speed and mean recurrence interval iasegkrviceability
Speed (mph for 3 second gust)
MRI (years)

Was a wind tunnel used in the design of this baddi

No
Yes
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Question 11-8, Building # 5

Frame Type (more than one type may be selectecbfabined or dual systems)

Moment Resisting Frame with Rigid Connexgio

Moment resisting Frame with Flexible Cotioas
Concentrically Braced Frame

Eccentrically Braced Frame

Other

Building Dimensions
Number of stories
Height (ft)
Length (ft)
Width (ft)

Average building density
pcf

Use (occupancy). Check all that apply if the buaigdis multi use.
Commercial
Residential
Institutional
Industrial

Location (City, State)

Exposure (per ASCE-7 descriptions)

o0Ow>

Basic wind speed and mean recurrence interval iasestrength
Speed (mph for 3 second gust)
MRI (years)

Basic wind speed and mean recurrence interval iasegkrviceability
Speed (mph for 3 second gust)
MRI (years)

Was a wind tunnel used in the design of this baddi

No
Yes
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Question 11-8, All Buildings

In the following table please indicate which singémn predominantly controlled the
design of the lateral load resisting system forlthigdings described above.

Wind: Wind: Drift Wind:

Strength Motion
Building #1 [] L] L]
Building #2 [] L] L]
Building #3 [] L] O]
Building #4 [] L] O]
Building #5 [] L] O]
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[II) Structural Modeling Issues

l1I-1) What software does your firm use with respedateral load analysidor steel
structures? List the three programs most ofted €meeach building category.
Enter “in-house” if the software was developed byryfirm:

a) Low rise buildings (1 - 5 stories)
1)
2)
3)

b) Mid Rise Buildings (6 - 20 stories)
1)
2)
3)

c¢) Tall buildings (21 stories and taller)
1)
2)
3)

[1I-2) When modeling buildings, the structure is shoftenmodeled in....
two dimensions
three dimensions

[1I-3) Please explain your answer to question 2.

[lI-4)  When modeling in three dimensions, a variety obfldiaphragm models
may be used. How often do you use the approawted below?

Usually Sometimes Rarely
Fully flexible [] L] O]
Rigid in-plane, flexible out of plane [] L] ]
Using membrane type finite elements [] L] L]
Using plate type finite elements [] L] ]
Using shell type finite elements [] L] L]

168



[1I-5) Please explain you answer to question 4.

[1I-6) When modeling beams and girders, do you expl include the following

effects?
Usually Sometimes Rarely
Composite action L] ] ]
Axial deformations ] ] ]
Shear deformations ] ] ]

l1I-7) When modeling columns, do you explicitly inde the following effects?

Usually Sometimes Rarely
Axial deformations [] L] O]
Shear deformations [] L] L]
Splice location and flexibility [] L] ]

[11-8) When modeling diagonal braces, do you esipii include the following effects?

Usually Sometimes Rarely
Axial deformation [] L] L]
Shear deformation [] L] L]
Tension only braces [] L] ]
Stiffness of gusset plates [] L] ]

[11-9) Do you explicitly include beam-column (parene) deformations?

Usually Sometimes Rarely
[] L] L]

[11-10) Briefly explain your answer to question 9.

169



[1I-11) When modeling the beam column joint (parmbne) region of moment
resisting frames, a variety of approaches may d&sl.u Indicate how often the
following models are used. (See glossary for dkadims).

Usually Sometimes Rarely
Centerline analysis (no rigid end zones) [] L] L]
Clear span analysis (fully rigid end zones) [] L] ]
Partially rigid end zones [] L] ]
Panel zone effects are modeled explicitly [] L] L]

[11-12 When beam-column joints are modeled exgicithe following model is most
often used (see glossary for definitions):

Scissors model

Krawinkler Model

Section property correction factors

Other approach (please specify)

[11-13) Do you design structures with semi-rigicRJPconnections?

Usually Sometimes Rarely
[ []

[1I-14) Do you explicitly include non-structuraleshents in the model?

Usually Sometimes Rarely
[ []

[1I-15) Briefly explain your answer to question.14

[11-16) Do you include foundation flexibility in yar model?

Usually Sometimes Rarely
[ []

[11-17) Briefly explain your answer to question.16
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[11-18) Do you include second order (P-Delta) ef§&c

Usually Sometimes Rarely
[] L] L]

[11-19) Briefly explain your answer to question.18

[1I-20) When modeling P-Delta effects, please imadéc how often the following
procedures are used.

Usually Sometimes Rarely
Manually post-process computer results L] ] ]
Use story geometric stiffness [] L] L]
Use element geometric stiffness L] ] O
Use large displacement analysis [] L] ]
Other: [] L] L]

[11-21) When modeling P-Delta effects, what percehteduced live load do you use
when computing gravity loads?

%

[11-22) Do you use any procedures for optimum (temsight) distribution of materials?

None used

Virtual work based procedures
Formal optimization procedures
Other (please specify)

[11-23) For tall flexible buildings, the wind load a function of the structure’s damping.
Please specify, in percent critical, the level afnghing used in your design of
steel buildings.

Moment resisting frames
Partially rigid frames
Braced frames
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V) Wind Loads

IV-1) Where do you typically obtain wind loads? icate in percent so that the total is
100.

Building code

Wind tunnel

Database assisted design

Other (please specify)

IV-2) Do you use different wind loads for servibdday and strength?
Yes
No

IV-3) What return period do you use for wind drift?
1 year

10 year

25 year

50 year

100 year

Other (please specify)

IV-4) Does the owner or architect play a role de@dwhat MRI (Mean recurrence
interval) to use for serviceability?

Usually Sometimes Rarely
[] L] L]

IV-5) When designing for strength, ASCE-7 requitke consideration of unbalanced
wind loads. Do you use unbalanced wind loads vdwauating drift?
Yes
No

IV-6) Do you believe the code procedures for detemmg wind loads are clear? (For
example, would two engineers working independendiculate the same wind
loads for a given structure, location and wind meinterval? )

Yes
No

IV-7) What is the primary motivation for recommengithe use of a wind tunnel? If
you have more than one reason, please rank yoponsss by entering “1” for the most
important, “2” for intermediate importance, and ‘18t low importance.

to obtain realistic cladding pressures

to obtain more realistic pressures for aesfgstructure

to obtain estimates of lateral accelerations

other (please specify)

172



IV-8) For what building height do you generally oeemend wind tunnel tests?
10 stories or taller

20 stories or taller

40 stories or taller

taller than 60 stories

other (please specify)

IV-9) When using a wind-tunnel, do you use diffdrerposure models for drift and
strength issues?
Yes
No
Never used a wind tunnel

IV-10) When using code based loads, do you useréifit exposure models for drift and
strength issues?
Yes
No
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V) Wind Drift Limits

V-1)  Which of the following measures of wind diigtmost often used in your firm?
total drift (or total drift ratio)
interstory drift (or inter-story drift rajio

total drift and interstory drift (using dfent limits)
shear strain
other (please specify)

V-2) At what location in the floor plates do yoonspute the drift?
at the center of mass
at the building extremities

V-3) When comparing thallowablewind drift to the quantity computed in (1) and (2)
above, the allowable drift is a function of theldaling: (Indicate importance for
each item using a scale of 1 to 5, where 1 is legsbrtant and 5 is most
important)

type of structural system (moment framecdatdrame)

building use (residential, commercial, etc.)

building height

cladding type

interior partition type (masonry, dry walc.)

mean recurrence interval of wind loads

method of calculating drift

none of the above. The same drift liméthvgays used.

V-4) Have you ever performed an analysis to deteemvhether it is more economical
to add stiffness to avoid damage, or to accept damad the associated costs?
Yes
No
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V-5) Four hypothetical building are to be desighgdyour firm. On the basis of your
current design procedures, fill in the last threkimns of the table below. Please
enter the drift limits as a ratio (e.g. H/500 wibbk entered as 0.0020). If you
use strain as a drift measure, enter the stra@cidly:

Type Use Height | Cladding | Interior Wind Drift Drift
(stories) Partitions MRI Measure | Limit
(years) [a]
Moment | Warehouse 1 Metal None
Frame Cladding
Braced Hospital 10 Brick Drywall
Frame
Moment Office 30 Glass and Drywall
Frame Building granite (service
curtain | core only)
wall
Framed Hotel 80 Glass | Drywall
Tube Curtain (service
wall core only)

All buildings are rectangular with a plan dimensadriL00 ft by 180 ft.
[a] See question V-1.

175




VI) Perception of Motion (optional)

This portion of the survey is optional. Pleasepmesd only if you have significant
experience in designing buildings where perceptibmotion due to wind is a common
design issue.

VI-1) Which factors are most likely to cause petaapof motion to become a design
issue (select all that apply):
building height
building slenderness
building density
structural system
terrain, including existing construction lase proximity to subject
building
acceptance criteria specified by owner

VI-2) Does your firm have written policies and pealures related to perception of
motion?

No

VI-3) If you answered “yes” to question 2, wowylou be willing to share the guidelines
with the Task Committee?
Yes
No

VI-4) What wind mean recurrence interval do you fmsegperception of motion?
1 year
10 year
25 year
50 year
100 year
Other (please specify)

VI-5) What level of damping do you assume in chdtians related to perception of
motion in steel buildings? (Enter values in petazitical)

moment resisting frames
partially rigid frames
braced frames
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VI-6)

VI-7)

VI-8)

VI-9)

What motion limits (in milli-g) do you usef the building types indicated below.
The motion limit should correlate with the MRI setled in question 5. Please
indicate if the motion limits are maximum or RMS.
Maximum(_] RMS[ ]

office buildings

residential buildings

mixed use facilities

Are the motion limits specified in questiérfrequency dependent?
Yes
No

Are the motion limits specified in questiérpart of a standard (e.g. ISO).
Yes (please specify)
No

Do you use approximate formulas for estimgtmotion in tall buildings? If so,

please provide a reference. (Example: NationaldBig Code of Canada).
Yes (please specify)
No

VI-10) Please fill in the two tables below with pest to perception of motion issues in

the past five steel building you designed whereiomoivas a design issue.

# | Building Structural System Height] Maximum Density | Bldg. period
Use (Stories) | Height/ width|  (pcf) T (seconds)
1
2
3
4
5
# | Design| Wind Tunnel Method Maximum Acceleration Are
MRI (Force Balance, acceleration from limit accelerations
(years) Aeroelastic) wind tunnel (Milli-g) Absolute or
(Milli-g) RMS?
1
2
3
4
5
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VI-11) Have you ever used any of the following maticontrol devices in the design of
your buildings? Check all that apply

Tuned mass dampers

Sloshing fluid dampers

Pendulum dampers

Viscoelastic dampers

Viscous fluid dampers

Other (please specify)

VI-12) Have you ever taken a “wait and see” appho@ the use of controlling devices,
where a building is completed without the device] auch devices are
implemented only after building use indicates gath devices are necessary?

Yes
No

VI-13) Have you ever taken an “informational apmioato the problem of wind induced
motion (i.e. inform the owner/occupants that thédmyg is safe and the motion is to be
expected on occasion)?

Yes

No
VI-14) Current building codes (e.g. 2006 IBC) du specify lateral acceleration limits.

Do you believe that codes should specify such $tit
Yes
No

VI-15) Briefly explain your answer to question 14.
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Design of Steel-Framed Buildings for Wind:
Drift and Motion Control

PART 2: Structural Analysis of Ten Story Building

Instructions for Completing PART 2
Please complete this part of the survey ONLY if a0 completed part 1 of the survey.

It is recommended that you print out this survey agad through all of the questions
before beginning any work. After performing thequeed calculations, enter your
responses on the paper copy of the survey, andiesfer the information to the on-line
survey, located at:

http://www.celes.ictas.vt.edu/drift/

If you prefer, you may mail the completed papewsurto:

Finley Charney

ASCE Wind Drift Survey
PO Box 990
Blacksburg, VA 24063

Introduction

It this part of the survey you are asked to perfanvariety of calculations on a

hypothetical 10-story office building located inrskey City, New Jersey. The

approximate site for the building is the cornelédishington Blvd. and Thomas Gangemi
Dr. Figure 1 provides a site plan and an aehalk@graph for the site. (lllustrations may
be found at the end of this document.)

The building is rectangular in plan, as shown igufé 2. The lateral load resisting
system consists of moment resisting frames in thé &rection and braced frames in the
N-S direction. Figures 3 through 5 provide elemadi for these frames. Figure 6 is an
elevation of the end-frames (on grid lines A and Fhe interior columns of these frames
resist gravity loads only. The moment frames aily fvelded, with typical connection
details as shown in Figure 7. Connection detaistlie braced frame are illustrated in
Figure 8. Gravity connections are typical sheareannections.

General information about the structure is provitdebbw:
General Information

= Beams and columns: A992 steel
= Construction is shored.
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= Braces, HSS: A500 steel
= Studs: ¥ in diameter, Fu = 60 ksi
= Concrete: 4 ksi lightweight concrete (110 pcf)
= Slab: 6.25” total depth on a 3” metal deck.
Design Gravity Loads
Typical Floor Dead Loads (not including steel frag)i
Slab, deck and finish = 50 psf
Ceiling and mechanical = 15 psf
Typical Floor Live Loads
Floor =50 psf
Partition = 20 psf
Roof Dead Loads
Slab and deck = 50 psf
Ceiling and mechanical = 15 psf
Roofing = 15 psf
Roof Live Loads
Minimum Live Load = 20 psf
Snow = 16 psf
Other Gravity Loads
Exterior Cladding = 15 psf (vertical surface)

Design Wind Loads
Use ASCE 7-05. See Figure 1 for exposure andiecoanditions.

Instructions for Structural Analysis
Only minimal instructions are provided for the arsad, as follows:

1. Assume the floor and roof diaphragms are rigid lamp and flexible out of
plane.

2. The bases of the columns of the moment framesudlyefiiked.

3. The bases of the columns of the gravity and bré&eades are pinned.

4. All structural analysis is to be performed as itiywill be using the results to
check the adequacy of the structure for wind drift.

5. When performing the structural analysis, it is vemportant that the building
be analyzed in accordance with the current statbeopractice in your firm.
Please do not modify your calculations on the bakighat you infer from the
guestions asked in this survey.

6. Do not check the building for strength.
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1) Enter the 8-Digit alphanumeric identificatioonde you created when you completed
Part 1 of the survey.

2) Compute the periods of vibration for the finst ;odes, and enter the results in the
following table:

Mode Period of Vibration| Predomination Direction
(seconds) N-S, E-W, or Torsion

OO IWINF

3) Compute the total lateral displacemtrat would occur at each level of the building
if a 10 kip lateral force is applied at the cerdEmass of each level of the building
(including the roof), as follows:

(a) Loads applied in the N-S direction only
(b) Loads applied in the E-W direction

Enter you results in the table below:

Level | Displacement (inches) for Displacement (inches) foy
loads applied in the N-S| loads applied in the N-S
direction only. direction only.

Nw|d|o|o|~|wm|o| 5D
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4. Using ASCE 7-05 to determine wind loads, penfarstructural analysis and complete
the tables below. Use the same analytical modedsasused for question 4.

Wind exposure used in determining wind loads (ACBD)

Wind recurrence interval used for drift calculagqyears)

Was the structure considered as Flexible or Rigddust response)?

Did you use a directionality factor in computingwiloads?

Drift Measure Type (see below)

Drift Limit Type (must be consistent with Drift Meare)

Software used to analyze building

Time it took you to determine the wind loads (mas)t

Time it took you to set up the analytical modelrfaies)

Drift Measure types are as follows:
Total drift (inches)
Inter-story Drift (inches)
Total Drift Ratio
Inter-story Drift Ratio
Local Shear Strain

For Winds Acting in the N-S Direction

Level Total Wind | Total Drift at Center Computed Drift Drift Limit
Force (kips) of Mass (inches) Measure
R
10
9
8
7
6
5
4
3
2

For Winds Acting in the E-W Direction

Story Total Wind | Total Drift at Center Computed Drift Drift Limit
Level Force (kips) of Mass (inches) Measure

R

10

9

8

7

6

5

4

3

2
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5. Would you consider the building adequate wégards to wind drift serviceability?
Please explain your answer.

6. Write a short (500 words or less) descriptibgaur analysis.
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Figure A.1: Site Map and Aerial Photograph
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ASCE/SEI Wind Drift Survey Glossary

Centerline Analysis
Structural analysis which assumes that the beaommuoljoint region has zero width or
depth. See Figure 9a.

Clear Span Analysis

Structural analysis in which the entire depth andthvof the beam-column joint is
considered to be infinitely rigid. See Figure 90ften referred to as Fully Rigid Joint
analysis.

Consistent Geometric Stiffness
Geometric stiffness formulated on the basis of biccpolynomial deformation pattern
between member ends

Fully Restrained Connection
See the definition for Fully Rigid Connection

Fully Rigid Connection
A beam-to-column connection that provides compfegrural continuity between the
beam and the column

Geometric Stiffness
That component of an elements stiffness that adedonsecond-order (P-Delta) effects

Interstory Drift
The difference in lateral displacement betweenadjacent levels of a building

Interstory Drift Index
The interstory drift divided by the vertical distanbetween the two adjacent stories for
which the inter story drift is computed

Krawinkler Model
An analytical model of a beam-column joint as ilfated in Figure 10a

Linearized Geometric Stiffness
Geometric stiffness formulated on the basis of might-line deformation pattern
between member ends

Mean Recurrence Interval (MRI)

Also called Return Interval. The MRI is the inversf the annual probability. The 3-
second gust speeds in ASCE 7-05 are based on aRBpdvl an annual probability of
0.02

192



Membrane Element
A planar finite element that resists in-plane faroaly

Partially Restrained Connection
See the definition for Semi-Rigid Connection

Partially Rigid Joint Analysis
Analysis in which it is assumed that the beam colyoint is rigid, but has reduced
dimensions. See Figure 9b

Plate Bending Element
A planar finite element that resists moments albwot mutually perpendicular axes that
are situated in the plane of the element. The etmas zero in-plane stiffness

Rigid Diaphragm
A floor or roof diaphragm that is assumed to beniteély rigid in-plane, and infinitely
flexible out-of-plane

Shell Element
A planar finite element that acts as a combimeanbraneandshellelement

Semi-Rigid Connection
A beam-to-column connection that provides limitexkdiral resistance

Total Drift
The difference in lateral displacement betweenrtioé of a building and the base of the
building

Total Drift Index
The total drift divided by the height of the burdi

Scissors Model
An analytical model of a beam-column joint as shamRigure 10b

Shear Strain
A dimensionless measure of damage in nonstruotlgaients

Root Mean Square (RMS)
The square root of the mean of the squares of eibtm For example, the RMS of the
functionf(t)=A sin(«t) is 0.70A
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(a) Centerline Analysis (b) Partially Rigid Joint (c) Fully Rigid Joint
(Clearspan analysis)

Figure A9. Various Simple Joint Models

O Rotational Spring
O True Hinge
Rigid Bar

(a) Krawinkler Model (b) Scissor Model

Figure A10. Various Mechanical Joint Models
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Appendix B
Results from the Analytical Models in Chapter 3

B.1 Introduction
Tables of lateral displacements and modal periodsgpeovided for all of the analytical

models which were presented in Section 3.4.

B.2 Results from 3.4.1 (Sources of Deformation)

Table B.1: Lateral Displacements in the N-S Directin

Model #

Level 1A (in) 1B (in) 1C (in) 1D (in)
0.000 0.000 0.000 0.000
0.167 0.173 0.173 0.173
0.249 0.305 0.305 0.305
0.319 0.460 0.460 0.460
0.380 0.648 0.648 0.648
0.435 0.845 0.845 0.845
0.504 1.082 1.083 1.084
0.563 1.318 1.318 1.319
0.605 1.549 1.549 1.550
0.634 1.770 1.770 1771
0.645 1.974 1.974 1.975

pu] P I [ ENT SN (G EN IR [N] o)

Table B.2: Lateral Displacements in the E-W Direcion

Model #

Level 1A (in) 1B (in) 1C (in) 1D (in)
0.000 0.000 0.000 0.000
0.280 0.281 0.307 0.342
0.519 0.520 0.569 0.656
0.841 0.844 0.927 1.107
1.191 1.197 1.312 1.584
1.520 1.529 1.675 2.029
1.833 1.846 2.023 2.464
2.084 2.101 2.304 2.814
2.269 2.290 2.513 3.074
2.397 2.423 2.659 3.261
2.451 2.482 2.724 3.341

bl P I [ ENT SN (G EN IR [N] o)
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Table B.3: Modal Periods and Shapes

Period (sec)

Mode 1A 1B 1C 1D

E-W 1 0.784 0.788 0.825 0.913
Torsion 1 0.500 0.656 0.673 0.707

N-S 1 0.348 0.564 0.564 0.564

E-W 2 0.286 0.287 0.302 0.334
Torsion 2 0.199 0.232 0.267 0.247

N-S 2 0.172 0.183 0.183 0.201

B.3 Results from 3.4.2 (P-Delta Effects)

Table B.4: Lateral Displacements in the N-S Directin

Model #

Level 2A (in) 2B (in) 2C (in) 2D (in)
0.000 0.000 0.000 0.000
0.173 0.173 0.181 0.181
0.305 0.305 0.321 0.320
0.460 0.460 0.485 0.485
0.648 0.648 0.687 0.687
0.845 0.845 0.898 0.898
1.083 1.084 1.156 1.156
1.318 1.319 1411 1411
1.549 1.550 1.661 1.661
1.770 1.771 1.900 1.901
1.974 1.975 2.121 2.122

T|5[o|o|~|o|a|s|w]d|o

Table B.5: Lateral Displacements in the E-W Direcion

Model #

Level 2A (in) 2B (in) 2C (in) 2D (in)
0.000 0.000 0.000 0.000
0.307 0.342 0.346 0.395
0.569 0.656 0.648 0.768
0.927 1.107 1.076 1.332
1.312 1.584 1.544 1.939
1.675 2.029 1.980 2.502
2.023 2.464 2.397 3.045
2.304 2.814 2.724 3.470
2.513 3.074 2.960 3.774
2.659 3.261 3.121 3.985
2.724 3.341 3.191 4.074

T|5[o|o|~|o|o|s|w]d|o
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Table B.6: Modal Periods and Shapes

Period (sec)
Mode 2A 2B 2C 2D
E-W 1 0.825 0.913 0.826 0.913
Torsion1| 0.673 0.707 0.673 0.707
N-S 1 0.564 0.564 0.564 0.564
E-W 2 0.302 0.334 0.302 0.334
Torsion 2| 0.267 0.247 0.237 0.247
N-S 2 0.183 0.201 0.183 0.201

B.4 Results from 3.4.3 (Beam Column Joint Modeling)

Table B.7: Lateral Displacements in the N-S Directin

Model #

Level 3A (in) 3B (in) 3C (in) 3D (in)
0.000 0.000 0.000 0.000
0.181 0.181 0.181 0.181
0.321 0.321 0.320 0.321
0.485 0.485 0.485 0.485
0.687 0.687 0.687 0.687
0.898 0.898 0.898 0.899
1.156 1.156 1.156 1.167
1.411 1.411 1.411 1.433
1.661 1.661 1.661 1.690
1.900 1.900 1.901 1.930
2.121 2.121 2.122 2.151

Pl P [T [ee] ENTE 2 (6] ENY [V T N) ()

Table B.8: Lateral Displacements in the E-W Direcion

Model #

Level 3A (in) 3B (in) 3C (in) 3D (in)
0.000 0.000 0.000 0.000
0.346 0.370 0.395 0.402
0.648 0.705 0.768 0.783
1.076 1.196 1.332 1.340
1.544 1.728 1.939 1.978
1.980 2.223 2.502 2.589
2.397 2.699 3.045 3.179
2.724 3.071 3.470 3.660
2.960 3.338 3.774 4.011
3.121 3.522 3.985 4.246
3.191 3.601 4.074 4.353

T|5[o|o|~|o|o|s|w]d|o
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Table B.9: Modal Periods and Shapes

Period (sec)
Mode 3A 3B 3C 3D
E-W 1 0.826 0.868 0.913 0.941
Torsion1| 0.673 0.690 0.707 0.719
N-S 1 0.564 0.564 0.564 0.571
E-W 2 0.302 0.318 0.334 0.344
Torsion 2| 0.237 0.242 0.247 0.250
N-S 2 0.183 0.191 0.201 0.202

B.5 Results from 3.4.4 (Slab-Girder Interaction)

Table B.10: Lateral Displacements in the N-S Direabn

Model #

Level 4A (in) 4B (in) 4C (in) 4D (in)
0.000 0.000 0.000 0.000
0.181 0.181 0.181 0.181
0.320 0.321 0.321 0.321
0.485 0.485 0.485 0.485
0.687 0.687 0.688 0.687
0.898 0.899 0.899 0.900
1.156 1.167 1.158 1.168
1.411 1.433 1.413 1.434
1.661 1.690 1.663 1.691
1.901 1.930 1.903 1.931
2.122 2.151 2.125 2.153

Pl P [T [ee] ENTE 2 (6] ENY [V T N) ()

Table B.11: Lateral Displacements in the E-W Diredbn

Model #

Level 4A (in) 4B (in) 4C (in) 4D (in)
0.000 0.000 0.000 0.000
0.395 0.402 0.362 0.370
0.768 0.783 0.684 0.704
1.332 1.340 1.172 1.194
1.939 1.978 1.686 1.749
2.502 2.589 2.159 2.277
3.045 3.179 2.627 2.797
3.470 3.660 3.000 3.229
3.774 4.011 3.273 3.549
3.985 4.246 3.466 3.764
4.074 4.353 3.544 3.857

T|5[o|o|~|o|o|s|w]d|o
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Table B.12: Modal Periods and Shapes

Period (sec)
Mode 4A 4B 4C 4D
E-W 1 0.913 0.941 0.847 0.887
Torsion1| 0.707 0.719 0.684 0.701
N-S 1 0.564 0.571 0.565 0.573
E-W 2 0.334 0.344 0.319 0.332
Torsion 2| 0.247 0.250 0.244 0.247
N-S 2 0.201 0.202 0.192 0.196

B.6 Results from 3.4.5 (Reduced Live Loads)

Table B.13: Lateral Displacements in the N-S Direabn

Model #

Level 5A (in) 5B (in) 5C (in) 5D (in)
0.000 0.000 0.000 0.000
0.181 0.181 0.178 0.178
0.320 0.321 0.315 0.315
0.485 0.485 0.475 0.476
0.687 0.687 0.673 0.672
0.898 0.899 0.878 0.879
1.156 1.167 1.129 1.139
1.411 1.433 1.377 1.397
1.661 1.690 1.620 1.647
1.901 1.930 1.852 1.879
2.122 2.151 2.067 2.094
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Table B.14: Lateral Displacements in the E-W Diredbn

Level 5A (in) 5B (in) 5C (in) 5D (in)
0.000 0.000 0.000 0.000
0.395 0.402 0.374 0.380
0.768 0.783 0.724 0.736
1.332 1.340 1.241 1.247
1.939 1.978 1.794 1.827
2.502 2.589 2.309 2.381
3.045 3.179 2.807 2.919
3.470 3.660 3.201 3.362
3.774 4.011 3.488 3.690
3.985 4.246 3.689 3.912
4.074 4.353 3.775 4.014
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Table B.15: Modal Periods and Shapes

Period (sec)
Mode 5A 5B 5C 5D
E-W 1 0.913 0.941 0.913 0.941
Torsion1| 0.707 0.719 0.707 0.719
N-S 1 0.564 0.571 0.564 0.571
E-W 2 0.334 0.344 0.334 0.344
Torsion 2| 0.247 0.250 0.247 0.250
N-S 2 0.201 0.202 0.201 0.202

B.7 Results from 3.4.6 (Nonstructural Components)

Table B.16: Lateral Displacements in the N-S Direabn

Model #

Level 6A (in) 6B (in) 6C (in) 6D (in)
0.000 0.000 0.000 0.000
0.181 0.181 0.151 0.163
0.320 0.321 0.277 0.291
0.485 0.485 0.429 0.446
0.687 0.687 0.616 0.636
0.898 0.899 0.813 0.836
1.156 1.167 1.045 1.078
1.411 1.433 1.279 1.319
1.661 1.690 1.509 1.557
1.901 1.930 1.732 1.782
2.122 2.151 1.940 1.996
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Table B.17: Lateral Displacements in the E-W Diredbn

Model #

Level 6A (in) 6B (in) 6C (in) 6D (in)
0.000 0.000 0.000 0.000
0.395 0.402 0.203 0.240
0.768 0.783 0.362 0.410
1.332 1.340 0.548 0.593
1.939 1.978 0.717 0.768
2.502 2.589 0.866 0.918
3.045 3.179 0.996 1.054
3.470 3.660 1.100 1.160
3.774 4.011 1.176 1.240
3.985 4.246 1.229 1.294
4.074 4.353 1.253 1.319
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Table B.18: Modal Periods and Shapes

Period (sec)
Mode (A,B) 6A 6B Mode (C,D) 6C 6D
E-W 1 0.913 0.941 Torsion 1 0.757 0.666
Torsion 1 0.707 0.719 E-W 1 0.748 0.566
N-S 1 0.564 0.571 N-S 1 0.741 0.550
E-W 2 0.334 0.344 Torsion 2 0.268 0.232
Torsion 2 0.247 0.250 E-W 2 0.255 0.207
N-S 2 0.201 0.202 N-S 2 0.227 0.173

B.8 Results from 3.4.7 (The Recommended Model)

Table B.19: Lateral Displacements in the N-S Direabn

Model #

Level 1A (in) 3D (in) 7A (in)
0.000 0.000 0.000
0.167 0.181 0.178
0.249 0.321 0.315
0.319 0.485 0.476
0.380 0.687 0.673
0.435 0.899 0.879
0.504 1.167 1.139
0.563 1.433 1.398
0.605 1.690 1.647
0.634 1.930 1.880
0.645 2.151 2.095
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Table B.20: Lateral Displacements in the E-W Diredbn

Model #

Level 1A (in) 3D (in) 7A (in)
0.000 0.000 0.000
0.280 0.402 0.348
0.519 0.783 0.659
0.841 1.340 1.106
1.191 1.978 1.608
1.520 2.589 2.090
1.833 3.179 2.570
2.084 3.660 2.975
2.269 4.011 3.278
2.397 4.246 3.485
2.451 4.353 3.577
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Table B.21: Modal Periods and Shapes

Period (sec)

Mode 1A 3D 7A

E-W 1 0.784 0.941 0.887

Torsion 1| 0.500 0.719 0.701

N-S 1 0.348 0.571 0.573

E-W 2 0.286 0.344 0.332

Torsion 2| 0.199 0.250 0.247

N-S 2 0.172 0.202 0.196

202



