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VIABILITY OF STEEL-CONCRETE COMPOSITE GIRDER BRIDGES WITH
CONTINUOUS PERMANENT STEEL DECK FORM

Jonathan Hatlee

(ABSTRACT)

The continuous permanent metal deck form system provides a quick and efficient method
of constructing short-span, simply supported composite steel girder bridges. However, because
shear studs can only be welded to the girder through the steel deck at rib locations, the number of
shear stud locations is limited to the number of ribs in the shear span while the spacing of the
shear studs is restricted to the rib spacing of the steel deck. This results in a condition where
various provisions of the AASHTO LRFD Bridge Design Specifications (2007) cannot be
satisfied, including shear stud fatigue spacing requirements and the fully composite section
requirements.

The purpose of this research was to investigate whether continuous permanent metal deck
form construction method can be used for bridges given the code departures. Using this method,
a full scale test specimen was constructed with one half of the specimen using one stud per rib
and the other half using two studs per rib and then each half was tested separately. The steel deck
used in the specimen was supplied by Wheeling Corrugating. Fatigue testing was conducted to
determine the fatigue resistance of the specimen at both levels of interaction, with load ranges
calculated using the AASHTO LRFD shear stud fatigue equation. This was followed by static
tests to failure to determine the plastic moment capacity at both levels of interaction. Results of
the testing were compared to existing design models and modifications specific to this
construction method are made. Investigations into whether the profiled steel deck can act as full
lateral bracing to the steel girder compression flange during deck placement were also made.

Fatigue testing results showed that very little stiffness was lost over the course of testing
at both levels of composite interaction. This leads to the conclusion that the AASHTO shear
stud equation used for this design is conservative. Static testing results indicated that the
measured values for the plastic moment capacity of the specimen were less than the calculated
capacity. This leads to the conclusion that the individual shear stud strengths were overestimated
using current design equations. Recommendations for modifications to the existing design

equations are provided.
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Chapter 1: Introduction

1.1 Introduction

As the American highway infrastructure continues to age, the number of bridges reaching
the end of their service lives is ever increasing. According to the Federal Highway
Administration’s (FHWA) report “2006 Status of the Nations Highways, Bridges, and Transit:
Conditions and Performance” made to Congress, of the 594,101 bridges in the United States
77,796 of those bridges were determined to be structurally deficient while another 80,632
bridges were determined to be functionally obsolete. Combined, these show that approximately
26.7 percent of all bridges in the United States are considered to be deficient in some way. For
these bridges to be left to open to traffic, quick fixes that do not address the underlying issues
include significant maintenance and repair work or imposing weight limits that are lower than
the typical maximum. However, to properly address the deficiencies, rehabilitation or
replacement of the structure is required (FHWA 2006). The rehabilitation or replacement of a
bridge can be both a time consuming and expensive endeavor, with the costs including materials,
labor, and user costs to both the owner and drivers resulting from traffic delays created by
reduced travel lanes or detours. Therefore, new methods of bridge construction that are both less
expensive and that require less time to implement would be of considerable benefit to bridge
owners.

In current bridge construction practice, stay-in-place steel deck forms, also known as
permanent metal deck forms (PMDF), are often used to support fresh concrete during deck
placement for both plate girders and rolled shapes. The PMDFs are placed between the girders
and are attached to the top flange using support angles, resulting in a simple span for the deck
sheets as illustrated in Fig. 1.1. The advantage of this system is that it allows the contractor to
adjust the height of the form to account for variations in girder camber and flange thickness
along the length of the girder, thus leading to a uniform deck thickness. A degree of lateral
restraint is also provided by the PMDF to the top flange of the girder, however this restraint is
reduced by eccentricities resulting from the support angle system and therefore is ignored in

current AASHTO LRFD (2007) specifications (Egilmez et al. 2007).
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Figure 1.1: Current practice cross-section

The proposed system contained herein utilizes a continuous PMDF system in
combination with rolled steel shapes used for short to medium span bridges, similar to
construction of composite floors in buildings, shown in Fig. 1.2. The forms span continuously
across the girders, bearing directly on the top flange where a headed shear stud would then be
welded through the steel deck directly into the top flange of the girder, creating a composite
system. The investigation will be limited to rolled shapes because the variations in camber and
flange thickness are less than those present in plate girders. Given normal tolerances for the
straightness of rolled shapes, the PMDFs will remain in contact with the top flanges of the
girders due to the flexibility of the forms and therefore there is no need for the adjustability of

the support angle system.
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Figure 1.2: Proposed design cross-section



The continuous PMDF system contains numerous advantages over the current support
angle system that results in much more efficient and cost effective construction. A continuous
PMDF system requires less time to put in place while also requiring less labor as it is no longer
necessary to weld support angles down the entire length of the girders, a fact that also leads to
simpler details. As the form is now directly attached to the top flange of the girder, a greater
degree of lateral restraint is provided by the form. It acts as a continuous lateral brace to the
girder during construction, thus reducing (or possibly eliminating) the need for intermediate
diaphragms or cross-frames. This would result in lower material, labor, and time demands.
With regards to safety, the continuity of the form creates a safe working platform for laborers as
it is placed to protect against falls, therefore creating a safer working environment. This system
may also be advantageous in terms of serviceability, as the additional transverse stiffness
provided by the forms can help to reduce serviceability cracks in the deck.

There are several disadvantages associated with the continuous PMDF system. First, if
the deck is placed continuously, major deck cross-slopes cannot be achieved. The angle of the
deck with respect to the girder top flanges when the girders are placed at varying heights could
be too great to create a proper bearing surface. However, minor cross-slopes can be achieved
due to the flexibility of the steel deck. Similarly, crowns in the deck would also be difficult to
achieve. Also, lateral imperfections in the steel girders, such as girder sweep, can lead to issues
with shear stud placement because when the steel deck is put in place, the girder top flange can
no longer be seen and shear studs may be welded out of position due to the sweep. This issue
can be solved in the field by using intermediate cross frames, thus negating some of the
advantages of this system.

One other significant disadvantage to this system is that due to the ribbed shape of the
steel deck, the shear studs can only be placed in the bottom portions of the form that are in
contact with the girder. As result, both the pitch (spacing) and number of shear studs are limited
by the rib spacing of the PMDF being used. Limiting the pitch of the shear studs can adversely
affect the fatigue strength of the system while limiting the number of shear studs can lower the
ultimate static strength of the system. Therefore, research must be conducted to study these
effects on composite systems.

Currently, three bridges have been constructed in Nebraska in the 1970’s that utilize the

continuous PMDF system. Additional research must be conducted to investigate the static



strength and fatigue endurance provided as well as lateral bracing requirements before the

benefits of the continuous PMDF system can be fully utilized in the field.

1.2 Objectives and Scope of Study

The objective of this study is to investigate the viability of using continuous steel deck
forms in the design and construction of steel-concrete composite bridges. This research will be
restricted to simple span bridges with rolled wide flange steel girders without significant camber
or cross-slopes. The ultimate goal of the research is to begin to establish proof of concept for
continuous steel deck construction in bridges.

The focus of this document is on three aspects of the continuous steel deck system: the
fatigue endurance, static strength, and lateral bracing provided by the forms during deck
placement. A full scale composite beam test specimen was constructed and tested to investigate
the objectives stated above. The specimen consisted of two simply supported girders with no
intermediate diaphragms or cross frames installed. End diaphragms were used. Steel deck form
was placed continuously across the top flanges with ribs oriented perpendicular to the girders.
Headed shear studs were welded through the deck into the top flange and a concrete deck placed
to create a composite system. The two halves of the specimen were different in that one half
used one stud per rib while the other half used two studs per rib to create two different specimen
types. The adequacy of the steel deck forms as lateral bracing of the girders was investigated by
first determining the required form stiffness using equations derived by Helwig and Yura (2008a,
2008b) followed by an examination of the system behavior during the placement of the concrete
deck. The fatigue endurance of the system was evaluated by subjecting the test specimen to two,
1.2 million cycle fatigue tests while monitoring loss of stiffness over the course of each test. A
fatigue test was conducted on each half of the bridge with loading at the quarter points to
determine the effects that different levels of shear connection have on the fatigue life of the shear
span. Once the fatigue tests were completed, the test specimen was subjected to a linearly
increasing static load until the system stopped taking load to investigate the residual strength of
the continuous form system. Static tests were conducted on each half of the specimen. The goal
of the static testing was to determine if existing design models can properly predict the plastic

moment capacity of this system or if changes must be made.



1.3 Organization of Thesis

Chapter two provides a literature review that includes background information for lateral
bracing of beams along with design recommendations for the lateral bracing of steel bridge
girders during concrete deck placement, methods of determining partial interaction behavior of
composite beams in the linear elastic range, the behavior or shear studs under fatigue loading,
and methods of calculating the ultimate strength of composite beams. Chapter three gives details
of the design, instrumentation, and testing of the composite bridge in this study. Chapter four
discusses the results of supplemental tests used to support the specimen testing. Chapter five
provides the results of the two fatigue tests conducted. Chapter six provides the results of the
three static tests conducted. Chapter seven highlights the conclusions reached as result of the
tests conducted on the test specimen and includes comparisons to existing design provisions and

recommendations for future research.



Chapter 2: Literature Review

2.1 Lateral Stability of Girders

Lateral stability is very important to consider during the design of steel bridge girders.
This becomes an issue mainly during the construction phase of a steel girder bridge when the
concrete is still fresh, creating a large uniform dead load on the girders while providing no lateral
restraint for the compression flange of the girders. The failure mechanism that results is known
as Lateral-Torsional Buckling. Lateral-torsional buckling (LTB) is a failure mode that involves
both a twist and lateral displacement of the section, as illustrated in Fig. 2.1. It is possible to

prevent such failure by restraining either torsional or lateral deformations (Yura 2001).

Figure 2.1: Lateral-torsional buckling

2.1.1 Bracing Introduction

Extensive research has been conducted on the topic of column and beam bracing.
Research was conducted by Winter (1960) to study the effects of bracing on columns. Winter
determined that an effective brace requires both adequate stiffness and sufficient strength, with
the required strength being based on the magnitude of the initial out-of-straightness of the
member being braced as well as the brace stiffness. In this context, the ideal stiffness, B, is
defined as the stiffness at which buckling is forced to occur between brace points, as shown in
Fig. 2.2 (Yura 2001). It was shown that for a given initial out-of-straightness and a brace with
stiffness equal to the ideal stiffness and located at the mid-height of the column, both the brace

force (Fy;) and the deflection at the brace become very large as the axial load approaches the
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buckling load. Further results showed that if the stiffness is overdesigned to two or three times
the theoretical ideal stiffness, deflections and brace forces are greatly reduced. This leads to the
conclusion that to be considered effective, braces should be designed for stiffnesses greater than

the ideal stiffness to control brace forces and deflections (Winter 2001).

Po < Bi By > P
Figure 2.2: Buckling shapes for brace stiffness above and below ideal (adapted from Yura 2001)

Due to the flexure and torsion resulting from the loading of beams, beam bracing
becomes significantly more complicated than column bracing. Research has been conducted by
Yura (2001) where the effects of brace type, load location, brace location, brace stiffness, and
number of braces for beams was investigated using many different elastic finite element
simulations. The study focused on two types of beam bracing, lateral and torsional, with the
understanding that an effective brace resists the twist of the cross-section. Lateral bracing is
defined as a brace that prevents lateral movement of the member it’s bracing, within which there
are four different classifications: relative, discrete, lean-on, and continuous. Torsional bracing is
defined as bracing that directly restrains twist of the cross-section and contains the sub-types
discrete and continuous. The remainder of this section will focus only on lateral continuous
bracing and the factors affecting it as this is the type of bracing utilized in the current study.

Various factors were shown to influence the effectiveness of lateral bracing. The location
of the loading is one such factor. Yura et al. (1992) illustrate that top flange loading is a more
severe case than loading at the centroid or bottom flange. This is because top flange loading
causes a reduction in buckling strength resulting from an increase in twist due to load

eccentricity, while bottom flange loading increases buckling strength due to a restoring force



created by load eccentricity. Yura (2001) states that the brace should be placed where it will
offset the twist to the greatest degree, therefore bracing applied at the top flange in simple span
beams subject to top flange loading causing positive moment will be more effective than bracing
placed at the centroid of the section. Top flange loading causes the center of twist to move
towards the centroid, which renders a lateral brace placed at the centroid ineffective because
there will be no appreciable lateral movement at the brace location. If the loading travels to the
girder through a deck that is not attached to the girder, a beneficial tipping effect may also be
present. As the section begins to twist, the point of load transfer between the deck and girder
shifts from the mid-flange of the girder to the tip of the flange, as shown in Fig. 2.3. This results
in a force that resists further twisting of the section. However, this effect is reduced by cross
section distortion, which results in more of the section coming into contact with the deck causing
the centroid of the restoring force to move towards the center of twist, shown in Fig. 2.3. Section
distortion can be prevented by adding transverse stiffeners, however due to the moving
concentrated loads in bridge applications, placing transverse stiffeners becomes impractical
(Yura et al. 1992). Section distortion, along with the sensitivity of cross section shape and initial
load location on the resisting force, lead to the conclusion that the tipping effect should be
neglected in design (Yura 2001). The moment gradient also has an effect on the buckling
strength of beams. A beam with non-uniform moment, such as that induced by a point load at
mid-span, will have a higher buckling strength than a beam subjected to constant moment. This
effect was shown to be adequately accounted for through the use of a Cy, factor used to describe
moment gradient (Yura 2001). One final factor shown to affect the bracing requirements of
continuous (and lean-on) systems is the elastic or inelastic stiffness of the member being braced,

which affects the contribution of the member being braced to the system as a whole (Yura 1995).

Mg

Restoring Torque Cross Section Distortion
Figure 2.3: Tipping effect in unattached deck (adapted from Yura 2001)
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2.1.2 Steel Girder Bracing Requirements

A type of bracing present in steel girder bridges is continuous bracing provided by the
steel deck (used as concrete formwork) that acts as a shear diaphragm attached to the top flange
of the girder. The steel deck has a large in-plane stiffness that works to resist any lateral twisting
of the top flange caused by loading (Helwig and Yura 2008a) which might lead to lateral-
torsional buckling of the member. In a study conducted by Helwig and Frank (1999) on slender-
web plate girders, it was determined that brace stiffness requirements are a function of the
location of both the load as well at the type of loading. Equation 2.1 was developed to determine

the buckling capacity of a beam braced by a shear diaphragm:
M, =C,M, +mQd .1)
Where: M., = moment strength of diaphragm-braced girder

C, = moment gradient factor, taking into account load height
= C,/1.4 (Helwig et al. 1997)

M, = moment strength of the girder without bracing

m = load type factor

Q = shear rigidity of diaphragm

d = beam depth
Values of m recommended are 1.0 for loads creating a uniform moment, 0.625 for gravity loads
applied at midheight, and 0.375 for gravity loads applied at the top flange. The shear rigidity, Q,
is the product of the tributary width of the steel deck (s;) and the effective shear modulus, G’,
which can be calculated for a given deck by using equations present in Steel Desk Institute
Diaphragm Design Manual (Luttrell 2004).

An effective brace requires both adequate stiffness and strength. The research of Helwig
and Frank (1999) was continued to study the strength and stiffness requirements of diaphragm-
braced beams by (Helwig and Yura 2008a and 2008b). They conducted finite element analyses,
using the program ANSY'S, of multiple section sizes evaluating the effects of load location, brace
stiffness, section slenderness, girder span-to-depth ratios, and the presence of intermediate
braces. The results were used to produce design equations to determine strength and stiffness
requirements of shear diaphragm-braced bridge girders. The results presented were those for a

W16x26 section, which has one of the most slender webs available for rolled shapes and



therefore results presented are typically conservative if a section with a stockier web is used
(Helwig and Yura 2008b). A new definition of “ideal stiffness” was presented due to the fact
that there is no unbraced length in continuous bracing. Ideal stiffness is now defined as the brace
stiffness required to reach a predetermined load on a perfectly straight beam, and this ideal value
was calculated from an Eigen value buckling analysis of the section. For the study, an initial

imperfection of 6, = L/500d was chosen, where 6, is the initial angle of imperfection with

respect to the vertical, L is the span length, and d is the depth of the steel section. This is twice
the value used in building design based on the fact that unlevel bearing surfaces for the bridge
girders can lead to larger initial imperfections (Helwig and Yura 2008a). Results of the study
indicate that a stiffness of four times the ideal should be used, leading to the design equation for
required shear diaphragm brace stiffness:
4m,-c;m)

o (2.2)

req'd =

M, is equal to the factored applied moment while all variables are as previously defined, with ¢

being the LRFD resistance factor with a recommended value of 0.75 (Helwig and Yura 2008a).
Recommended values for m are presented in Table 2.1. The presence of intermediate stiffeners
was shown to improve the effectiveness of a shear diaphragm brace with top flange loading,
which results from the fact that intermediate diaphragms can significantly reduce twist of the

section.

Table 2.1: Recommended m values for brace stiffness design

(adapted from Helwig and Yura 2008a)

W, < 60 Wi, > 60
Bracing Condition Centroid Top Flange | Centroid Top Flange
Loading Loading Loading Loading
No Intermediate 0.85 0.5 0.5 0.375
Discrete Bracing
With Intermediate 0.85 0.85 0.5 0.375
Discrete Bracing

Design equations presented for the strength requirement define the required individual
fastener strength based on the resultant between the end shear induced force parallel to girder

(Eq. 2.5) and the moment induced force perpendicular to the girder (Eq 2.6). These values are
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based on the brace moment per unit length, M, (Eq 2.4), which includes a correction factor for

overdesigning the diaphragm stiffness, C, (Eq 2.3):

G, .
c =241 S (2.3)
4 4 Gprov
, M LC
M, =0.001 Mdz £ 2.4)
F, =M 2.5)
'xM
M, w
F, = x, —~ (2.6)
Ldne
Fo=A(F,) +(F, ) (2.7)
Where: C, = brace force reduction coefficient

M, = brace moment per unit beam length

M, = maximum girder design moment between discrete brace points
L = total span of girder
d = distance between girder flange centroids
xy = moment force adjustment factor based on number of fasters, see Table 2.2
xy = shear force adjustment factor based on number of fasters, see Table 2.2
wg = width of diaphragm sheet
n. = number of fasteners per panel at end of diaphragm sheet
Fy = component of brace force perpendicular to girder longitudinal axis
Fy = component of brace force perpendicular to girder longitudinal axis
Fr = resultant force in end fastener
The resultant force is then the force that an individual diaphragm end fastener has to be able to

resist (Helwig and Yura 2008b).
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Table 2.2: Adjustment factors for strength design (adapted from Helwig and Yura 2008b)

n, Xy XM
2 1.00 1.000
3 1.00 0.667
4 1.11 0.500
5 1.25 0.400
6 1.38 0.333

2.1.3 AASHTO LRFD Requirements

Current AASHTO LRFD (2007) specifications state that it is incorrect to assume that
metal stay-in-place deck forms (steel deck) will provide adequate lateral stability to the top
flange in compression during the curing of the deck. This requirement assumes that the steel
deck is not continuous over the girders. Lateral torsional buckling of bridge girders is controlled
through the use of intermediate diaphragms or cross-frames. The specifications provide limits to
the unbraced length (or spacing) that can be utilized when placing these braces, as given in Eq
2.8:

L <L <R/I0 (2.8)

Where: L, = spacing of intermediate diaphragms or cross-frames (ft.)

L, = limiting unbraced length (ft.)

R = minimum girder radius within the panel (ft.)
The R/10 limit is applicable only in horizontally curved I-girder bridges as well as an upper
bound of 30.0 ft. on L, and will be ignored for the remainder of the section. The limiting
unbraced length, L,, is defined as the maximum length required to achieve nominal yielding in
either flange under uniform bending while taking into account pre-existing residual compressive
stress effects in the flange, which is the non-compact bracing limit given in Eq 2.9 in which

inelastic buckling will occur:

L=rxr £ (2.9)
F,
yr
Where: r, = effective radius of gyration of gyration for lateral torsional buckling (in.)

E = modulus of elasticity of steel section (ksi)
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F,, = compression flange stress at the onset of nominal yielding, taking into
account residual stress effects but not including compression flange lateral
bending (ksi); it is the smaller of 0.7F). or F),, but greater than 0.5F),

F\. = yield stress of the compression flange steel (ksi)

F,,, = yield stress of the steel section web (ksi)

2.2 Partial Shear Connection under Service Loading

The usual design practice for composite bridge girders is to design for full interaction
between the steel member and concrete slab. However, for the test setup of this project,
limitations on the number of shear studs that can be used are incurred based on the placement of
the steel deck form on the top flange of the girder and the resulting voids present in ribbing.
Therefore a partial interaction analysis must be performed. In building applications partial
interaction design is frequently used. Partial interaction design is typically more economical
than a full interaction design because a large decrease in the number of shear studs will often

lead to a small decrease in flexural strength.

2.2.1 Partial Interaction Theory

In design it is usually assumed that there is no slip at the steel-concrete interface for fully
composite beams. In reality, however, slip occurs at service load levels due to local crushing of
the concrete around the lower shank of the shear stud and also due to bending of the shear
connector (Kwon et al. 2007). This leads to a partial-interaction state in the composite beam
even though the connector strength assumed to be sufficient for full composite action. Test
results provided by McGarraugh and Baldwin (1971) showed that beams designed for full
composite action had measured stiffnesses of 80 to 90 percent of their calculated values at
service load levels. Models for these beams can be created based on linear elastic partial-
interaction theory. Johnson and May (1975) stated that even though a beam with a partial
connection of greater than 50 percent is less stiff than a beam that is fully composite, it is
acceptable to use linear elastic partial-interaction theory to estimate composite beam behavior in
beams with partial shear connection and that the loading on the beam at the serviceability limit

state is equal to half that required to reach the ultimate moment.

13



In a linear partial-interaction analysis, a governing differential equation is created based
on equilibrium, compatibility, and elasticity that is dependent on the loading condition and
solved using the boundary conditions (Johnson 1995). This review will be limited to the case of
a simply-supported beam with a point loading at a variable location as this is the setup being
investigated in this project’s tests. This review presents an analysis method introduced by
Johnson (1981) for the beam being considered in Fig. 2.4. In this analysis, it is assumed that the
concrete is uncracked and unreinforced, that there is equal curvature in both the concrete slab
and steel member, that shear connectors of the same linear stiffness are placed evenly across the
whole length of the beam, and that loading is low enough to cause a linear load-slip relation
(which should be valid at service loads). Definitions of cross section properties are given in

Fig.2.5a while definitions of internal forces are given in Fig. 2.5b.

< oy -
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Figure 2.4: Analysis simply-supported beam with point load (adapted from Johnson 1981)
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Figure 2.5: Variables used for linear partial-interaction analysis (adapted from Johnson 1981)

The governing second order non-homogenous differential equation for the general system

is given by Eq 2.10 (Johnson 1994):

Where:

ﬂ—Otzs =—af(wx+V) (2.10)

s = slip at interface

o. = property of cross-section =

pEs IO

. d,
J = property of cross-section = P2
kA

o . I,

I, = transformed moment of inertia of cross-section = —+1,
m(1+ ¢)
” . I,m\1+ I
A = transformed area of cross-section = d’ + M + A—O

m = modular ratio = EJ/E,

k = linear stiffness of shear connectors

w = uniformly distributed load (if any)

V = vertical shear due to a point load (if any)

¢ = ratio of creep strain to the elastic strain in concrete at the time considered
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The variables 1., I, A, As, d., and p are as defined in Fig. 2.5. Solving Eq 2.10 for the particular
and complimentary solutions produces the result:

s =K, sinhax + K, cosh ax + B(wx +V) (2.11)

where K; and K are both constants of integration and all other variables are as defined above.
At this point the load and boundary conditions specific to the problem at hand are applied to
solve for the two constants of integration. For the setup involving the point load as shown in Fig.
2.5 the boundary conditions are % =0 at x =0 and x = L. Due to the discontinuity in the

X

moment at the point load, Eq 2.11 must be applied to both spans AB and BC, and therefore four

constants of integration need to be solved for, which is accomplished by taking into account the
continuity of s and as at x = /;. The final solution for the value of the slip along portion AB of
X

the span is:

. LWL, (41l sinh &1, cosh ax _1j 2.12)

L Lsinh al.
Using this equation for slip, values of the horizontal shear force, increases in curvature and

stress, and deflections can be determined for sections along the composite girder (Johnson 1981).

2.2.2 Applications

Johnson and May (1975) concluded that a full partial-interaction analysis was too
complex to be used for everyday design and established simplified design rules based on existing
data and a parametric study conducted. An equation was presented by Johnson and May that
allowed for the calculation of a conservative estimate for the ultimate moment in a composite
beam with partial shear connection based on results provided from the study of McGarraugh and

Baldwin (1971). Itis given as:

N
Mp:MS+N—(Mf—MS) 2.13)
s
Where: M, = ultimate moment with partial shear connection

M, = ultimate moment of the steel section alone
M; = ultimate moment with full shear connection

N = actual number of shear connectors provided in the shear span
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Ny =number of shear connectors required for full interaction in the shear span
It is recommended that the above equation only be used for shear connection ratios of 50 percent
or greater because tests show that interface slip increases rapidly at lower connection ratios. This
can lead to lower ultimate moments making the equation less conservative. Johnson and May
(1975) also provided an estimate of the deflections of a composite member with partial shear

connection under service loading, as given by:

5 =8, +als, -5, {1 —i] (2.14)
N,

Where: 6, = deflection of section with partial shear connection
0, = deflection of section with full shear connection

0, = deflection of steel section alone

a = correlation factor
N and Ny are as previously defined. A value of & = 0.5 was recommended for design by the
authors; however, Oehlers and Bradford (1995) provided a lower value of 0.4 in later work.
Other important conclusions presented were that the largest relative change in deflection from
partial interaction resulted from members with high concrete strength, low steel strength, low
connector modulus, strong connectors (resulting in increased connector spacing), a low ratio of
steel to concrete area, and a low span-to-depth ratio (Johnson and May 1975).

Grant et al. (1977) conducted research into composite beams built using formed steel
decking. The goal was to investigate the effects of welding shear connectors through formed
steel deck on connector capacity, flexural capacity, and the behavior of composite beams. The
results were compared to test specimens constructed without formed steel deck as well as
existing design criteria. This was accomplished through the casting and testing of 17 composite
beams with varying steel yield strengths, geometry of steel deck forms, and degree of partial
interaction. Results from 58 previous beam tests were also used in the study. The authors state
that connector forces, beam deflections, and stresses in the concrete slab and steel beams are all a
function of the horizontal forces transferred between the slab and the girder, F. This value is
maximum at full interaction when there is no slip and reduces as slip increases, reaching a point
where F' = 0 when there is no shear connection between the beam and slab. Using linear elastic

partial interaction theory, it was concluded that a general relationship could be established
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between the degree of partial shear connection and the effective section modulus and effective
moment of inertia used in working load design. The equation developed for effective moment of

inertia to be used for estimation of composite beam deflection with partial shear connection is

given by:
V'h
I, =1 +,—\, —1I 2.15
eff K Vh ( r K ) ( )
Where: 15y = effective moment of inertia of partial composite section

I, = moment of inertia of steel section alone
I,, = moment of inertia of transformed composite section
V’h = one-half of total horizontal shear to be resisted by connectors providing
partial shear connection
Vh = one-half the total horizontal shear to be resisted by connectors providing full
composite action
The value V’h/Vh is essentially the degree of interaction for the system. The equation developed
for the effective section modulus used to estimate the stresses in the bottom steel fiber of the

girder under working loads is given by:

V'h\"
Sy=8S+—|(S,—-S 2.16
eff s ( Vh j ( tr x) ( )
Where: Ser = effective section modulus of partial composite section referred to the bottom

flange

Ss = section modulus of the steel girder referred to the bottom flange

S:» = section modulus of the transformed section referred to the bottom flange

o = correlation factor
V’h and Vh are as previously defined. Recommended values of a are %2 or '3, with a minimum
shear connector of 40 percent being imposed for a = 5. One other important conclusion
resulting from this study is that the flexural capacity of a composite beam with formed steel deck
can most accurately be estimated if the force in the slab resulting from horizontal transfer of
shear between the slab and girder is assumed to act at the centroid of the solid portion of the slab
above the ribs of the steel deck form. Sources preceding this study recommended placing this

force at the centroid of the concrete stress block.
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Current AISC commentary provisions (2005) for the estimation of partial composite
section properties are based on the research of Grant et al. (1977), with slightly different

notation. The equation used for calculation of the effective moment of inertia is given as:

I, =1+

Where: Iy = effective moment of inertia of partial composite section (in.%
I,= moment of inertia for the structural steel section (in.4)
I,, = moment of inertia for the fully composite uncracked transformed section
(in.*)
Z Q, = strength of the shear connectors between the point of maximum positive
moment and the point of zero moment to either side (kips)

Cr = compression force in the concrete slab for fully composite beam; smaller of
AF, and 0.85 f. A, (kips)
A, = area of structural steel section (in.z)
F\y= yield stress of structural steel section (ksi)
f, = compressive strength of concrete slab (ksi)
A. = area of concrete slab within the effective width (in.z)
It is recommend is the commentary that the value of the effective moment of inertia used in

design is to be reduced to 0.75 I . Similarly, the equation for the section modulus of the partial

composite section is given as:

(2.18)

Where: Ser = effective section modulus of partial composite section referred to the bottom
flange
S, = section modulus for the structural steel section, referred to the tension flange,
(in.})
S;» = section modulus for the fully composite uncracked transformed section,
referred to the tension flange of the steel section (in.3)

All other variables are as defined previously.
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A study was conducted into the behavior of post-installed shear connectors used to
increase the capacity of existing non-composite bridge girders in which partial interaction was
used (Kwon et al. 2007). Five full-scale non-composite beams, all simply-supported, were
constructed and four were retrofitted with post-installed shear connectors while the fifth was left
non-composite to act as a reference model. Because of the large expense involved with installing
post-installed shear connectors, a lesser number of connectors were used in the tests than would
be required for full interaction to simulate real-world limitations. The stiffness of the member
was investigated in tests by measuring applied load, vertical deflection at quarter points and
midspan, slip at quarter points and end, and longitudinal strain to track the neutral axis. Also, the
effect of connector placement resulting from the partial shear connection was investigated using
finite element models as well as the results of previous studies. Analysis and test results show
that concentration of shear connectors near supports (points of zero moment) as opposed to
uniformly spacing the connectors led to a decrease in end slip. This helped to redistribute the
load among the shear connectors, thus increasing the deformation capacity of the girder. It was
concluded the post-installed shear connectors are an effective method of improving existing
bridges, as 30 to 50 percent of the studs required for full connection can be used to achieve a 40

to 50 percent increase in capacity of the bridge girders.

2.2.3 AASHTO LRFD Requirements

Current AASHTO LRFD (2007) specifications do not allow for the partial composite
design of bridge girders. Shear connectors are first designed (in terms of size, number, and
pitch) to meet the fatigue limit state. From there, the ultimate strength of the composite system
is checked assuming full-interaction between the concrete slab and steel girder. This assumes
that the number of shear studs is adequate to fully transfer the longitudinal shear force between
the two components which is equal to the lesser of the force required to fully yield the steel
section or the force to cause the concrete slab to reach its full compressive capacity. The number
of shear connectors is usually controlled by fatigue requirements and therefore most new bridges

being designed have full composite interaction.
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2.3 Fatigue Requirements
2.3.1 Fatigue of Shear Connectors

The behavior of shear connectors under fatigue loading was studied extensively by
Slutter and Fisher (1967) and this work is the basis for the current AASHTO-LRFD
specifications. In this landmark study, fatigue tests to failure of 56 push-out specimens were
conducted to investigate the effects of stress range and minimum stress level in the connectors on
the number of cycles before failure in the beam. Three types of shear connectors were tested: 35
specimens using % in. stud connectors, 9 specimens using s in. stud connectors, and 12
specimens using 4-inch, 5.4 1b channel connectors. The remainder of this review will focus on
the stud connectors only. Specimens were tested using a factorial combination of five maximum
stresses, five stress ranges, and three levels of minimum stress with three specimens being tested
at each combination for the % in. stud connectors and one specimen for each combination for the
s in. stud connectors. A few important conclusions were drawn from this data; there are no
significant differences in fatigue life between the % in. and s in. stud connectors, there was no
leveling off of the S-N curves produced, the specimens with stress reversal resulted in longer
fatigue life, and the minimum stress level had a very minimal effect on fatigue life. Therefore,
the stress range was determined to be the most significant variable. A design equation was fit to
the data using linear regression, ignoring the stress reversal results, as given by:

log N =8.072-0.1753S, (2.19)
Where: N = number of cycles to failure of a shear connector
S, =range of shear stress (ksi)
This equation can then be used to determine the allowable range of shear force per stud using
Equation 2.18:
Z =ad’ (2.20)
Where: Z, = allowable range of shear force per stud (1bs)
a = constant based on number of cycles in the life of the structure

d? = diameter of the stud (in)

The equations above are applicable to both 34 in. and 7 in. stud connectors and are conservative
for connectors of smaller diameter. The authors also give design methods for calculating

connector spacing based on fatigue considerations and methods for fulfilling flexibility
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requirements. It was also shown that concrete strength did not significantly affect the fatigue
lives of the connectors.

Oehlers and Foley (1985) also researched the fatigue life (number of cycles) of headed
shear studs in composite beams. The study focused on fatigue crack propagation through the
shank of the stud over the fatigue life. The failure point was determined using data from eleven
new push tests, 118 existing push test results, and a computer analysis. It was shown that cracks
are present as result of the welding process and these cracks begin to spread through the shank of
the shear connector as soon as cyclic load begins. The rate at which the crack propagates
through the shank is assumed to be constant over the fatigue life as long as the shear range
remains constant, with the shear range being that which causes tension on one side of the stud.
The shear stud fractures once the strength of the uncracked area of the shank is less than the peak
of the cyclic load, called a “fast fracture,” with the strength being directly proportional to the
uncracked area. The main conclusion drawn here is that the static strength of shear studs begins
to decrease as soon as cyclic loads are applied. Based on these results, two equations were
produced to predict fatigue life: Eq 2.21 gives the fatigue life assuming that the fatigue crack
can completely pass through the shank without fracture occurring while Eq 2.22 gives the fatigue

life including fracture but not including peak load effects.

log,, N, =3.37-4.55log,, % (2.21)
L Fon |
e ]
log,, N, =2.92-4.95log,, P—’ (2.22)
L Fon
Where: Ny = fatigue life assuming full crack propagation

N, = fatigue life with shank fracture not including peak load

R, = tensile range of cyclic shear load

Py, = calculated stud static failure load

Ochlers et al. (2000) conducted research into the beneficial effects of friction at the steel-

concrete interface on the fatigue endurance of headed shear studs in composite bridge beams.
The goal of this research was to determine what effect interface shear had on shear stud life and
to produce an equation for simple analysis of the remaining life of both new and existing
composite girders considering friction. This was accomplished using a finite element model with

linear elastic properties subjected to different fatigue load patterns, including a static point load,
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a single moving point load, and single fatigue vehicle consisting of two point loads to determine
values for the total longitudinal shear and the friction force at the interface. Once these values
were known, they were applied to fatigue equations to produce the final hand assessment
equation. It was shown that taking interfacial friction into account can lead to a large increase in
the fatigue life of stud connectors. This is due to the fact that part of the shear forces being
transferred between the steel element and concrete slab can be transmitted through friction which
in turn reduces the amount of shear that is taken by the shear connectors themselves thus
reducing the stress range applied to the connectors and increasing the fatigue life. The hand

equation produced is:

(1 _ QQr(gsle}lZ
= (2.23)
ZITLf F,
Where: Q,, = static shear flow strength of shear stud

Qs = remaining shear flow strength of connector after cycling
T =number of fatigue vehicles that have travelled over the bridge
L;=load constant
Fy= force constant
The load constant and force constant are based on the number and type of different fatigue

vehicles that will travel over the bridge and their relative frequencies.

2.3.2 AASHTO LRFD Requirements

AASHTO LRFD (2007) specifications are based on the work of Slutter and Fisher (1967)
with some slight modifications. The fatigue shear resistance, in kips, of an individual shear

connector for a specified number of loading cycles is given by:

2
7 =0!d225'5d

r

(2.24)

Where: Z, = fatigue shear resistance of an individual shear connector (kips)

o = 34.5-4.28log N

d = diameter of shear connector shank (in)

N = number of loading cycles in the structure life
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Once the fatigue shear resistance has been determined, the horizontal fatigue shear range per unit
length must be determined. Note that what is important is the shear range, not the maximum

shear force in these calculations, as given by:
v, =V, F+(F, (2.25)

Where: Vs = horizontal fatigue shear range per unit length (kip/in)
V.0

Viur = longitudinal shear force per unit length = T

Fy, = radial fatigue shear range per unit length (kip/in)

Vy = vertical shear force range under the fatigue load (kips)
The value for Fy, is taken as zero in non-curved girders. Once the range of horizontal shear is
known, the pitch (spacing) of the shear connectors is determined using Eq 2.26:

nz
< 2.26
p by ( )

sr

Where: p = pitch of shear connector groups (in)

Z, = fatigue shear resistance of an individual shear connector (kips)

Vi, = horizontal fatigue shear range per unit length (kip/in)

n = number of shear connectors per group
The resulting distribution of shear connectors does not have to be uniform along the length of the
beam as the pitch depends on the horizontal shear range, which itself can vary along the length of
the beam. When more than one shear connector is going to be used per group, the connectors are
not allowed to be placed less than 4.0 stud diameters center-to-center and a clear distance of 1.0

inch is required between the end of the flange and the connector.

2.4 Static Strength of Composite Beams
2.4.1 Static Strength of Shear Connectors

This section investigates different methods of calculating the static strength of headed
shear connectors (shear studs) embedded in a concrete deck. The AASHTO LRFD (2007)
specifications provide a method for calculating this value based on the work of Ollgaard et al.

(1971) as given by:
Qn = O'SA‘YC fclEc S ASCFM (227)
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Where: A,. = cross-sectional area of shear connector (inz)
f. =rib concrete compressive strength (ksi)

E. = modulus of elasticity of concrete (ksi)

F,, = specified minimum tensile strength of a shear stud (ksi)
The above equation only applies to solid slab construction, with the concrete deck cast directly
against the steel girder top flange.

When profiled sheeting is used as formwork, modifications to the above values are
required. According to Johnson (1995), when considering materials of the same strength, shear
connectors placed in the ribs of decks cast using profiled sheeting sometimes have a lower shear
resistance compared to those cast in a solid slab. This is caused by local failure of concrete in
the ribs. It is recommended that reduction factors be applied to the shear resistance of the shear
connectors calculated for solid slab construction. The reduction factor varies based on whether
the ribbing is oriented parallel or perpendicular to the longitudinal axis of the girders. Only the
case of ribs oriented perpendicular to the girders will be investigated in this thesis. The value of

the reduction factor, k;, as given by Johnson is:

k, _ 07 5, i—1 <1.0 (2.28)
JN, h,\ h,
Where: b, = width of rib taken at the centroidal axis of the profiled steel sheeting

N, = number of shear connectors in one rib, not to exceed 2 in calculations

h, = distance from top of slab to centroidal axis of profiled steel sheeting

h = height of shear connector
The equation above was based on equations developed in North America; however they have
been modified to fit European deck profiles. Also, there is no distinction provided in Eq 2.28
between shear connectors welded through the steel deck form and those welded through a hole in
the form (Johnson 1995).

Easterling et al. (1993) conducted a study that investigated the strength of shear studs in
composite beams when profiled steel deck form is used. The focus of this study was on the
placement of the shear stud within that rib, with the shear stud being in either a “strong” or
“weak” position. The need for this distinction results from the fact that shear studs have to be
placed off center due to the presence of a stiffener rib that runs down the center of the bottom

flange of the steel deck. A shear stud is said to be in the “weak” position if it is placed on the
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2

side of the deck stiffener closest to the end of the span as opposed to a shear stud in the “strong’
position which is placed on the side of the deck stiffener closest to the point of maximum
moment, as shown in Fig. 2.6. Differences in strength had been noted between the strength of
the shear studs in either position, a fact which is partially explained by the amount of concrete
between the shear stud and the deck web (Easterling et al. 1993). From the results of four
composite beam tests and eight push-out tests, Easterling et al. showed that existing design
methods for calculating the static strength of shear studs were unconservative, with shear studs
placed in the weak position having a lower static strength than those placed in the strong
position. In the beam tests, shear studs in the strong position tests failed by either shearing of the
stud shank or by the formation of a concrete shear cone. In the push-out tests, studs failed by the
formation of a failure surface in the concrete. Therefore, it was determined that stud strength as
a function of the concrete strength. Weak side studs failed by punching through the web of the
steel deck without developing the full strength of the concrete or stud shank, therefore the shear
stud strength was taken as a function of the steel deck strength. Easterling et al. made no

recommendations for changes to existing standards in this study.

Weak Side T Strong Side

—-all— Horizontal
Shear Force

Deck Stiffener

Figure 2.6: Strong Side versus Weak Side shear stud placement

(adapted from Easterling et al.1993)

Research conducted by Rambo-Roddenberry (2002) at Virginia Tech investigated the
strength of welded shear stud connectors in composite beams. The effects of friction, stud
position in the rib, normal force, concrete strength, and stud properties on shear stud strength

were studied through the testing of twenty-four solid slab push-out tests, 93 composite slab push-
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out tests, and bare studs. Also, the effects of shear stud diameter, steel deck height, and the
number of studs on stud strength were examined. Specimens utilizing profiled steel deck were
constructed with the ribs oriented perpendicular to the beams. The goal of this research was to
produce a new stud strength prediction model that accurately takes into account all of the design
variables mentioned previously. This model was then verified using the above tests and the
results of 61 other beam tests that had been reported previous to this research. The stud strength
prediction equation produced for shear studs in 2 in. and 3 in. deck with a stud diameter to flange
thickness ratio of less than or equal to 2.7 that is applicable to this research is given in Eq 2.29.
0, =R,R.R,AF, (2.29)
Where: R,

0.68 for eig.n. > 2.2” (strong position studs)

0.48 for eig.n. <2.2” (weak position studs)

0.52 for staggered position studs
R, = 1.0 for one stud per rib or staggered

0.85 for two studs per rib

R, = 1.0 for all strong position studs
0.88 for 22 gage deck (weak studs)
1.00 for 20 gage deck (weak studs)
1.05 for 18 gage deck (weak studs)
1.11 for 16 gage deck (weak studs)

The AISC Specification for Structural Steel Buildings (2005) provides a method of
calculating the static strength of shear studs that takes into account the effects of placement in the
steel deck form ribs that is based on the work by Rambo-Rodenberry (2002). The equation for
calculating the static strength of a shear connector as provided by the AISC Specification (2005)

is given by:

Q,=05A_f.E, <R R A_F, (2.30)

g p e

Where: A,. = cross-sectional area of shear connector (inz)

f. =rib concrete compressive strength (ksi)

'

E. = modulus of elasticity of concrete (ksi) = w'”,/ £,

w, = unit weight of concrete

F, = specified minimum tensile strength of a shear stud (ksi)

27



R, = 1.0 for one stud welded in a steel deck rib
= (.85 for two studs welded in a steel deck rib
= 0.7 for three or more studs welded in a steel deck rib

R, =0.75 when e, ,, =22.0in.
=0.60 when ¢, ., , <2.0in.

e,..... = the distance from the edge of the stud shank to the steel deck web measured

at the mid-height of the deck rib and in the load-bearing direction (toward
the point of maximum moment)
The values given above correspond only to profiled steel deck with ribs oriented perpendicular to
the steel shape with shear studs welded through the steel deck into the steel shape. Eq 2.30 is the
same as the AASHTO LRFD (2007) equation (2.27) except for the addition of the R, term that
accounts for the number of studs in a rib and he R, term that accounts for weak or strong side

shear stud placement.
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Chapter 3: Design, Fabrication, and Testing

3.1 Girder Design and Fabrication
3.1.1 Introduction

This section provides the details of the girder design, steel frame fabrication, and girder
instrumentation for the specimen constructed and tested. This section does not include the
details of the composite section design as that will be covered in a separate section to follow.
Details of the design include determination of girder size, bearing stiffener design and details,
and end diaphragm design and details. This is followed by discussions of the fabrication of the

test specimen and of the specifics of the instrumentation utilized.

3.1.2 Girder Design and Details

The girders used in this project have been designed as typical interior girders of the
fictitious design bridge shown in Fig. 3.1. The bridge was designed as simply supported with a
span of 30 ft. This span was chosen because it represents a typical span length for bridges in
which this design system is intended in the field as well as being a length which can easily be
accommodated in the lab. The design of the bridge superstructure was conducted following the
2007 AASHTO LRFD Bridge Design Specifications with the only departures occurring in the

areas covered by the scope of this project, as will be described in later sections of this chapter.
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Figure 3.1: Full design bridge cross-section
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The details of the design are provided in Appendix A. A two interior girder section of the bridge
(with effective deck flanges) was constructed and tested at full scale. The girders used in the
design and test specimen were W21x50 sections composed of A992 steel with the section
properties provided in Table 3.1. Several other sections were considered for use (W21x55,
W21x62, W24x55, W24x62, and W24x68) however the W21x50 section was chosen because it
was the most economical section that fulfilled the requirements of the design bridge. The girders
have a total length 32 ft to allow for the full bearing area of the neoprene bearing pads to be used

as well as for ease of detailing.

Table 3.1: W21x50 section properties

W21x50 Section Properties

Depth 20.8 in
Area 14.7 in’®

ty 0.380 in.

b 6.53 in.

t; 0.535 in.

) 984 in*
S, 94.5 in’

As result of the large loads at the bearings due to self-weight of the test specimen and the
fatigue and static loads applied, the girder web alone was not thick enough to satisfy the Strength
limit state provisions for Web Yielding and Web Buckling and therefore, bearing stiffeners were
added. The bearing stiffeners also provided a way for the end diaphragms to be framed into the
girders and therefore the stiffeners on the interior girder face were detailed keeping this in mind.
The details for the stiffeners are provided in Fig. 3.2. The stiffeners have a thickness of 3/8 in.
The stiffeners were welded to the top flange, web, and bottom flange at the center of bearing
locations before installation of strain gauges so that the welding process did not damage the
gauges. No intermediate stiffeners were used as the loading is through the deck and therefore
does not act as a point load. Also, as part of the scope of this project, no intermediate
diaphragms or cross frames were used because it is assumed that adequate lateral bracing is
provided by the steel deck. This goes against AASHTO LRFD (2007) specifications which state

that steel deck should not be assumed to provide sufficient lateral support to the girder top flange
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during deck placement. Therefore, no intermediate stiffeners were required for framing

purposes.

1.25" ‘ 1.75"
e

N—13/16"
Diameter

19.75"

Figure 3.2: Bearing stiffener details

End diaphragms are required to add stability to the girders during framing and also to
transfer wind load from the concrete deck to the bearings in the design bridge. The end
diaphragms were designed as compression members and detailed according to AASHTO LRFD
(2007) specifications, which require that end diaphragms be greater than one-half the depth of
the steel girders. The lightest member allowed under this specification was a C12x20.7, which
had more than enough compressive capacity and therefore was chosen for use in the test
specimen. Details of the diaphragm member are given in Fig. 3.3. The final steel frame system

(girders, stiffeners, and diaphragms) is shown in Fig. 3.4.
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Figure 3.3: End diaphragm detail
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Figure 3.4: Final steel frame system

3.1.3 Girder Fabrication and Materials

All of the steel sections for the test specimen were fabricated in the Virginia Tech
Structures Laboratory where the test specimen was constructed and tested. The W21x50
members had been cut to the specified 32 ft length by the steel supplier, with the 3 ft drops
included for material property testing, and therefore no additional modifications were required.
No girder camber was requested from the steel supplier. Both the bearing stiffeners and end
diaphragms were fabricated in the lab. The bearing stiffeners were welded in place first and then
girders were set at the required 7 ft spacing. Once the girders were in place, end diaphragms
were installed and then any skew in the frame was removed by checking that both diagonals of
the steel frame were equal and adjusted if necessary. Coupons were cut from the girder drops
and tensile tests were conducted to determine girder steel properties. After the steel framing
system had been put in place, it was discovered that Girder 1 (G1) had a slight (~.75”) lateral
sweep at midspan, a fact that could affect clear edge distances for the shear studs with respect to
the girder top flange. To solve this, girder ends were secured using C-clamps at bearing
locations (see Fig. 3.2) and a come-along jack was hooked to the bottom flange of the girder and

then secured to the reaction floor. The sweep was then eliminated by jacking the bottom flange
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closer to the reaction beam, as illustrated in Fig. 3.5. The jack was removed after the concrete

deck had been poured and cured.

Figure 3.5: Removal of girder lateral sweep

3.2 Deck Design and Fabrication
3.2.1 Introduction

This section provides the details of the design and fabrication of the concrete deck
portion of the composite bridge system. The particulars of the design include deck dimensions,
steel deck details, rebar details, and concrete mixture information. Information regarding the
actual formwork construction and deck pour follow this.

A total deck width of 14 ft that spans the entire 32 ft length of the girders was chosen
because it provides each individual composite girder with a total deck flange width of 7 ft, equal
to the girder spacing. This is important because the effective slab width utilized in the design,
according to AASHTO LRFD (2007), is the full girder spacing. Also, a 14 ft wide deck was
chosen because it easily fits between the 16 ft reaction floor beams at the Virginia Tech

Structures Laboratory.

3.2.2 Deck Design and Details

As with the girders above, the deck has been designed to fulfill the requirements of the
fictitious complete bridge shown in Fig. 3.1 as set forth in the AASHTO LRFD (2007)
specifications. The deck is an 8 in. thick solid slab (not including rib depth) composed of
concrete having a design compressive strength of 4000 psi with two layers of 60 ksi yield

uncoated (black) reinforcing steel in a top mat and a bottom mat. The deck design calculations
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are provided in Appendix A. The final rebar layout utilized both #4 and #5 bars placed as shown

in the cross section given in Fig. 3.6. All rebar used was delivered in the length required,

therefore no rebar splices were used in the specimen.
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Figure 3.6: Deck reinforcing layout cross-section
The concrete e used in the test specimen deck was a typical Virginia Department of
Transportation (VDOT) 4 ksi normal weight deck mix, a type commonly used for bridge decks

in the state of Virginia. The target mix design for each of the two trucks is given in Table 3.2.

Table 3.2: Target deck concrete mix

Component Target Quantity
(per cy)
Portland Cement 500.7 1b
Sand 1202.8 1b
No. 57 Stone 1773.8 Ib
Flyash 166.9 Ib
Water 30.9 gal
Air Entrainment 2.6 0z
Super Plasticizer 3340z

Profiled steel deck was used to support the fresh concrete during deck placement. The
steel deck was designed to be placed continuously across the top flanges of the girders to support
the weight of the full concrete deck placed on it, including the concrete in the ribs, based on the
fictitious design bridge. The deck was designed as a continuous member, which is an advantage

over the current simply-supported design as the moment demand will be less at the critical
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section which allows for the use of lighter decking. The particulars of this design are given in
Appendix A. A 20 gage Strongweb bridge form, manufactured and supplied by Wheeling
Corrugating, Co. (www.wheelingcorrugating.com), was used in the construction of the test
specimen. Details of the form are given in Table 3.3. The dimensions as given by the supplier
of the steel deck used, which is unsymmetrical, are given in Fig. 3.7. Each section of steel
decking used in the test specimen spanned the entire 14 ft width of the concrete deck so no joints
were required. Three tensile coupons were cut from steel deck material and tested to determine

the yield stress and ultimate stress of the deck steel.

Table 3.3: Steel deck form properties

Depth (in) 2.5
Pitch (in) 8
Panel Width (in) 32
Thickness (in) 0.0359
Section Modulus (in®) 0.457
Moment of Interia (in4) 0.623
Weight (psf) 2.250

"1 "

4"

VA

—1 "

8" FITCH

VARNVAR

Figure 3.7: Steel deck dimensions
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3.2.3 Deck Fabrication

Once the steel frame system had been fabricated and set, the steel deck was placed one
panel at a time with overlaps at the joints down the entire length of the specimen, requiring a
total of 12 panels, as shown in Fig. 3.8(a). The joints were secured by drilling self-tapping
screws through both deck sections of the lap at 1 ft increments across the entire 14 ft width of the

panels. The formwork extended ~3.5 in. beyond the far end of the girders and so a plasma cutter
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was used to trim off the excess at the girder end. Also, the steel deck ends were swedged down

to allow for proper connection to pour stops at the edges of the deck, as shown in Fig. 3.8(b).

Figure 3.8: Steel deck construction details (a) at form placement (b) swedging of steel deck

(c) welded shear studs

At this point, the shear stud locations were marked and shear studs were welded in place
as illustrated in Fig. 3.8(c). Shear studs and ferrules for this project were manufactured and
supplied by Nelson Stud Welding. All shear studs were sound tested to check for weld quality
and any studs not passing this test were subjected to the 15°bend test. Any shear stud failing
this test was removed and a new stud was welded in its place. The ferrules were then broken off
and the bridge was cleared of all debris prior to placing concrete.

Formwork for the concrete deck was constructed as shown in Fig. 3.9. The 10.5 in. tall
steel pour stops were installed first by placing them against the bottom of the steel deck forms
and drilling a self-tapping screw up through both the pour stop and the bottom of the ribs at a
spacing of every other rib. A 2 ft overlap was provided at each pour stop joint to provide
adequate strength to support the fresh concrete. Corners were secured with 6 in. angles cut out
of excess pour stop material and then screwing both edges of the pour stop into this angle (see
Fig. 3.10(a)). To prevent the tops of the pour stops from bowing out due to excessive concrete
pressure during deck placement, 1 in. wide steel straps were installed every 3 ft to connect the
tops of the pour stops down to the steel deck, as shown in Fig. 3.10(b). These support straps
were placed on the inside of the pour stops and attached by inserting screws from the outside of
the form for ease of pour stop removal. Pour stops and steel support straps were both provided

along with the steel deck by Wheeling Corrugating, Co.
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Figure 3.9: Bridge concrete deck formwork

Figure 3.10: Concrete deck formwork details (a) pour stop corner (b) pour stop support straps

(c) timber kickers

To support the 3.5 ft deck overhangs before curing of the concrete, 2 in. by 4 in. timber

kickers were secured between the girder and the pour stop, as shown in Fig. 3.10(c). This design

was chosen because it was desired to have the girder support the formwork during deck

placement so that an unshored condition was created. The timber kickers were installed every 2

ft (every third swedge location) by first lifting the edges of the steel deck up so that the

overhangs were level using hydraulic

bottle jacks, as seen in Fig. 3.10(c). This was done

because the deck had a slight camber to it, causing a “rainbow” effect of the formwork. Once

level, the timber kickers were installed by placing the proper end in the cavity formed between
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the swedging of the steel deck and the pour stop, followed by wedging the other end into the
bottom corner of the girder (Fig. 3.10(c)).

The two layers of reinforcing steel were added following the installation of the pour
stops. For the bottom layer, 5/16 in. rebar chairs were distribution across the top of the steel
deck at a spacing of 3 ft (see Fig. 3.11(a)) after which the transverse rebar (No. 5 bars) then
longitudinal rebar (No. 4 bars) were laid out on top of these at their respective spacing. The two
directions of reinforcing steel were secured together at every other joint using rebar ties. The top
rebar layer was constructed in much the same way, using individual 4.5 in. rebar chairs that were
set on the top of the ribs. The rebar chairs were placed in a 2 ft by 2 ft grid pattern and the
longitudinal rebar was placed directly on top followed by the transverse rebar. The joints were

again secured using rebar ties; however, the rebar chairs were tied to the steel bars whenever

possible to prevent chair movement during the deck pour.

Figure 3.11: Concrete deck pour details (a) Rebar placement (b) deck pour (c) deck moist curing

Approximately 13 cy of concrete was required to complete the deck pour and therefore
two concrete trucks with 7.25 cy of concrete apiece were ordered. The actual mix provided for
each truck is given in Table 3.4. The concrete was transferred from the truck to the formwork
using a 1 cy hopper that was transported using an overhead crane, as shown in Fig. 3.11(b). The
concrete deck was consolidated using wand vibration and then leveled using a vibrating screed
over the entire length of the specimen. Once the deck had been placed, vibrated, and leveled the
top was float finished to provide a smooth surface. Once finishing was completed, the top
surface of the deck was covered in wet burlap followed by plastic sheeting, with the burlap being
rewet once a day (see Fig. 3.11(c)). The deck was allowed to moist cure in this manner for seven

days, after which the plastic and burlap were removed. The deck was dry cured for an additional
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twenty-one days. Twenty-two cylinders (eleven from each truck) were cast and allowed to cure
under the same conditions as the deck for material property testing. All pour stops were

removed seven days after the pour was completed.

Table 3.4: Actual concrete deck mix provided

Mix Provided
Truck 1 Truck 2
Component

(per cy) (per cy)
Portland Cement 504.11b 495.9 1b
Sand 1189.0 Ib 1139.3 1b
No. 57 Stone 1765.5 1b 1757.21b
Flyash 168.31b 171.71b
Water 30.9 gal 30.9 gal
Air Entrainment 250z 250z
Super Plasticizer 33.2 0z 33.1 0z

3.3 Composite Section Design
3.3.1 Introduction

This section covers the details behind the composite section utilized in the test specimen.
The details of the design include size and number of shear studs installed, location of the shear
studs, and limit states checked. This is followed by a discussion of the instrumentation used to

track the results.

3.3.2 Composite Section Design

Two different shear stud configurations are used in the test specimen to help provide a
better picture of the effect that number of shear studs has on the structure, as shown in Fig. 3.12.
The shear studs used were 7/8 in. diameter with a 6.125 in. height (before welding) and have
been manufactured and provided, along with the ferrules required for welding through steel deck,
by Nelson Stud Welding. In the near half span of the specimen, only one stud will be placed in
each rib to produce a very low level of shear connection (31.9% of full composite, based on
measured steel properties). On the far half of the bridge two studs was placed in every rib
location. This is the maximum number of 7/8 in. studs that can be set in each rib based on the

detailing requirements provided by the AASHTO LRFD (2007) specifications and therefore
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produces an upper bound of the level of shear connection (54.2% of full composite based on
measured steel properties) that can be achieved using the Strongweb bridge decking with a
W21x50 steel section. Both levels of shear connection have been checked for compliance with
the AASHTO LRFD (2007) specifications in the fictitious design bridge. The values used for
the static strength of an individual shear stud were calculated based on the equations presented in
the AISC Specification for Structural Steel Buildings (2005), as opposed to the equations given
by AASHTO specifications. This was done because the AISC equations are applicable to studs
welded in ribbed steel decking and therefore account for strong or weak side placement whereas
the AASHTO equations do not. Weak position shear stud strengths were used because there is
less than 2 in. of space between the shank of the stud and the form web at midheight. All
AASHTO LRFD limit states check out except the Fatigue limit state, where the stud spacing for
one stud per rib and two studs per rib, 3.9 in. and 4.75 in. (measured) respectively, is less than
the 8 in. used in the test specimen. This pitch will never be achieved due to the set spacing of the

steel deck forms, which represents another departure from AASHTO LRFD (2007) design.

7/8"

M

1.0775"%ﬁ ] | ]
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/\

Far Half Span Near Half Span
Figure 3.12: Shear stud layout

3.4 Testing Setup, Instrumentation, and Procedure
3.4.1 Testing Setup

The test setup for all parts of this study is the simply-supported bridge test specimen with
a 30 ft span length. All construction, instrumentation, and testing was completed at the Virginia

Tech Structures Laboratory. Figure 3.13 shows how the specimen girders bear on neoprene
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bearing pads that have been centered on the girder bearing stiffeners to achieve the simply
supported, 30 ft span required. The bearing pads then rest on W14x99 support beams on the
span ends that are bolted to the reaction floor in the laboratory to prevent movement. This
support setup was chosen because it accurately recreates bearing and support conditions used in
the field and also because the lab already owned reinforced neoprene bearing pads that could be

used for this purpose.

N

N ﬁﬂansverse
eoprene Brace Angle
Bearing Pad \W1 4x99 °

Support Beam

Figure 3.13: Girder bearing details

Two types of bracing were installed to prevent movement of the test specimen during the
cyclic loading of the fatigue tests. To restrain transverse movement, a series of 2.5 in. wide steel
angles (L6x4x3/8) were bolted to the support beam outside of the bearing pads on either side of
the specimen girder bottom flanges, as shown in Fig. 3.13 and 3.14. Two of these angles were
attached at each bearing location and were placed so that the vertical leg bore directly against the
bottom flange, completely restraining all movement. Longitudinal movement was prevented by
bolting a 6 in. long wide flange member to the support beam at the center of the end diaphragm,
as shown in Fig. 3.14. To allow for rotation of the end diaphragm during loading, the
longitudinal bracing was installed so that there was a 0.25 in. clear space between itself and the

specimen end diaphragms.
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Figure 3.14: Test specimen bracing types

3.4.2 Testing Instrumentation

Several different types of sensors were used to acquire data relating to strain, slip, and
deflections over the course of the testing. Two types of sensors were used to measure vertical
deflections at various points under the girders and at the supports during the tests. Displacement
transducers, which from this point on will be referred to as “wire pots,” manufactured by Celesco
Transducer Products, Inc. (www.celesco.com) were used that had an approximate stroke length
of 10 in. and an accuracy of 0.005 in. Wire pots were placed both at the point of loading and at
the mid-span of the girders where they were attached to a small steel plate that had been clamped
to the bottom flanges of the girders in such a way that they could be easily unhooked, as shown
in Fig. 3.15(a). Dial indicators, referred to here after as “dial gauges,” manufactured by Peacock
were used that had a total stroke length of 1 in. with an accuracy of 0.001 in. Dial gauges were
placed at three locations: at the point of loading, at the mid-spans, and at the girder supports.
Dial gauges placed at the point of loading and mid-span were placed so that they were bearing
against the bottom of the bottom girder flange as close to the center of the flange as possible.
Dial gauges were also used to measure support deflections, as shown in Fig. 3.15(b). At all dial
gauge locations the surface of the steel was smoothed using a belt sander to reduce error

resulting from surface imperfections.
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Figure 3.15: Vertical deflection sensors (a) support dial gauge placement

(b) in-span dial gauge and wire pot placement

Another method used to monitor loss of stiffness in the specimen was by tracking the
movement of the elastic neutral axis in each fatigue test conducted. This was accomplished
using strain gauges to determine the strain distribution of the section at a given number of cycles.
Strain gauges were placed on the girder prior to the setting of the girders and placement of the
deck so that strain gauge installation was easier. Seven strain gauges were installed at the
quarter spans on both girders, as shown in Fig.3.16. This lead to four total gauge locations
between the two girders, resulting in a total of 28 strain gauges on the test specimen. Gauges
were placed on both girders at the same locations and orientations. Quarter span locations were
chosen because these are the points of loading for the fatigue tests and therefore are the points of
maximum moment. Strain gauges were placed in a vertical line at the locations of interest with
one on the bottom of the bottom flange, one on the bottom of the top flange, three on the exterior
face of the girder, and two on the interior face as shown in Fig. 3.17. The top gauge was placed
on the bottom of the top flange as opposed to the top of the top flange to avoid damaging the
gauge as result of steel deck placement and shear stud welding. Strain gauges used were CEA-

13-250UN-350 gauges produced by Measurements Group, Inc.
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Figure 3.16: Strain gauge locations on girder
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Figure 3.17: Strain gauge vertical placement

Measurements of the slip between the concrete deck and the steel member were taken in
the shear span during each test. To remove any effects of the steel deck on the steel-concrete
interface the measurements must be taken between the steel member and the actual concrete in
the deck. To accomplish this, a 1 in. diameter hole was drilled through the steel deck form (on
the bottom of the specimen deck) with a clear distance of half an inch from the girder top flange.
This hole did not continue into the concrete, as shown in Fig. 3.18(a). At this point, a quarter
inch hole was drilled into the concrete after which a plastic wall anchor was inserted and epoxied
in. Once set, a concrete cut nail was hammered and epoxied into the anchor and a 1 in. by 1 in.
thin steel tab was fixed to the end of the nail. A linear variable differential transducer (LVDT)
sensor was then screwed into a bracket and then attached to the top of the girder top flange the
rib void adjacent to where the deck form hole was drilled and adjusted until the plunger of the
LVDT bore against the center of the steel tab. The LVDT was placed as close as possible to the
steel tab while still remaining in the accurate working range of the sensor. Slip measurements

were taken at three points in the shear span: one at the point of load, one at the very end, and one
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in the middle of these two, referred to as the mid-shear span. The end slip LVDTs are set up
slightly differently than the two interior sensors as they bear directly against a 1 in. by 1 in. steel
tab epoxied to the deck end, as shown in Fig. 3.18(b). The LVDT’s used were manufactured by
Trans-Tek and had an accuracy of 0.0005 in.

Figure 3.18: LVDT slip sensor setup (a) Interior slip sensor (b) end slip sensor

Additionally, data was collected from the hydraulic actuator LVDT and load cell, which
provided measurements of actuator deflection and load, respectively, to be used in analysis.
Four strain gauges were applied to the top of the concrete deck after fatigue testing had been
completed to track deck strain during the ultimate capacity tests. All data from the strain
gauges, wire pots, LVDT’s, and the actuator load cell during the fatigue testing was collected
through the System 6000 data acquisition system in conjunction with the computer program
StrainSmart 6000, a product of Vishay Measurements. All sensors used in the static testing were
calibrated and collected using a System 5000 scanner (produced by Vishay Measurements) in
conjunction with the Strain Smart 5000 program installed on a lab computer. Once collected,
raw data for the fatigue and static tests were reduced into a Microsoft Excel spreadsheet for

analysis.

3.4.3 Steel Deck Lateral Restraint Testing Procedure

The ability of the steel deck form to act as full compression flange lateral bracing was
investigated during the placement of the specimen concrete deck. To track this, dial gauges were
used to measure both the vertical and lateral deflections once the entirety of the deck had been
poured. Vertical deflections were measured at both quarter-spans and at the mid-span on both

beams, with the reading being measured from the bottom of the bottom flange. Lateral
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deflection measurements were taken at the midspan of both beams using a steel angle clamped to
the bottom flange, as shown in Fig.3.19. Readings were taken from all dial gauges before deck
placement, immediately after deck placement, and at various times for 14 days following deck

placement to track any movement that occurred during the cure period.

Horizontal Deflection
Dial Gauge

Vertical Deflection
Dial Gauge

Figure 3.19: Instrumentation for lateral stability test at mid-span

3.4.4 Fatigue Testing Procedure

Two fatigue tests were conducted as part of this research. Each test consisted of a cyclic
loading (following a sine wave function) repeated a set number of times with a different target
load range (the maximum load minus the minimum load) for each test. Each load range is based
on the properties of the specimen quarter-span being tested, as will be discussed later. To track
the degradation of the composite section over the course of each test, static tests were conducted
following the completion of a predetermined number of cycles during which strain, deflection,
and slip data was gathered. The static test intervals roughly followed a log scale with tests
completed after 1, 10, 100, 1000, 10000, 50000, and 100000 cycles. Additional static tests were
conducted after every 100000 cycles until 1.2 million cycles was reached. At each stopping
point, three static tests were conducted. For each static test, an initial compressive load of 1 kip
was applied after which the load was increased at a linear rate until the load on the specimen was
equal to 1 kip greater than the range of the cyclic load being applied for the given fatigue test.
This resulted in a total load increase equal to the value of the cyclic load range. The load was
sustained at this maximum value until the necessary data had been gathered, after which the load
was reduced back to 1 kip at the same linear rate as the increasing load. During each static test,
data from the strain gauges, LVDTs, and wire pots were taken continuously during the entire test

from just before the ramp loading began to just after it ended at the starting load at a rate of 10
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scans per second using the data acquisition system. Dial gauge deflection readings were taken
by hand at the point of initial load and again at the maximum load as a check for wire pot
deflection values. At every stopping point after 100,000 cycles had been reached, the test
specimen, testing equipment, and load frame were thoroughly inspected for damage resulting
from the fatigue loading to determine if it was safe to continue testing.

For both tests, a 225 kip hydraulic actuator with a 20 in. stroke length connected to a 30
gpm hydraulic power supply was used to apply the cyclic loading during the fatigue tests. The
actuator was mounted in the center of a steel load frame consisting of two vertical columns and
two cross members that were bolted down to the reaction floor to ensure that a closed loading
system was created, seen in Fig. 3.20. To prevent any lateral or longitudinal movement of the
actuator during testing, steel angle bracing was installed that connected the body of the actuator
to the columns of the load frame, also shown in Fig. 3.20. The bracing had a clear distance of
0.75 in. from the actuator body on all four sides with bolts placed through nuts welded to the
angles that bore against the actuator body which made it possible to adjust the actuator location.
Once the actuator was plumb, the bolts were tightened which locked the actuator in place. To
properly distribute the load applied by the actuator to the two specimen girders, the actuator head
was bolted to the center of a 9 ft long, wide flange spreader beam that bore on two 14 in. by 9 in.
by 2.5 in. thick neoprene bearing pads placed on the specimen deck. The neoprene bearing pads
were placed at a 7 ft transverse spacing (3.5 ft from the longitudinal centerline of the bridge) on
the test specimen at the loading point. This was done to ensure that exactly half the load was
transferred directly to each girder while also providing a 2.5 in. clear distance between the deck

and the spreader beam that accounted for deflections in the spreader beam under loading.
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Figure 3.20: Fatigue testing setup

The first fatigue test took place at the quarter point in the near side mid-span of the test
specimen where shear studs were positioned in a one connector per rib layout. The cyclic loading
for this test was applied at the near side quarter-span location, as shown in Fig. 3.21, so that the

shear studs between the load point and near end of the specimen were receiving the largest
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horizontal shear and therefore were the most susceptible to fatigue damage. A 50 kip cyclic load
range was calculated for this test based on the AASHTO LRFD (2007) design specification
equation for the spacing of shear connectors under fatigue loading utilizing a 1,000,000 cycle test
length, a shear stud pitch of 8 in. (the rib spacing), a one stud per group layout, and section
properties which had been determined from static tests of the specimen. Details of the
calculations used to determine the load range are given in Appendix B. The test specimen was
loaded cyclically between 5 kips and 55 kips to achieve this range. The cycle rate for the fatigue
loading of 1 Hz was based on the limitations of the hydraulic power supply unit. For the static
tests, the load was ramped from 1 kip to 51 kips in compression at a constant rate of 250 pounds
per second to get the required data. Originally, the first fatigue test was designed to run for
1,000,000 cycles. However, it was later decided to increase the number of cycles to 1,200,000
for two reasons: to determine if trends in the static testing data would continue at the same rate as

was being observed and also to observe specimen behavior beyond the design number of cycles.
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Figure 3.21: Fatigue Test 1 details

Figure 3.21 shows the type and locations of the sensors used to acquire the data during
the static tests at stopping points. The sensor layout was exactly the same for both specimen
girders with the one exception that the LVDT slip sensor at the point of loading on girder one
had to be replaced with a dial gauge because the input for that sensor on the data acquisition
system was not functioning properly and would not be fixed in time to be of use in the first test.

Therefore, data for that location was recorded by hand at the same time as the other dial gauges
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(see above). All dial gauges and wire pots measuring vertical deflection were supported by the
floor of the lab that all of their reference points were the ground. Once testing began, no sensors
were moved from their starting positions to ensure that no error was introduced with regards to
the data taken. All LVDTs and wire pots were zeroed just before testing began. Once testing
had begun, all wire pots and the load input from the actuator load cell were zeroed before every
individual static test conducted. There was no need to zero the dial gauges for this testing.
While the cyclic loading was being applied, all wire pots were detached from the girder bottom
flanges and all dial gauges were clipped so that they were not bearing against the girder bottom
flange. This was done to prevent any damage to sensors due to repeated loading. It was decided
to leave the LVDT sensors in place during cyclic loading because the distance that they move
through is small enough that it would not cause any damage to the sensors. Values for the
applied load were collected from a load cell that was part of the MTS hydraulic actuator.

The second fatigue test performed on the test specimen took place in the far side mid-
span of the test specimen where shear studs were positioned in a two connector per rib layout.
The cyclic loading for this test was applied at the far side quarter-span location, as shown in Fig.
3.22, so that the shear studs between the load point and far end of the specimen were receiving
the highest vertical shear and therefore were the most susceptible to fatigue damage. A 95 kip
cyclic load range was calculated for this test based on the AASHTO LRFD (2007) design
specification equation for the spacing of shear connectors under fatigue loading utilizing a
1,000,000 cycle test length, a shear stud pitch of 8 in. (the rib spacing), a two studs per group
layout, and section properties which had been determined from static tests of the specimen
conducted before the test began. Details of the calculations performed to determine the load
range are given in Appendix B. The test specimen was loaded cyclically between 3.5 kips and
98.5 kips to achieve this range. Due to the large loads being applied to the specimen and the
resulting large deflections, the cycle rate for the second fatigue test had to be reduced to 0.7 Hz.
For the static tests, the load was ramped up from 1 kip to 96 kips in compression at a constant
rate of 500 pounds per second and then back down to 1 kip at the same rate to get the required
data. As was the case with the first test, it was decided to increase the number of cycles by
200,000 above the originally planned 1,000,000 cycles. The goal, again, was to observe whether
trends observed in the design number of cycles would continue past that point and if so, would

they continue at the same rate.
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Figure 3.22 shows the type and locations of the sensors used to acquire the data during
static tests performed at stopping points. The sensor layout was exactly the same for both
specimen girders. To more accurately account for the compression of the bearing pads at the
girder supports, one additional dial gauge per girder (two total) was added at the near side
support to measure the deflection of the girder bottom flange at the supports farthest from the
point of loading. All other sensors were located as shown and placed in the same way as in the
first fatigue test, described above. All wire pots and dial gauges were again unhooked from the
girder bottom flange during cycling, as in the first test, to prevent causing unnecessary damage to

the sensors.
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Figure 3.22: Fatigue Test 2 details

3.4.5 Static Testing Setup and Procedure

Upon completion of the second fatigue test, static tests were conducted at the quarter
points of each half of the test specimen to determine the residual capacity (or plastic moment
capacity) of each type of stud layout to observe how these compare to calculated values. The
static test support conditions were kept the same as in the fatigue testing, with the bridge resting
on 9 in. by 14 in. neoprene bearing pads to create a simply supported condition. Longitudinal
and transverse bracing was also kept in place to ensure that no movement of the test specimen

occurred. The overall test setup is shown in Fig. 3.23.
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Figure 3.23: Static testing setup

The amount of load required to achieve the ultimate capacity of the specimen was greater

than what could be applied by the 220 kip MTS hydraulic actuator used in the fatigue testing;
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therefore, a new type of loading system was required. To generate the amount of load necessary
for this test, a system consisting of two 200 ton capacity Enerpac hydraulic jacks was utilized.
The Enerpac jacks were mounted to a steel load frame at locations directly above the test
specimen steel girders, creating a transverse spacing of 7 ft, as shown in Fig. 3.23. These
locations were chosen to ensure that the entirety of the load from each jack was transferred
directly to the girder it was placed above and also to ensure that a punching shear failure of the
concrete deck did not occur. The load frame consisted of two W27x84 cross members bolted to
W21x62 columns that were then bolted to the reaction floor of the laboratory to create a closed
loop loading system. Each jack bore directly against a swivel plate that had been placed on top
of a series of steel plates that increased in size to spread the load over a larger area on the
concrete deck. The swivel plate was added to account for out-of-plumbness in the hydraulic
jack. The two jacks were connected in series to an electric pump with the assumption that if
each jack received the same amount of fluid pressure, then both would apply the same load. A
250 kip capacity load cell was mounted above the each jack so that the load in each jack could be
monitored during testing. Both load cells were calibrated to 225 kips using a universal tester
located in the laboratory. Another swivel plate was placed between the load cell and the actuator
seat so that bending of the load cell would not be an issue.

The instrumentation for the residual strength testing was similar to that used in the fatigue
testing, with a few notable differences. Vertical deflections were measured using wire pots at the
point of loading and at the midspan of both girders and were attached to the specimen flanges by
using magnets with hooks. Eight additional wire pots were added, two at each support location,
to measure the compression of the neoprene bearing pads and specimen rotation at supports.
These wire pots were located on the inside and outside of the bearing locations at 9 in.
longitudinally from the center of bearing. Slip measurements were taken at the same locations as
the fatigue testing (at the point of loading, at the end of the specimen, and at the mid-point
between the first two) with exactly the same setup as described above. Strain data was taken
using the same strain gauges (and therefore the same layout) as the fatigue tests, however four
strain gauges were applied to the concrete deck for these tests to track the strain in the top of the
deck. One concrete strain gauge was placed near each of the four total load points at a location 4
in. toward the longitudinal centerline of the specimen as measured from the edge of the neoprene

bearing pad. Values for load were recorded using both of the load cells placed above each
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Enerpac hydraulic jack to permit real time monitoring of applied load in each girder. To allow
for visual confirmation of yielding in the steel girders, the exteriors and bottoms of both girders
were whitewashed using a mixture of lime and water (in a 3:2 ratio, respectively) to a distance of
3 ft on both sides of the point of loading.

The first static test was conducted at the quarter point of the test specimen located in the
near half, where there was a one stud-per-rib layout. Loading and instrumentation details of the
first static test are given in Fig. 3.24. The purpose of this test was to determine the elastic
response of the test specimen with the one stud-per-rib layout. An initial load of 20.0 kips,
approximately 12% of each girder’s near-half calculated plastic capacity of 170.6 kips for each
composite girder, was applied to each girder and then removed to seat the specimen before the
static test began. Details of the calculation of plastic moment capacity are given in Appendix G.
All instruments were zeroed following the seating of the specimen. For the actual test, load was
applied in 5 kip increments until up 65 kips was reached on each girder. At this point, the test
was stopped while the specimen was still in the elastic response region and the specimen
unloaded to prevent causing any significant damage that could negatively affect the results of the
second test. The results of the second test were deemed to be of greater value due to the more
reasonable level of composite action utilized in the two stud-per-rib geometry. The specimen

was unloaded and the load frame moved to the far side quarter point to run the second static test.

End of Loading End of
Span Mid-Span - Position Span
| 7-6 i 4-5" 3-1" 1.0
R R I T T I A L
Far N\ Strain :LVDT Near
Side Gatiges (Typ) Side
E__= E__EN
ﬁ FWire Pot
- - (Typ) - =

Figure 3.24: Near side static testing details
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The second static test was conducted at the quarter point of the test specimen located in
the far half, where there was a two stud-per-rib layout. Loading and instrumentation details of
the first static test are given in Fig. 3.25. A load of 26 kips, approximately 15% of the calculated
plastic capacity of 204.2 kips for the far half test specimen, was initially applied and removed to
seat the specimen for the test and then all instruments were zeroed. Details of the calculation of
plastic moment capacity are given in Appendix G. Load was then applied in 5 kip increments
while a plot of the load versus vertical deflection at the point of loading was created. At the
point when the graph began to indicate a non-linear behavioral response of the specimen, the
method of loading was changed from increments of load to increments of deflection. Loading
was continued until a total vertical deflection of 2.75 in. at the point of loading was reached,
where it was determined that the plastic moment had been attained. The specimen was then
unloaded and the load frame and all sensors were moved back into position to load the near half

quarter point.

End of Loading _ End of
Span . Position Mid-Span Span
-0 3-25" 4-35 i 7.6 |
Far CLVDT Strai J/ Near
Side (Typ.) Gauges Side
B i
ﬁ Wire Pot
- - Wro Pot—s - -

Figure 3.25: Far side static testing details

The third static test was conducted back at the quarter point of the specimen located in
the near half, the same location as the first half, with the goal of determining the plastic capacity
of the one stud-per-rib layout. See Fig. 3.24 for details of the loading and sensor layout. The
test was conducted in exactly the same manner as the second static test, with a load controlled
application until a non-linear response was attained followed by a deflection-controlled

application until a deflection of 4 in. had been reached at the points of loading for the girders, at
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which point it was determined that the plastic moment capacity had been reached. This

concluded all laboratory testing.
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Chapter 4: Supplemental Testing Results

4.1 Material Properties
4.1.1 Deck Concrete Properties

The composite deck for the test specimen was cast on November 19, 2008 during which 4
in. by 8 in. cylinders were poured from each of the two trucks providing the concrete. The
casting was followed by a 7 day moist cure period after which the pour stops were removed from
the specimen, which was followed by another 21 days of open curing. Every seven days during
the 28 day cure period, cylinders from both batches of concrete (Truck 1 and Truck 2) were
broken to determine the respective compressive strengths, with two cylinders typically being
broken for each test and the results averaged. All testing was conducted at the Virginia Tech
Structures Laboratory. At 28 days, tests were also conducted to determine the modulus of the
elasticity as well as the compressive strength. Comprehensive results of these tests are given in
detail in Appendix C. Table 4.1 gives the measured average compressive strengths, modulus of
elasticity, and the AASHTO LRED (2007) calculated value (E. = 33000w.'”f**) for the
modulus for the given concrete ages. Both trucks batches had a larger average compressive

strength than the target of 4,000 psi specified, with both reaching the target strength by 14 days.

Table 4.1: Deck concrete properties

£ (si E. (ksi)
Con(ccgz)Age e (ksi) Measured 33,000w,°f 0
Truck 1 Truck 2 Truck 1 Truck 2 Truck 1 Truck 2
7 2.26 3.62 - - - -
14 5.01 4.97 - - - -
21 5.31 5.23 - - - -
28 5.89 5.19 4400 4100 4390 4130

Unit Weight = 0.144 kip/ft’

4.1.2 Steel Girder Properties

Material properties for the steel girders used in the test specimen were calculated based
on tensile tests conducted on steel coupons cut from the 3 ft drops of the girders used in the

specimen. Three coupons were cut from each of the flange and the web (six coupons total) of
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one of the drops and tested using the SATEC in the Virginia Tech Structures Laboratory and
these results were averaged to determine the section properties desired. All coupons were cut
and tested following ASTM standards. The section properties resulting from each of the tests are
given in Table 4.2. Both girders were rolled in the same heat and therefore it was deemed
acceptable to test coupons from just one girder drop. The measured average yield stress for the
steel samples was 60.0 ksi which is significantly higher (20.0%) than the design value of 50 ksi
used for A992 steel while measured average ultimate stress was 75.8 ksi which is also

significantly higher (16.6%) than the design value of 65 ksi.

Table 4.2: Measured steel girder material properties

Sample | f, (ksi) f, (ksi)
Flange 1 57.5 73.4
Flange 2 59.0 77.6
Flange 3 58.7 77.4
Web 1 59.4 74.0
Web 2 61.5 76.1
Web 3 63.7 76.4

4.1.3 Profiled Steel Deck Properties

Material properties for the profiled steel deck used to support concrete during casting was
measured based on tensile tests conducted on three coupons cut from a leftover sheet of the steel
deck. The coupons were tested on an MTS tensile load frame using the computer program
Testworks 4. The results of the three tensile tests are provided in Table 4.3. The yield stress is
taken as the 0.2% offset yield strength and the ultimate strength is taken as the largest stress

achieved in the section during the test. It appears that the steel used in the deck is 100 ksi steel.

Table 4.3: Steel deck form measured material properties

Sample | f, (ksi) | f, (ksi)
Coupon 1 96.9 98.3
Coupon 2 96.6 97.8
Coupon 3 96.1 98.5
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4.2 Lateral Bracing by Steel Deck

This section gives the results from the investigation into whether the steel deck formwork
can be used as a shear diaphragm that acts as continuous lateral compression flange bracing for
the steel girders during the placement of the concrete deck during bridge construction. No
intermediate cross frames or diaphragms were installed on the test specimen to ensure that all
lateral-torsional buckling resistance was provided through a combination of the steel girders and
the stay-in-place form. Based on a method of calculation provided by Helwig and Yura (2008a
and 2008b), a shear diaphragm must provide both adequate stiffness and strength. With regards
to diaphragm stiffness, it was determined that an effective shear modulus of 6.25 kip/in was
required to prevent lateral-torsional buckling in the test specimen during construction. For the
chosen steel deck form, 20 gage Strongweb supplied by Wheeling Corrugating, the provided
effective shear modulus was 34.6 kip/in., easily satisfying the stiffness requirement. In terms of
strength, based on the five edge fastener pattern over the form cover width of 32 in., a critical
connector strength of 0.932 kips is required at the edge fasteners. Each shear connector has a
welded strength of 39.1 kips, so therefore breaking the shear connector weld is not an issue. The
failure mode of the steel deck form is expected to be bearing and tear-out. The strength of the
form in the one stud-per-rib half span is 7.39 kips, which is taken as the critical value for this
investigation. Therefore, the strength requirements are met. All supporting calculations for this
section are provided in Appendix D.

With regards to the test specimen behavior, no issues were encountered during the
placement of the concrete deck. Both girders produced similar results, indicating similar
behavior from both samples. Dial gauges placed to measure the lateral movement of the bottom
flange of the steel girders during the concrete deck placement indicated that the Girder 1 bottom
flange deflected 0.263 in. outward from the longitudinal centerline of the specimen at mid-span
and Girder 2 deflected 0.262 in. outward at mid-span. Both the Girder 1 and Girder 2 deflections
represent 0.31% of the span of the form, which is the girder spacing (84 in.). It is important to
point out that these results could be skewed slightly due to the fact that the timber kickers used to
support the deck overhangs during casting (see section 3.2.3) bore against the bottom flange of
the steel girders and could possibly have applied a resisting force to the outward movement of
the bottom flange. This could have reduced the lateral deflections of the bottom flange.

However, it is unlikely that this would have had a significant effect on the results due to the fact
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that the timber kickers were loose at the time of their removal, indicating that very little load was

applied to the steel girder bottom flange.

4.3 Non-Prismatic Beam Deflection Analysis

As a means of comparing calculated elastic deflections to values measured during testing,
early models were created that assumed constant section properties throughout the entirety of the
test specimen (prismatic) based on the properties of the specimen half being testing. This means
that for tests conducted on the half of the test specimen with one stud per rib (near half), the
moment of inertia for the entirety of the specimen was taken as the value produced by the AISC
commentary (2005) effective moment of inertia equation using the appropriate level of shear
connection (Inear = 3344.1 in4). Likewise, for tests conducted on the half of the specimen with
two studs per rib (far half), the moment of inertia for the entirety of the test specimen were taken
as the effective moment of inertia using the given level of shear connection here (Ig,, = 4062.4
in*). However, the assumption of a prismatic section will not produce accurate deflection results.
For testing on the near side, the actual specimen deflections will be lower than predicted because
the far half has a higher moment of inertia than the near half and therefore the stiffness will be
slightly greater than in the prismatic model. Conversely, because the near half moment of inertia
is less than that of the far half, the actual specimen stiffness will be slightly less than predicted in
the prismatic model and will produce higher deflections.

As a means of taking into account the two different section properties of the test
specimen, a new model using a non-prismatic section was created to calculate the deflections of
the test specimen under the calculated moment capacity loads in the near half and far half. This
model utilized both calculated values for the moment of inertia in their respective halves to
calculate deflections, as shown in Fig. 4.1. The analysis of the section was performed using the
Elastic Load Method. The predicted values were calculated for both the fatigue test loadings and
the static test loading. The results of the analysis for the fatigue tests are provided in Table 4.4
while results of the analysis for the static tests are provided in Table 4.5. ASIC (2005)
recommends a reduction a 25% be applied to the calculated effective moments of inertia so
deflection results were taken for both 75% of respective halves’ calculated moments of inertia as
well as 100% of the calculated moments of inertia. This was done to evaluate which level of

stiffness more accurately predicts the deflections measured in testing. Values shown are for the
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deflections at the point of loading for both girders. As was assumed, the results indicate that

when a non-prismatic section is used, the near half deflections decrease while the far half

deflections increase, illustrating that the change in stiffness of one side affects the stiffness of the

other.

Pnear

Far I L. ‘ Near
Side far I 7 Side

15' \ 7.5 7.5 ‘

| [ |

Near Side Deflections
Pfar

Far I | ‘ Near
Side for \ ) Side

7.5 | 7.5 | 15 ‘

Figure 4.1: Calculation of non-prismatic beam deflections

Far Side Deflections

Table 4.4: Fatigue testing non-prismatic section analysis results

APrisma;\tic (in-)

Fatigue Test 1 - G1
Fatigue Test 1 - G2

Fatigue Test 2 - G1

Fatigue Test 2 - G2

-0.183

-0.192

-0.287

-0.301

75% g
ANon-Pristmatic (in.)
-0.176
-0.185
-0.301
-0.315

100% .4
Aprismatic (in.) ANon-Pristmatic (in.)
-0.137 -0.132
-0.144 -0.139
-0.215 -0.225
-0.226 -0.237

Lo = 3344.1 in*
I, = 4062.4 in’
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Table 4.5: Static testing non-prismatic section analysis results

APrisma;\tic (in-)

Static Tests 1 and 3

Static Test 2

-1.28

-1.26

75% o
ANon-Pristmatic (il’l.)

-1.23

-1.32

100% I

APrisma:\tic (in°) ANon-Pristmatic (il’l.)
-0.961 -0.924
-0.948 -0.993

L. = 3286.5 in*
L, = 3985.9 in’

62




Chapter 5: Laboratory Fatigue Testing Results

5.1 Fatigue Test 1
5.1.1 Overview

This section provides an overview of the results from the first fatigue test performed on
the test specimen. As previously stated, this test was performed at the near side quarter span
location and consisted of a 50 kip range loading (from 5 to 55 kips) repeated for 1.2 million
cycles at a rate of 1.0 Hz with three ramped loading tests from 1 kip to 51 kips at a rate of 250
Ib/sec (loading and unloading) conducted at every predetermined cycle interval.

No major problems were encountered with the test specimen during the course of this
test. Various inspections conducted during the testing period revealed no signs of cracking in
either the steel girders or concrete deck, which was expected as the loading was well within the
working range of the structure. However, major problems occurred with the testing equipment
that resulted in major delays in the test. At approximately 92,000 cycles, the oil pump in the
hydraulic supply stopped working and had to be replaced. It took approximately 7 weeks to
replace this part and get the pump back in working order. During this period, the actuator was
connected to a smaller hydraulic power supply (HPS) unit (11 gpm) and run at a rate of 0.5 Hz
for an additional 150,000 cycles (to ~240,000 total cycles) at which point it was decided that the
output demand was too large for the smaller HPS and could cause significant damage to the unit
if testing continued and therefore the actuator was disconnected. Testing did not continue until
the original HPS was fixed. The remainder of the first fatigue test was completed without any
further equipment issues.

To track loss of stiffness in the test specimen under repeated loading, dial gauges (DG)
and wire pots (WP) were used to measure vertical deflection, linear variable differential
transducers (LVDT) were used to measure slip at the steel/concrete interface, and strain gauges
(SG) were used to measure strain at various points in the steel girder cross section. The sensors
were distributed as described in Chapter 3 of this thesis and were labeled as shown in Fig. 5.1.
The remainder of this thesis pertaining to the first fatigue test will follow these labeling
conventions.

After the first fatigue test had begun, it was discovered that the test specimen had been

built slightly off center of the load frame. Due to the large weight of the test specimen, this shift
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could not be corrected and testing was continued. Analysis of the test setup as it was built
revealed that a slightly larger percentage of the total load was being transferred to Girder 2 than
was being transferred to Girder 1, at 51.2% and 48.8%, respectively. For the first fatigue test,
this resulted in a Girder 1 load of 24.40 kips and a Girder 2 load of 25.60 kips of the total 50 kip

load. This discrepancy is reflected in the results for both the first and second fatigue tests.

A DG 2-B
XSG 2
ADG 2-A ®LVDT2-A ®LVDT 2-B |ADG S-2
GLVDT 2-C
Girder 2 >
CC L d' H |T|
< oading Points >
- Girder 1 y)
@ LVDT 1-C
ADG 1-A ®LVDT1-A @LVDT 1-B |ADG S-1
XSG 1
ADG 1-B
SG 1-5 SG 2-5
SG 1-4 SG 2-4
SG 1-3 SG1-7 SG 2-7 SG 2-3
SG1-2 SG 1-6 SG 2-6 SG 2-2
SG 1-1 SG 2-1
Girder 1 Girder 2

Figure 5.1: Fatigue Test 1 sensor locations and labels

5.1.2 Vertical Deflection Results

This section provides the vertical deflection results for the first fatigue test. The values
for vertical deflection presented in this section were recorded using the dial gauges, not the wire
pots. This was decided because the dial gauges have a higher accuracy than the wire pots and

also because the wire pots tend to lose their calibration over extended periods of time, such as the
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time it takes to complete a fatigue test, whereas this is not the case with dial gauges. Wire pot
data was still collected, but only to act as a backup for dial gauge measurements.

Values for vertical deflection were collected at the mid-span, point of loading, and at the
near side supports for each static test at the point before loading and at the ultimate load. The
dial gauges at the supports were meant to measure the deflection of the neoprene bearing pads
and the support beams under the loading so that these deflections could be accounted for in the
calculations of the actual specimen deflection. It was assumed for this analysis that the far side
neoprene bearing pads behaved the same under loading as the near side bearing pads and
therefore, given the load location for this test, would deflect three times less than the near side
bearing pads (which are three times closer to the point of loading). The difference between the
near and far side bearing pad deflections was then scaled down based on the sensor location
being examined (0.75 for the point of loading and 0.5 for the mid span), added to the lesser
support deflection, and then subtracted from the measured deflections at their respective
locations. Sample vertical deflection calculations are given in Appendix E. Once the absolute
deflections for every sensor in each of the three static tests conducted at each stopping point had
been calculated, the three values of the individual sensors were averaged to produce the results
presented in this section. This was done to ensure repeatability in the testing. Absolute
deflection values for the same sensor in each of the three static tests were almost always very
close if not the same.

The actual vertical deflection results for Fatigue Test 1 are provided in Table F.1in
Appendix F. The percent change given is the increase or decrease in deflection at a given
number of cycles as compared to the initial values measured at 1 cycle. Both girders lost very
little stiffness over the course of the testing and it appears that no significant damage was done to
the test specimen over the course of this fatigue test. At the fatigue design life (one million
cycles), the deflections in Girder 1 at the mid-span (1-A) and at the point of loading (1-B) only
increased by values of 4.08% and 4.58%, respectively. These percentages increased to 4.99%
for location 1-A and 5.30% for 1-B at the 1,200,000 cycle mark, indicating a minor increase in
deflections that were similar to changes in deflection over a 200,000 cycle period at other points
in the test and therefore the author assumed that this was not indicative of any increased damage

following the end of the design life.
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Girder 2 presented similar results to Girder 1. At the fatigue design life, the percent
increase in Girder 2 at location 2-A (mid-span) was 5.54% while at 2-B (point of loading) it was
5.41%. These values then increased to 6.77% at 2-A and 7.25% at 2-B at 1,200,000 cycles. The
percent increase at both locations was slightly greater than that of their counterparts in Girder 1,
which is possibly due to the fact that Girder 2 is receiving slightly more of the total load, as
explained above, and is therefore being fatigued to a greater degree. Again, though, the results
presented here do not indicate that significant damage has occurred to the system or that any kind
of failure is imminent.

Figure 5.2 provides a plot of the adjusted vertical deflections at each sensor location
(corrected for support effects) under the 50 kip loading versus the number of cycles for both the
mid-span (A) and the point of loading (B) locations. The group of two lines with the lower
values represents the vertical deflection at the point of loading locations, 1-B and 2-B, while the
group with the higher values represents the vertical deflection at the mid-span locations, 1-A and
2-A. As can be seen, from 1 to 50,000 cycles, the deflections in both girders increase at a rate
faster than any other time during the test, which seems to indicate that some settling of the test
specimen occurred during this time period. It is assumed that pockets were formed in the
concrete adjacent to the shear stud shanks during this settling period which lead to large slips in
the composite system causing the loss of stiffness and increased deflections until the concrete
compacted and stabilized around the studs and slips stopped increasing. This assumption is
supported by the slip results (presented in later sections) which show large increases in slip until
100,000 cycles were reached when the slip values at all three locations began to level off or even
decrease. After the 50,000 cycle mark, both girders behaved similarly over the course of testing,
and appear to lose stiffness at about the same rate with the increase in deflection per number of
cycles appearing to be almost linear for all locations on both girders. Figure 5.2 also shows that
at the design number of cycles, there was no significant jump in the rate of the increase in
vertical deflection in Girder 1 while there was only a slight increase in Girder 2, which will be

addressed in the elastic neutral axis results.
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Figure 5.2: Vertical deflection results for 50 kip loading in Fatigue Test 1

It is important to note that the initial deflections for both girders at all locations were
lower than was predicted for the given level of composite action. Figure 5.3 provides a plot of
the measured deflection values at the point of loading normalized to the calculated values of
deflection at this point using both 75% and 100% of the effective moment of inertia as provided
by the AISC commentary provisions (2005) for both girders in Fatigue Test 1. As can be seen,
the measured deflections are less than the calculated deflections for both values of the effective
moment of inertia over the entirety of the test. These results indicate that the predicted moments
of inertia were conservative for the level of composite action present in the system (at 32%
composite) even at the end of testing. The unreduced effective moment of inertia provides a
more accurate prediction of the deflections while still remaining slightly on the conservative

side.
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Figure 5.3: Point of loading deflections normalized to predicted values in Fatigue Test 1

As a way of predicting what the deflection response will be at points in the specimen life
beyond the number of load cycles applied during testing, curves were fit to the deflection data
for each girder at the point of loading. Two different types of curves were fit to the deflections
for each girder that reflected different types of specimen response and then were extrapolated to
five million cycles, as shown in Fig.5.4. The first curve was one where the deflections
approached an asymptotic value and then leveled off as a means of showing where the system
might stabilize. The second line is one where the trends observed during the test continued in a
linear fashion to show where the deflections would end up if the loss of stiffness stayed constant.
The results of this analysis are given in Table 5.1. The point of total shear stud failure occurs
when there is no composite action between the deck and the girders, which means that the girder
is taking the entire load. The deflection corresponding to this non-composite state at a load of 25
kips is -0.479 in. As can be seen, at five million cycles, the maximum values for deflection in
both girders are still less than half of the non-composite deflection. The Girder 2 deflections
reach a higher value than in Girder one, with the maximum increase in deflection representing

about 25% of the initial value. This shows increased damage in Girder 2, a fact which is
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reflected in the testing. These results indicate that there is still a significant amount of residual

strength and stiffness at five times the design number of cycles.
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Figure 5.4: Vertical deflections extrapolated to 5 million cycles in Fatigue Test 1

Table 5.1: Vertical deflection extrapolation results for Fatigue Test 1

Location 1 Cycle 1,000,000 Cycles 5,000,000 Cycles
Ay yere 0] Ay 000,000 cycles (i0.) | % Change | As 000,000 cyles (in.) % Change
Girder 1 - Level -0.1148 -0.1200 4.53% -0.1222 6.45%
Girder 1 - Constant -0.1148 -0.1200 4.53% -0.1298 13.07%
Girder 2 - Level -0.1147 -0.1209 5.41% -0.1311 14.30%
Girder 2 - Constant -0.1147 -0.1209 5.41% -0.1428 24.50%
5.1.3 Slip Results

The interface slip values measured during Fatigue Test 1 are provided in Table F.2 in
Appendix F. These results are shown plotted in Figs. 5.5 and 5.6 below for Girders 1 and 2,
respectively. At the beginning of testing, the slips in both girders increased rapidly in the first
50,000 cycles at about the same values at which point they leveled off slightly, indicating settling
in the test specimen as noted in the vertical deflection results. Once the test specimen had

settled, slip values at the end of the span (location C) and at the mid-point of the shear span
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(location B) for both girders increased at a non-linear rate, with that rate increasing as the test
moved forward, indicating that the slip was getting larger for the same number of cycles as the
test continued. What is interesting is that the slip at both locations increased at nearly the same
rate, with each following almost the exact same trend for both girders, indicating that once the
girder had settled the increase in slip was consistent for the entire shear span outside of the large
interface friction zone near the point of loading. At the point of loading (location A), the
increase in slip was significantly less than at the other locations for Girder 2, as was expected
due to how close it was to the point of maximum moment and the resulting effects of interface
friction. The slip at location A stayed relatively constant until 1 million cycles had been reached,
at which point it increased rapidly along with locations B and C, possibly indicating that the
friction force had been overcome. Slip at location A on Girder 1 was recorded using a dial gauge
and it does not appear that the data taken was as consistent as it should have been, as evidenced

by the sudden jumps in slip values, and therefore is taken as inadmissible.
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Figure 5.5: Interface slip results at 50 kips in Girder 1 in Fatigue Test 1
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Figure 5.6: Interface slip results at 50 kips in Girder 2 in Fatigue Test 1

Slip values for Girder 1 were lower than those in Girder 2 at the same locations for the
entirety of the test. However, the values of slip are still so small that this does not appear to be
indicative of any large inconsistency between the two girders. The only major change in the slip
trends of the girders (after settling had occurred) came in Girder 2 at locations B and C between
700,000 and 1,000,000 cycles when the rate of slip increases suddenly and then levels off. At
1,000,000 cycles the rate increases suddenly again, however it appears that the trends return to
where they were going before the change occurred at 700,000 cycles. This shift had a larger
effect on the slip at the end of the span, therefore it is believed that a single shear stud or a group
of shear studs near the end of the span in Girder 2 caused some slight crushing of the concrete
around the shank of the stud, resulting in the larger slip values noted. The slip leveled off once
the crushing was complete due to the restraint imposed by the rest of the shear studs in the shear
span. Once slip had increased in the rest of the shear span to a point where the studs were in
contact with the concrete again, the increase in slip resumed the path it had been following
previously. This increase at 1,000,000 cycles also correlates with increases in deflection and

movement of the elastic neutral axis.
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One very important feature of the results to point out is that for both girders, the slip at
the end of the span is less than the slip at the point mid-way between the point of loading and the
end of the span, which is the opposite of what was expected. Typically, the slip is the smallest at
the loading and then increases as you approach the end of the span, where it is the largest. It is
unknown why this occurred in the system; however, due to the consistency of the trends within
each individual girder and also between the two girders themselves, it was determined that there
was not any error made in collection of the data.

In examining the results presented, it is important to discuss where the slips seem to be
going. Based on Figs. 5.5 and 5.6 above, the rate of increase of the slip (slope of the line) has
been increasing the entirety of the test and shows no sign of leveling off at a point past the
number of load cycles applied, with this effect being more severe in Girder 2 than in Girder 1.
The increase in slip 1s what leads to the loss of composite action between the steel girder and the
concrete slab resulting in the loss of stiffness. Therefore, it can be concluded that the amount of
slip will most likely continue to rise, along with the vertical deflections, unless stabilization of
the system occurs. There is not a direct correlation between the increase in slip and the increase
in deflection, so if the slips continue to increase, it is likely that the vertical deflections will
continue to increase at the same rate as observed in testing until shear stud failures begin. It is
important to note that this failure point would be well beyond the design fatigue life of the given
specimen. Within the design fatigue life, the slips are still very small and it can be concluded
that no significant damage has occurred to the system.

In examining the slip results, a possible beneficial effect is observed. As the amount of
slip increases, the shear stud shank spends less time in contact with the surrounding concrete
because the pocket being formed by the cycles is getting larger. As result, it is possible that the
shear range on the shear studs decreases over time as the slip increases which could lead to an
increase in the specimen fatigue life. However, at this stage the effect is purely speculation.

Research is required to determine if it does exist and what the resulting behavioral results are.

5.1.4 Strain Results

This section provides the results of the analysis of the seven strain gauges placed
vertically at the point of loading (near side quarter point), as shown in Fig. 5.1. No issues were

encountered with measurements provided by the strain gauges due to the fact that the applied
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load was well within the linear elastic range of the composite system and therefore all gauges
were used in the analysis. Tables F.3 and F.4 provided in Appendix F gives the calculated values
for every strain gauge location as well the their relative change given as a percentage of the
gauge values at 1 cycle (the beginning of testing) for Girder 1 and Girder 2, respectively.

Results presented for each gauge location at each cycle interval represent an average of the
measured values for each gauge from the three static tests conducted at each stopping point.
These results are shown plotted for Girder 1 in Fig. 5.7 and for Girder 2 in Fig. 5.8 and show that
the change in strain over time is approximately linear. These tables and plots illustrate that the
change in strain at each gauge location is minimal over the course of the test for both girders, as
indicated by the very minor slope of each line. There were no significant jumps in values at any
location on either girder that would result from a change in the composite system, such as the
breaking of a shear stud, and therefore it can be implied that a minimal amount of damage was
done to the system over the course of the first test. Both girders behavior was almost exactly the
same during the test, with the percent changes in Girder 2 being slightly higher than those in
Girder one, which can be accounted for by the larger Girder 2 load. These results correlate

almost exactly with vertical deflection results for both girders.
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Figure 5.7: Strain results for 50 kip loading in Girder 1 in Fatigue Test 1
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Figure 5.8: Strain results for 50 kip loading in Girder 2 in Fatigue Test 1

An important feature of the strain results is that there is a point in both girders above
which the strains increase and below which the strains decrease over the duration of the first
fatigue test. This point lies between the third and fourth strain gauges from the bottom of the
section for Girder 1 and also for the majority of Girder 2. This phenomenon is illustrated in Figs.
5.7 and 5.8 above by the flaring out of the strain gauge plots around the point just below SG 1-3
and SG 2-3. This flaring indicates an increase in the curvature of the steel section which results
from an increase in deflection of the composite section due to slip at the steel-concrete interface
causing a reduction in composite action. This is shown in Figs. 5.9 and 5.10, where the
measured strain distribution has been plotted at both 1 cycle and 1,200,000 cycles for Girders 1
and 2, respectively. To account for any out of plane bending, strain gauges 2 and 6 have been
averaged along with strain gauges 3 and 7 for both girders. As can be seen, the curvature at
1,200,000 cycles is greater than the curvature at 1 cycle for both girders, indicating that there has
been an increase in deflection for the section under the same load at the end of testing. This
implies a loss of stiffness resulting from loss of composite action in the system, which agrees

with the vertical deflection results and interface slip results presented above. In all Girder 1
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results and most of the Girder 2 results, there are no significant jumps in strain values and all
strain gauge plots are nearly linear, which further correlates with the vertical deflection results
from the point of loading location. The only visible departure from linearity in strain
degradation comes in Girder 2 between 1,000,000 cycles and 1,150,000 cycles where the rate of
change in all the gauges increases suddenly, which correlates with a slight jump in deflection and
elastic neutral axis location, which is explained below. This is more than likely the result of the

jump and then leveling off of slip observed in Girder 2 as noted in the “Slip Results” section.
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Figure 5.9: Vertical strain distribution at 50 kips in Girder 1 in Fatigue Test 1
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Figure 5.10: Vertical strain distribution at 50 kips in Girder 2 in Fatigue Test 1

The increase in curvature, and subsequently the increase in deflections, is also reflected
in the movement of the elastic neutral axis of the steel girder toward the bottom of the section,
shown in Fig. 5.11. The elastic neutral axis is the location in the girder cross-section where the
strain is equal to zero while the loading is still in the linear elastic range. To calculate the elastic
neutral axis, a least squares linear regression line was fitted to the strain values at the points
going up the steel girder cross-section at a given number of cycles. Once the equation of this
line was known, the value of the Y-axis intercept point is the elastic neutral axis. The elastic
neutral axis of the fully composite section represents an upper bound for this value and has been
calculated as 25.1 in. from the bottom of the composite section. Likewise, the lower bound of
the steel girder elastic neutral axis comes when there is no interaction between the steel girder
and concrete deck and for that reason it is the centroid of the steel girder, which is 10.4 in. from
the bottom of the section. Therefore, as the level of composite action of the system decreases
due to increased slip at the interface, the elastic neutral axis (ENA) of the steel girder will lower

accordingly as the system loses stiffness.
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It should be noted that at no point during the testing was the measured ENA at or below
the top of the steel section and therefore there is no true neutral axis for the steel girders, as
illustrated by the horizontal line marking the top of the girder in Fig. 5.11. This means that the
slip at the interface has not become large enough to cause a compressive stress in the top of the
steel girder. However, the term elastic neutral axis will be used to denote where the strain
distribution in the steel crosses the zero point and will be used to track degradation of composite
action in the test specimen.

As can be seen in Fig. 5.11, the calculated elastic neutral axis (ENA) falls within the
upper and lower bounds given, indicating partial composite action as expected. The ENA
dropped rapidly in the first 50,000 cycles for both girders as the test specimen settled; however
after this point in the testing it leveled out and then approached the bottom of the section at a
nearly linear rate, with values and rate of decrease in Girder 2 slightly greater than that in Girder
1, which agrees with slip data presented previously (Girder 2 slip values are greater and increase
faster than Girder 1 values). At the end of the design number of cycles (1,000,000), the ENA in
Girder 1 only dropped 0.77 in., which represents only 3.7% of the steel girder depth, with 45.5%
of the movement occurring in the first 50,000 cycles (5% of the total cycles). The same trend
continued in Girder 1 to 1.2 million cycles. Likewise, through the design number of cycles in
Girder 2, the ENA dropped 0.93 in., representing 4.5% of the total number of cycles with 32.3%
of that movement occurring in the first 50,000 cycles. However, after 1 million cycles the rate of
decrease of the ENA increased in Girder 2, with the change becoming 1.32 in. from initial
position, which is 6.3% of the steel girder depth. This increase correlates with jumps in strain
gauge and deflection values noted previously and is explained by the fact that the rate of slip
increased at all measured locations at that point as well, which caused the slight loss of
composite action that resulted in the loss of stiffness and therefore the increase in deflection and
movement of the ENA. However, this loss of stiffness is still minor. This increase in slip was
not observed in Girder 1 and therefore the ENA did not drop in the same way as in Girder 2.
Based on these results, there is no indication that significant damage has been done to the system

as a result of the fatigue loading on either girder, especially within the design number of cycles.
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Figure 5.11: Steel girder elastic neutral axis from bottom of section in Fatigue Test 1

5.2 Fatigue Test 2
5.2.1 Overview

This section provides an overview of the results from the first fatigue test performed on
the test specimen. This test was performed at the far side quarter span location and consisted of
a 95 kip range loading (from 3 to 98 kips) repeated for 1.2 million cycles at a rate of 0.68 Hz
with three ramped static loading tests from 1 kip to 96 kips at a rate of 500 1b/sec (loading and
unloading) conducted at every predetermined cycle interval.

No problems were encountered with the test specimen during the course of this test.
Various inspections conducted during the testing period revealed no signs of cracking in the steel
girders and only some very small fatigue cracks in the concrete deck localized to the loading
areas, which was expected as the loading was still within the working range of the structure.
There were no issues with the testing equipment in this fatigue test and therefore the entire test
was completed with no delays. As in the first test, the test specimen was slightly off center with

respect to the load frame which lead to Girder 2 receiving more of the total load than Girder 1
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(51.2% and 48.8%, respectively, based on a static analysis). This resulted in a Girder 1 load of
46.4 kips and a Girder 2 load of 48.6 kips.

The instrumentation utilized for the second fatigue test was almost exactly the same as

was used the first test, with the only difference being that two additional dial gauges were added

to the supports farthest away from the point of loading. This was done so that more accurate

calculations for the absolute vertical deflections at the point of loading and mid-span could be

made. The sensor were placed and labeled as shown in Fig. 5.12. The remainder of this thesis

pertaining to the second fatigue test will follow these labeling conventions.
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Figure 5.12: Fatigue Test 2 sensor locations and labels
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5.2.2 Vertical Deflection Results

This section provides the vertical deflection results for the second fatigue test. As with
Fatigue Test 1, the results presented in this section were calculated from the dial gauge readings,
not wire pot data. Values for vertical deflection were taken at the mid-span, point of loading,
and at both supports. Calculation of absolute deflections in this test were simpler than those in
Fatigue Test 1 as there was no need to make assumptions about the deflections of the supports
farthest away from the point of loading. To calculate the absolute deflections, the difference
between the far and near side bearing pad deflections was scaled down based on the sensor
location being examined (0.75 for the point of loading and 0.5 for the mid span), added to the
near side support deflection, and then subtracted from the measured deflections at their
respective locations. See Appendix E for sample calculations. As in Fatigue Test 1, three static
tests were conducted at each stopping point and the calculated values for absolute deflections at
the mid-span and point of loading was averaged to produce the results presented here.

The vertical deflection results for Fatigue Test 2 are provided in Table F.6 in Appendix F.
The percent change given is the increase or decrease in deflection at a given number of cycles as
a percentage of the values measured at 1 cycle. As can be seen, a small amount of stiffness was
lost over the course the course of the fatigue testing, with Girder 1 results very similar to those
from the first test and Girder 2 having a slightly larger percentage increase of vertical deflection.
At the design number of cycles (one million), the deflections in Girder 1 at the mid-span (1-A)
and at the point of loading (1-B) only increased by values of 5.01% and 6.68%, respectively.
These percentages remained the same or decreased through the 1,200,000 cycle mark, at 4.74%
for location 1-A and 6.69% for location 1-B, indicating no significant additional loss of stiffness.

Girder 2 presented similar results to Girder 1. At the fatigue design life, the percent
increase in Girder 2 at location 2-A (mid-span) was 6.28% while at 2-B (point of loading) it was
9.41%. The percentage change actually decreased slightly in the additional 200,000 cycles past
the design life. Location 2-A showed a 5.63% change from original while 2-B showed a 9.37%
change, indicating no additional loss of stiffness in this period. The percent increase at both
locations was slightly greater than that of their counterparts in Girder 1, which is more than
likely due to the fact that Girder 2 is receiving slightly more of the total load, as explained above,
and is therefore being fatigued to a greater degree. However, there is no indication that

significant damage has been inflicted on the system or that a failure is imminent.
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Figure 5.13 provides a plot of the absolute vertical deflection at each sensor location
(corrected for support effects) under the 95 kip loading versus the number of cycles for both the
mid-span (A) and the point of loading (B) locations. The group of two lines with the lower
values represents the vertical deflection at the point of loading locations, 1-B and 2-B, while the
group with the higher values represents the vertical deflection at the mid-span locations, 1-A and
2-A. The response of both girders over the course of testing are almost exactly the same, with
the noticeable difference between the two being the slight offset of the Girder 2 plots below the
Girder 1 plots which indicates greater deflection in Girder 2 at both the mid-span and point of
loading. This effect can be explained by the fact that Girder 2 is receiving slightly more load
than Girder 1.
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Figure 5.13: Vertical deflection results for 95 kip loading in Fatigue Test 2

In examining Fig. 5.13, a discrepancy becomes apparent. There is a significant decrease
in deflections in both girders at the mid-span and point of loading between 100,000 cycles and
200,000 cycles. Before this point, the deflections had been increasing rapidly at all locations
(from O to 5.88% at 1-B and from O to 7.45% at 2-B at 100,000 cycles) which accounted for most

of the specimen deflections over the course of the test. However, at 200,000 cycles, deflections
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decreased to 3.71% and 5.68% of initial for Girder 1 and Girder 2, respectively, at the point of
loading, indicating an increase in stiffness. Similar discrepancies were noticed in strain and slip
data. It is believed that these discontinuities resulted from settling (or seating) of the test
specimen over the course of the first 100,000 cycles caused by the shear studs forming small
pockets in the concrete surrounding the shear stud shank due to the cyclic loading, as described
in the Fatigue Test 1 results. Slip data shows that the interface slip increases drastically
(relatively) during the first 100,000 cycles, after which the increase in slip significantly declines
and the slip at the point of loading and mid-point in the shear span begin to level off and hold
constant while the slip at the end of the span slowly increases. This implies that the concrete
around the stud shank compacted and stabilized, causing a slight increase in stiffness which
could have resulted in the decreased deflections. Similar trends are reported in the calculated
neutral axis, with the neutral axis dropping at a high rate until about 100,000 cycles when it
levels off slightly. One other discrepancy in the vertical deflection results comes at 1 million
cycles, when the deflection increases suddenly and then levels off at 1.1 million cycles in both
girders. This jump only correlates with the strain data, which shows a slight jump in strain at the
same point indicating a small increase in curvature which did caused a slight increase in the
downward movement of the elastic neutral axis. There was no noticeable jump in slip in this
point, and therefore it unknown what caused the discrepancy in vertical deflection values .
Based on the fact that deflections decreased at 1.1 million cycles and then leveled off and there
was no jump in slip, the author has concluded that this discrepancy is not indicative of any
significant damage being done to the test specimen.

It is important to note that the initial deflections for both girders at all locations were
lower than was predicted for the given level of composite action for the majority of the test.
Figure 5.14 provides a plot of the measured deflection values at the point of loading normalized
to the calculated values of deflection at this point using both 75% and 100% of the effective
moment of inertia (equation 2.16) as provided by the AISC specification commentary provisions
(2005) for both girders in Fatigue Test 1. As can be seen, the measured deflections are less than
the calculated deflections for both values of the effective moment of inertia for the majority of
the test. However, at one million cycles, the deflections in both girders just reached the
deflection values calculated using the unreduced moment of inertia and hovered around these

values for the remainder of the test. These results indicate that the predicted moments of inertia
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were slightly conservative for the level of composite action present in the system (at 54.2%
composite) for the majority of the testing. The unreduced effective moment of inertia provides a
more accurate prediction of the deflections while still remaining just slightly on the conservative

side.
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Figure 5.14: Point of loading deflections normalized to predicted values in Fatigue Test 2

One other important observation is that the majority of the loss of stiffness occurred
during the specimen settling period in the first 100,000 cycles, which represents 8.3% of the total
number of cycles. This period accounted for 88% of the total increase in deflection in Girder 1
and 80% of the total increase in deflection in Girder 2 at their points of loading at 1.2 million
cycles. Following the seating period, increases in deflection were minimal indicating that very
little damage was caused by the majority of the load cycles applied.

As a way of predicting what the deflection response will be at points in the specimen life
beyond the number of load cycles applied during testing, curves were fit to the deflection data
for each girder at the point of loading. Two different types of curves were fit to the deflections
for each girder that reflected different types of specimen response and then were extrapolated to

five million cycles, shown plotted in Fig. 5.15. The first curve was one where the deflections
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approached an asymptotic value and then leveled off as a means of showing where the system
might stabilize. The second line is one where the trends observed during the test continued in a
linear fashion to show where the deflections would end up if the loss of stiffness stayed constant.
The same types of curves where fit to these results as in Fatigue Test 1. The results of this
analysis are given in Table 5.2. The point of total shear stud failure occurs when there is no
composite action between the deck and the girders, which means that the girder is taking the
entire load. The deflection corresponding to this non-composite state at a load of 47.5 kips is
-0.910 in. As can be seen, at five million cycles, the maximum values for deflection in both
girders are still significantly less than the non-composite deflection. The Girder 2 deflections
reach a higher value than in Girder 1, with the maximum increase in deflection representing
about 30% of the initial value. This shows increased damage in Girder 2, a fact which is
reflected in the testing and can be explained by Girder 2 receiving more of the total load than
Girder 1. An interesting aspect of the asymptotic curves is that the deflections for both girders
leveled off at a deflection slightly less than the deflection at one million cycles, telling us that a
fairly stable condition had already been reached during testing. These results indicate that there

is still a significant amount of residual strength at five times the design number of cycles.
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Figure 5.15: Vertical deflections extrapolated to 5 million cycles in Fatigue Test 2
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Table 5.2: Vertical deflection extrapolation results for Fatigue Test 2

. 1 Cycle 1,000,000 Cycles 5,000,000 Cycles
Location - - -
Ay eycle D)L A 000,000 cycles (iIN.) | % Change | As 000,000 cytes (i) % Change
Girder 1 - Level -0.211 -0.225 6.70% -0.220 4.46%
Girder 1 - Constant -0.211 -0.225 6.70% -0.240 13.9%
Girder 2 - Level -0.217 -0.237 9.41% -0.233 7.38%
Girder 2 - Constant -0.217 -0.237 9.41% -0.281 29.5%
5.2.3 Slip Results

The interface slip values measured during Fatigue Test 2 are provided in Table F.7 in
Appendix F. These results are shown plotted in Figs. 5.16 and 5.17 below for Girders 1 and 2,
respectively. Similar trends were observed in this test as during Fatigue Test 1. As noted in the
vertical deflection results, the slip at the end of the span (location C) increased rapidly during the
first 100,000 cycles in both girders possibly due to settling of the test specimen through the
formation of pockets in the concrete around the shanks of the shear studs. Once the test
specimen had settled, slip values at the end of the span (location C) and at the mid-point of the
shear span (location B) for both girders increased at a consistent non-linear rate, with that
amount of slip per number of cycles increasing as the test moved forward, indicating that the slip
was getting larger and larger for the same number of cycles as the test continued. What is
interesting is that the slip at both locations increased at nearly the same rate, with each following
almost the exact same trend for both girders, telling us that once the girder had settled, the
increase in slip was consistent for the entire shear span outside of the zone of large interface
friction near the point of loading. This same behavior was observed in Fatigue Test 1. The only
difference in behavior is that the slip at location C in Girder 1 increased at a slightly higher rate
than the slip at location B. As was expected, the slip at the point of loading (location A) was
lower than locations B and C in both girders. The location A slip increased almost linearly at a
rate less than locations B and C, with the increase in slip over the course of testing being almost
negligible.

As opposed to the results in Fatigue Test 1, the slips at location B are less than the slips at
location C for the entirety of the Girder 2 results and for the vast majority of the Girder 1 results.
This was the expected distribution which seems to indicate that if a larger load was applied
during Fatigue Test 1 then the results produced may have been as was expected. The slip results

for Girder 2 were consistently larger than those in Girder 1 for all locations. However, the

85



difference is so small that it can be considered negligible and may even be the result of the
slightly larger load being applied to Girder 2 than Girder 1. It is not indicative of any major
difference in behavior between the two girders. As with Fatigue Test 1, it is important to note
that the slips may have a beneficial effect on the shear stud fatigue life. It is possible that as the
slips increase, the shear stress range on the shear studs would decrease because the shear stud
shanks would spend less time in contact with the surrounding concrete. If the stress range is
reduced, than the fatigue life should increase. However, this is purely speculation and more
research is needed to investigate this effect.

It is interesting to note that within the settling period in both girders, the slip at the
location mid-way between the point of loading and the end of the span (location B) increased
rapidly until 10,000 cycles, at which point the slip began to decrease and continued to do so until
it leveled off at 200,000 cycles. At the same time, at 10,000 cycles at location C, the jumps in
slip were growing larger until they began to level off at 100,000 cycles. It is possible that this
occurred because up to 10,000 cycles, the increase in slip had been resisted to a greater degree at
location C than at location B, causing the relative movement between the deck and girder that
result from partial interaction to shift to location B. However, once the resistance at the end of
the span was overcome (possibly through minor crushing of the concrete around the stud shanks)
the slip at location C increased rapidly causing the entire slab to shift relative to the girder, taking
the pressure off the studs at location B. This would cause the measured slip from a point of zero
loading to the total applied load to decrease and stay constant until the slip at the end of the span
increased enough to cause interaction at location B again, which appears to be what happened at
300,000 cycles in both girders. However, this explanation is merely speculation based on the

acquired results.
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Figure 5.16: Interface slip results at 95 kips in Girder 1

in Fatigue Test 2
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In examining the results presented, it is important to discuss where the slips seem to be
going. Based on Figs. 5.16 and 5.17, the rate of increase of the slip (slope of the line) has been
increasing the entirety of the test and shows no sign of leveling off at a point past the number of
load cycles applied, the same as in Fatigue Test 1. The increase in slip is what leads to the loss
of composite action between the steel girder and the concrete slab resulting in the loss of
stiffness. Therefore, it can be concluded that the amount of slip will continue to rise at an
increasing rate, causing the deflection of the system to become larger and larger until some type
of failure occurs. However, there is not a direct correlation between the increase in slip and the
increase in deflection, so it is likely that deflection will continue increase following the same
trend as observed during testing until shear studs begin to fracture. It is important to note that
this failure would occur well beyond the design fatigue life of the given specimen. As with
Fatigue Test 1, within the design fatigue life, the slips are still very small and it can be concluded

that no significant damage has occurred to the system.

5.2.4 Strain Results

This section provides the results of the analysis of the seven strain gauges placed
vertically at the point of loading (near side quarter point), as shown in Fig. 5.12. No issues were
encountered with measurements provided by the strain gauges due to the fact that the applied
load was well within the linear elastic range of the composite system and therefore all gauges
were used in the analysis, as was the case with Fatigue Test 1. Tables F.8 and F.9 provided in
Appendix F gives the calculated values for every strain gauge location as well the their relative
change given as a percentage of the gauge values at 1 cycle (the beginning of testing) for Girder
1 and Girder 2, respectively. Results presented for each gauge location at each cycle interval
represent an average of the measured values for each gauge from the three static tests conducted
at each stopping point. These results are shown plotted for Girder 1 in Fig.5.18 and for Girder 2
in Fig. 5.19.
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As with Fatigue Test 1, the change in strain during Fatigue Test 2 was minimal. The
plots indicate that the change in strain was approximately linear over the course of the test, with
the trends at each location on Girder 1 matching almost exactly their counterparts from Girder 2.
In general, the values of the strains at the top of Girder 2 were slightly less than those from
Girder 1 and the strains at the bottom of Girder 2 were slightly larger than those in Girder 1,
which can be accounted for by the conclusion that Girder 2 is taking more of the load than Girder
1. However, the percentage change from initial for all locations was approximately the same for
both girders, indicating similar amounts of damage to each system.

The point about which the strains below increase and the strains above decrease appears
to be between gauges 2 and 3 in Girder 1 and at gauge 3 in Girder 2. The flaring out about these
points in the plots indicates an overall increase in curvature shown in Figs. 5.20 and 5.21, which
suggests a loss of composite action leading to a reduction in stiffness resulting from increased
slip at the interface which causes an increase in deflection, which agrees with the vertical
deflection results. In examining the strain plots (Figs. 5.18 and 5.19), there are two points at
which jumps in the strain values become apparent. The first occurs between 100,000 and
200,000 cycles, where before the flaring of the strains indicated a rapid increase in curvature
which suddenly decreases at 200,000 cycles. This reduction in curvature represents a leveling
off or decrease in vertical deflection, which was observed in the vertical deflection results. It is
believed that the decrease in curvature was caused by the stabilization of the system resulting
from the settling of the test specimen, which agrees with vertical deflection, slip, and elastic
neutral axis (ENA) results. A similar jump occurs between 900,000 and 1,000,000 cycles.
However, the jump here caused the curvature to increase, which matches the increase in vertical
deflections and downward movement of the ENA. When the strains begin to level out and
rebound to previous values, so do the vertical deflections in both girders. As noted previously,
neither jump is large enough to indicate that any significant damage has been inflicted on the

system, such as the fracture of a shear stud.
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The increase in curvature, and subsequently the increase in deflections, is also reflected
in the movement of the elastic neutral axis (ENA) of the steel girder toward the bottom of the
section, shown in Figure 5.22. The ENA was calculated the same way as it was in Fatigue Test
1, by fitting a least squares linear regression line to the strain distribution in the girder cross-
section and then finding where that line crosses the zero strain line. As with Fatigue Test 1, the
calculated ENA for the test specimen from both girders fell between the upper bound (fully
composite) of 25.1 in. and the lower bound (no interaction) ENA of 10.4 in., as measured from
the bottom of the section, for the entirety of the test. This indicates a partial composite system,
as expected. The ENA dropped rapidly (relatively) in the first 100,000 cycles for both girders as
the test specimen settled; however after this point in the testing it leveled out and then
approached the bottom of the section at approximately linearly for each girder. The rate of
downward movement of the ENA in Girder 2 was slightly greater than that of Girder 1, as
evidenced by the closing of the gap between the two lines, which correlates well with slip data

reported, with the slip values in Girder 2 increasing faster than their counterparts in Girder 1.
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At the end of the design number of cycles (1,000,000), the ENA in Girder 1 dropped 1.31
in., which represents 6.3% of the steel girder depth, with 61.8% of the movement occurring in
the settling period of the first 100,000 cycles (8.3% of the total cycles). The same trend
continued in Girder 1 to 1.2 million cycles at a slightly higher rate. Likewise, through the design
number of cycles in Girder 2, the ENA dropped 1.52 in., representing 7.3% of the total number
of cycles with 53.3% of that movement occurring in the first 100,000 cycles. As with Girder 1,
the general trend continued in the final 200,000 cycles, with the rate of downward movement
increasing slightly. The increase in both girders correlates with jumps in strain gauge and
deflection values noted previously. However, the loss of stiffness shown by the movement of the
ENA is still minor. For the majority of the test, the calculated ENA was located at a point above
the top flange of the steel girder for both girders and therefore was not a true neutral axis as
shown by the horizontal line marking the top of the girder in Fig. 5.22, the same way as in the
first fatigue test. However, the point of zero strain drops into the girder at 1.1 million cycles in
Girder 1 and at 1.2 million cycles in Girder 2, forming a true neutral axis in the girder. Based on
these results, there is no indication that significant damage has been done to the system as a

result of the fatigue loading on either girder, especially within the design number of cycles.

5.3 Fatigue Testing Design Implications

Based on the measured results of the two fatigue tests conducted, it was observed that the
specimen lost very little stiffness in the design number of cycles in both tests. When the effects
of settling are taken into account, the loss of stiffness becomes even more minor, with both types
of stud layouts producing similar deflection percentage change results. There is nothing in any
of the results to indicate that damage other than local crushing of the concrete around the shanks
of the shear studs has occurred in the test specimen, however it is possible that fatigue damage
has occurred at the shear stud welds to the girder. No failure appears imminent in either of the
tests conducted. These results indicate that the AASHTO LRFD (2007) design equation for
fatigue of shear studs is conservative for the test setup utilized in this research and that it is
possible that the continuous permanent metal deck form construction system can be safely

implemented without satisfying this equation.
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5.4 Summary of Laboratory Fatigue Testing

A full-scale steel-concrete composite girder bridge test specimen was constructed
utilizing the continuous permanent metal deck form construction method. The specimen was
constructed with two different stud layouts on each half of the bridge, with the near half
containing one stud-per-rib and the far side containing two studs-per-rib. However, due to the
limited number of ribs available using this construction method, AASHTO LRFD (2007)
provisions for fatigue resistance could not be met. Therefore, two fatigue tests were conducted
on the test specimen, one at the near side quarter point and another at the far side quarter point,
to determine the fatigue resistance of each stud layout as compared with the AASHTO fatigue
equation (Eqgs. 2.21-2.23). The specimen was loaded cyclically to a load range calculated based
on this equation to cause failure at 1,000,000 cycles. A separate load range was calculated for
each of the tests because of the different section properties that arise from have two different
numbers of studs per rib. The specimen was subjected to 1,200,000 cycles in each test. The
fatigue resistance of the specimen was to be tracked by measuring the loss of stiffness over the
course of the testing.

Various types of measurements were taken during testing, including vertical deflections
at the point of loading and mid-span, strain in the cross-section at the point of loading, and slip
between the steel girder and concrete deck. These readings were used to track the loss of
stiffness of the section over the duration of each test to tell us if there was any loss of composite
action between the steel girder and concrete deck. A summary of the results through the design

number of cycles (1,000,000) is provided in Table 5.3.

Table 5.3: Summary of laboratory fatigue testing

Deflection at Point of Load (in.) | Neutral Axis (in. from bottom) End of Span Slip (in.)
Test Initial Final | % Change| Initial Final | % Change| Initial Final | % Change
FT 1 - Girder 1 -0.115 -0.120 4.53% 22.4 21.6 -3.44% | -0.0011 | -0.0013 18.2%
FT 1 - Girder 2 -0.115 -0.121 5.41% 22.2 21.3 -4.19% | -0.0013 | -0.0022 69.2%
FT 2 - Girder 1 -0.211 -0.225 6.70% 22.2 20.9 -5.90% | -0.0019 | -0.0048 153%
FT 2 - Girder 2 -0.217 -0.237 9.41% 22.6 21.0 -6.74% | -0.0025 | -0.0054 116%

As can be seen in Table 5.3, the specimen performed very well during both of the fatigue

tests, losing very little stiffness and with no apparent shear stud failures occurring. The

percentage change in deflection of the specimen was slightly greater in Fatigue Test 2 than in
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Fatigue Test 1, a fact which agrees with the neutral axis and slip results. It is important to note
that both tests exhibited a settling period lasting 50,000 cycles in Test 1 and 100,000 cycles in
Test 2. This settling period accounted for a large amount of the increase in deflections in Test 2
and therefore the fatigue resistance of the far side of the bridge is higher than it seems. This
effect was observed to a lesser degree in Test 1. Similar patterns in the results were observed in
both tests in the 200,000 cycles loaded beyond the design number of cycles, telling us that failure
was not imminent in either test. This conclusion is supported by the analysis where the
deflections were extrapolated to five million cycles assuming the same linear trend. One aspect
of Table 5.3 that stands out are the very high values for percentage change in slip for the fatigue
tests, especially in Fatigue Test 2. It is important to point out that the values for slip are very
small and even minute increases in slip would result in large percentage changes. Therefore, the
large percent changes are not indicative of major damage to the test specimen and should only be
considered while taking into account the size of the slip values.

Based on the results presented, it can be concluded that there was no significant damage
done to the test specimen as result of the loads cycles applied in either test. Therefore, it can be
concluded that the AASTHO LRFD (2007) fatigue equation produced very conservative results

for the test specimen as it was designed to fail at one million cycles.
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Chapter 6: Laboratory Static Testing Results

6.1 Near Side Test in Elastic Region (Static Test 1)

Test 1 was conducted at the quarter point in the near half of the test specimen as a means
of gathering data on the one stud-per-rib geometry in the elastic region while not causing damage
to the specimen that would affect the test to failure on the far half of the bridge (Test 2). Both
girders were loaded to 65 kips, which is approximately 40% of the calculated moment capacity
of the section, to ensure that the specimen remained in the linear elastic region so that no
significant damage would be done to the specimen.

Static Test 1 went exactly as planned, with no problems being encountered. As can be
seen in the plot of the moment deflection curve produced for the point of loading location, given
in Figure 6.1, the responses for both girders remained almost perfectly linear during the loading
period. The unload for the test is not quite as linear; however the deflection values for both
girders returned to approximately -0.004 in. at zero load, which represents about 0.2% of the
largest deflection achieved in the test. Therefore, it was concluded that that the desired elastic
response was achieved in this test and that no damage was done to the specimen. One other
important conclusion that can be drawn from Test 1 1s that measured deflections of both girders
were less than the predicted deflections using the AISC effective moment of inertia equation (Eq.
2.15). The deflection values calculated using the full effective moment of inertia (without the
0.75 reduction factor applied) were a better predictor of the measured deflections.
Measurements for slip were taken during Test 1, however they are not going to be reported
because they hold little value with regards to the scope of this test. Slip values were linear for
the entire loading period and all returned to zero following unload, indicating no damage as
result of testing.

The deflection values reported in Fig. 6.1 have been adjusted to account for both bearing
pad compression and rotation at supports. This was done by first taking the girder deflection
values measured on either side of each bearing location and averaging them to produce a
compression and rotation adjusted support deflection. Once the values for all of the support
deflections were known, the values for the deflections at the point of loading were calculated in
the same way as they were in the fatigue tests. The effects of support deflection were taken into

account by subtracting the deflection of the support farthest from the point of loading from the
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deflection of the support closest to the point of loading and then multiplying that by 0.75 to

account for the location in the span. This value was then added to the deflection of the support

farthest from the point of loading and then that total value was subtracted from the measured

deflection at the point of loading to get the final reported deflection (absolute deflection).
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Figure 6.1: Static Test 1 point of loading measured moment versus deflection

One other conclusion that can be drawn from the moment-deflection results of Static Test

1 is that the measured elastic deflections for the test specimen were less than the calculated

values of the elastic deflections using both the full value of the AISC effective moment of inertia

(Iefr) and the recommended reduced value of 0.75. The predicted deflections using the unreduced

value of L.¢ were significantly closer to the measured values than the reduced values; however

the reduced l.¢ produced more conservative results.
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6.2 Far Side Static Test to Failure (Static Test 2)
6.2.1 Overview

Static Test 2 was conducted at the far side quarter point to determine the plastic capacity
of the test specimen with the two studs per rib geometry. The test was run over eight hours until
a total deflection of 2.75 in. was reached, at which point it was concluded that the plastic
moment of the system had been achieved because the load-deflection curve had leveled off. It
was decided that any additional load could cause enough damage to adversely affect the strength
of the near half of the specimen, which was to be tested next, and therefore loading was stopped
and the specimen unloaded.

Only one problem was encountered during Static Test 2. At approximately 1.5 in. of total
deflection, the rotation in the hinge being formed at the point of loading in the test specimen
became so large that the bottom of the concrete deck came into contact with the shaft of the
linear variable displacement transducer (LVDT) being used to measure interface slip at that
location on both girders. This caused a bias in the measurements being taken by those sensors so
that the data taken no longer accurately represented the actual specimen response. Also, the deck
pressing against the sensor shaft caused a moment in the sensor that, as the rotation got large and
larger, could have potentially damaged the sensor. Therefore, it was decided at this point to
remove the sensors. A new LVDT mounting system was put in place for Static Test 3 to prevent

this from happening in the next test. No other problems were encountered during Test 2.

i

Figure 6.2: Examples of shear stud failures at the end of Static Test 2

From examining the test specimen before, during, and after the Test 2, it became obvious
that the main failure mode for the shear studs was the tearing of the stud through the web of the

ribs of the profiled steel deck form, which supports the assumption of weak side stud position.
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Three different examples of this failure are shown in Fig. 6.2. The first picture shows the rib
immediately after rupture, before the shear stud had broken out too far. The second image shows
the blowout after the shear stud had pushed out far enough to deform the steel deck and cause
some cracking in the concrete. The third picture in Fig. 6.2 shows the rib blowout after the shear
studs had pushed out far enough to cause major damage to the rib location, as indicated by the
significant cracking of the surrounding concrete. These blowouts were first noticed at a total
deflection of about 2 in. in the ribs closest to the end of the span. As the test continued, more
and more blowouts occurred, with each failure marked by a distinct high-pitched “pinging”
noise. The locations of each of the blowouts in the shear span being tested are shown in Fig. 6.3,
with blowouts being indicated by an “X” going through that rib location. No blowouts or
bulging was observed in the mid-span side of loading. There does not appear to be any pattern
with regard to the sections where blowouts occurred, which tells us that where the blowouts
happened may have been weak links in the system. These weak links could have been the result
of the shear stud being placed off center in the rib bottom flange, which would result in there
being less concrete between the stud shank and the rib web if the stud placement was biased
toward the point of maximum moment. The point where no blowouts occurred could also be the
result of the shear stud rupturing, however this is unlikely. It is important to note that at every
location where the steel deck did not rupture, there was still bulging in the web of the rib, which
leads to the conclusion that if the test had continued, these locations would have pushed through
the rib web eventually, assuming that the shear stud had not ruptured. This assumption is

supported by the Static Test 3 failures described in later sections.

_L
N
w

S
o
o
~
o
©
-
o
y

)
=
Qo
@
=
N
o—a
o—=a
o O
o>—a
o—=a
o—=a
o O
>—a
o—=a
© O
o O

« |
/
,

Center of Point of
Bearing Loading

©)
=
[oX
)
=
—
>
o—a
o O
>3
© O
o=
© O
o—=a
oG
o—=a
o

Figure 6.3: Shear stud blowout locations at the end of Static Test 2
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Major damage was also done to both the steel girders and concrete deck. At the end of
Test 2, it was very obvious that a plastic hinge had formed in the steel girder by examining the
Luder Lines formed in the whitewash at the point of loading, as shown first in Fig. 6.4. The
presence of the Luder Lines verifies that the steel section has yielded in this area, which is
desired in achieving the plastic moment of the specimen. With regards to the concrete deck,
significant cracking occurred over the course of the test, shown in the second image in Fig. 6.4.
As can be seen, the largest of the cracks travel most of the way up the depth of the deck, telling
us that very little of the deck is in compression, as expected at the plastic moment, and also that
by the end of the test the specimen was acting almost like two separate bodies on either side of
the loading point. Similar damage was noted in both girders. Therefore, based on the visual

results, it is believed that the plastic moment of the section was achieved.

Figure 6.4: Specimen damage in girders and deck at the end of Static Test 2

One other interesting indication of damage to the system was located on the bottom of the
top flange just below where shear studs had been welded. At these locations, there are
indications that yielding had occurred in the top flange of the girders that were localized to where
the shear studs had been welded as signified by the circular patterns of flaking that formed in the
whitewash at lower levels of deflection, shown in Fig. 6.5. The first image shows the pattern
formed at the first point this phenomenon was noticed while the second image shows the flake
pattern at the end of testing, showing a progression of this yield across the top flange. These
yield patterns only occurred below studs in the shear span, not in the mid-span side of the
loading. It is not known how far toward the end of the span this was happening because the
whitewash only extended to three feet on either side of the point of loading, however this could

be indicative of a failure mode of the shear studs and therefore warrants further investigation.
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Figure 6.5: Localized top flange yielding under shear studs

6.2.2 Moment and Deflection Results

This section discusses the moment and deflection results of Static Test 2. The moment
results presented here come from a direct calculation using the loads recorded in the load cells
above the hydraulic jacks for each girder assuming a simply supported beam with a quarter point
loading. The deflections presented here have been adjusted to account for compression of the
neoprene bearing pads and rotation at the supports as described in the Static Test 1 results
previously. The moment and deflection results of Test 2 are shown plotted in Fig. 6.6. As can
be seen, the responses of both girders are almost identical, with the moment and deflection
values for Girder 2 being just slightly greater than Girder 1 until the unload period. Both girders
exhibited a nearly linear response, with very few jumps or inconsistencies, until a moment of
approximately 700 ft-kips was reached at a deflection of around 0.6 in. at which point the
specimen began to exhibit non-linear behavior, as evidenced by the leveling off of the plots. The
specimen reached a plateau at a moment of about 980 ft-kips per girder, at which point the
applied moment rose very little with the increases in deflection for the remainder of the test,
indicating that the plastic moment capacity had been reached in each girder. The specimen was
unloaded at an adjusted deflection of 2.54 in. in Girder 1 and 2.58 in. in Girder 2. Both girders
followed a similar unload response which will be discussed in further detail later in this section.

The measured moment strengths of both girders were well below the calculated moment
capacity (M,) of 1150 ft-kips, illustrated in Fig. 6.6 by the horizontal dotted line. The maximum
moment attained in Girder 1 was 984 ft-kips, which is 14.3% lower than the calculated moment
capacity. Similarly, Girder 2 reached a maximum moment of 989 ft-kips, which is 13.9% lower
than the calculated moment capacity. This leads to the conclusion that one or more elements of

the test specimen (i.e. shear studs, steel girder, steel deck formwork, concrete deck) did not
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perform as predicted in the calculation of plastic moment capacity. It is believed that the shear
studs did not reach their full calculated capacities before tearing through the rib webs as shown
in the “Overview” section, which would account for both the lower than expected measured
plastic moment and the plastic neutral axis being located closer to the bottom of the section than

expected, as discussed in the “Strain Results” section to follow.
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Figure 6.6: Test 2 point of loading measured moment versus deflection

Another important conclusion that can be drawn from examining the moment-deflection
results of Test 2 deals with what value of the AISC commentary provisions (2005) for the
effective moment of inertia (L.¢r) most accurately predicts the elastic response of the test
specimen. When looking at the test specimen response in Fig. 6.6, it is obvious that the
deflections in the linear-elastic region of the test specimen, from O to about 700 ft-kips per

girder, are less than the predicted elastic deflections calculated using both 75% (recommended)
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and 100% of the I.¢ based on a non-prismatic section. These elastic deflections are shown in
Figure 6.6 by the dotted diagonal lines. The deflection values calculated using the unreduced It
are just slightly greater than the measured deflections in the elastic region and therefore are much
closer to the measured deflections than the 75% l.¢ deflection values. What is important is that
the unreduced effective moment of inertia provides an accurate prediction of the actual response
without overestimating the stiffness of the specimen, thereby producing a conservative value.

One other significant aspect of the Test 2 results is the unload response of the test
specimen. The unload response for both girders is nearly linear until a moment of approximately
600 ft-kips is reached, at which point the response becomes non-linear with decreasing stiffness.
The linear portion of the unload response runs parallel to the elastic loading portion of the test. It
is believed that the specimen began to exhibit a non-linear response at 600 ft-kips because this is
the point at which the shear studs lost contact with the concrete surrounding them. As the shear
studs begin to disengage from the concrete, the specimen becomes softer due to a lack of
compression, which would alter the response. Also, the point of change from linear to non-linear
correlates almost exactly with the point at which the slip response in the unload changes from
linear to non-linear as shown in the “Slip Results” section, which lends support to this

conclusion.

6.2.3 Strain Results

This section contains the results and analysis of the strain gauge data taken during Static
Test 2. The strain data taken during this test was used primarily for the determination of the
plastic neutral axis for both girders during the test. The neutral axis of the steel girder for the
static test to failure was calculated the same way as it was in the fatigue tests. A least squares
linear regression line was fit to the measured vertical strain distribution of the girder cross-
section and the neutral axis is calculated as the vertical location where the regression line crosses
the zero strain line (the Y-axis in this case). As with the fatigue tests, the values of strain gauges
at locations 2 and 6 were averaged as well as locations 3 and 7 to account for out of plane
bending in the girders. However, the calculation of the neutral axis presented many challenges
in the static tests conducted as part of this research. Due to the high strains induced by the large
deflections in the specimen and the fact that the bond was already weak from the load cycles

applied during the fatigue testing, it was not uncommon for individual strain gauges to become
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debonded from the steel and produce values that did not make sense given the overall strain
distribution being produced by all the gauges. To correct for this, strain distributions were
plotted for every data point taken during the static test so that it could be determined when
individual strain gauges began to produce strains that did not match the overall distribution, as
indicated by values that did not follow the approximately straight line that was expected. At the
point where non-linear values were being produced by a strain gauge, the values for that gauge
were removed from the linear regression analysis for the remainder of the data points so that they
would not skew the subsequent neutral axis results. This process was applied to the strain values
produced by both girders in the test. To assure accuracy of results, at least three strain gauge
locations were used to fit the line that determined the neutral axis location. The neutral axis was
no longer calculated when the point was reached where data from three good gauges was no
longer possible. The typical progression of gauge failure started with the gauge at the bottom of
the section (location 1) followed by the next higher gauge and so on up the section.

The results of the calculation of the neutral axis with respect to the applied moment in
Static Test 2 are presented in Fig. 6.7. The neutral axes for both girders are almost identical for
the entirety of the test, following the exact same trends. In examining the plot below, the plastic
neutral axis is taken as the point where the curve is approximately vertical, which says that as the
moment in the section increases there is no change in the neutral axis location indicating
stabilization in the composite system. There are two locations in the results where the curve is
approximately vertical. The first occurs at lower moments before non-linear behavior of the
specimen is reached and therefore this is the location of the elastic neutral axis. The second time
the curve is almost vertical occurs at higher loads and is indicated by dotted vertical lines for
each girder. The location of the plastic neutral axis (PNA) is taken as 18.3 in. from the bottom of
the section for Girder land 18.2 in. from the bottom of the section for Girder 2. Both of these
values are about 2 in. less than the predicted PNA location of 20.285 in. from the bottom of the
section found in the calculation of the plastic moment capacity (see Appendix G).

The difference between the calculated and measured PNA can be explained by the
capacity of the individual shear studs in the test specimen being less than the predicted capacity.
If the capacity of the shear studs is lower than expected in the specimen, this means that less
force is being transferred horizontally at the interface between the concrete deck and the steel

girder and therefore the compressive force in the concrete deck will be reduced. The overall
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composite section has to be in equilibrium and so to make up for the loss of compressive force in
the deck, the amount of compression in the top of the steel girder must increase which forces the

PNA downward in the section.
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Figure 6.7: Static Test 2 neutral axis distance from bottom of girder

6.2.4 Slip Results

This section presents the results of the slip measurements taken at the steel-concrete
interface using linear variable displacement transducers (LVDTs) in Static Test 2. These results
are shown plotted versus moment in Figs. 6.8 and 6.9 for Girders 1 and 2, respectively. As can
be seen in the plots, the values for the slip at the point of loading location on both girders were
cut short before the end of the test. This was necessary because the LVDTs at these locations
were being biased due to their contact with the bottom of the deck which resulted from the large
rotation of the specimen at the loading location, as described in the Static Test 2 overview
section. The values reported in the plots below represent the measurements taken before the bias
is thought to have occurred. All other sensor locations appear okay.

Both girders appear to follow basically the same response. The end of span slip is the
greatest for both girders with Girder 1 reaching a maximum slip of 0.422 in. and Girder 2

reaching a maximum slip of 0.440 in., which are fairly close to each other. The next greatest slip
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was at the mid-shear span location followed by the lowest slip at the point of loading within the
values reported. The response of the slip at the end of the span was linear until approximately
400 ft-kips on both girders while the response at the other two locations remained linear until
about 850 ft-kips. This early shift in from linear to non linear behavior can be explained by the
fact that the shear studs at the end of the span tend to receive more of the horizontal shear load
than those more in the interior of the shear span. Therefore, because the load on the shear studs
at the end is greater, there tends to be more slip and the onset of inelastic behavior comes sooner
as damage is done to the ribs at the end of the span. The biggest difference between the response
of Girder 1 and that of Girder 2 is that the slip at the mid-shear span location of Girder 1 is
significantly lower than Girder 2. Both girders were following almost the exact same path at this
sensor location until a slip of 0.142 in. was reached in Girder 1, at which point the slip jump up
suddenly and then stopped increasing for the remainder of the test until unloading. It is unlikely
that this discrepancy resulted from a change in the test specimen because the end of span
response does not follow the same trend. Therefore, it has been concluded that this is most likely
the result of something affecting the LVDT, similarly to what happened at the point of loading
sensor location. The entirety of the test data was plotted for the malfunctioning LVDT so that
the unload response could be shown. Girder 2 data from the mid-shear span location is assumed
to be good and tells us that the slip at this location is just slightly less than that at the end of the

span, reaching a maximum slip of 0.390 in.
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As was the case with the moment deflection results previously, it is important to examine
the unload response of the test specimen. Similarly to the deflection response, the slip response
at all locations remained linear until each girder was unloaded to about 600 ft-kips, the same
point that marked the onset of non-linear unload response in the deflection results. After this
point, the decreases in slip per increment of unload increased, as shown by the curving of the
lines in toward zero. This is thought to result from the shear studs losing contact with the

concrete at the 600 ft-kips point, as discussed in the deflection results section.

6.3 Near Side Static Test to Failure (Static Test 3)
6.3.1 Overview

Static Test 3 was conducted at the near side quarter point to determine the plastic
capacity of the test specimen with the one stud per rib geometry. The test was run over nine
hours until a total deflection of approximately 4.00 in. was reached, at which point it was
decided to end the test. By this point, significant damage had been done to the test specimen and
it was concluded that the plastic moment of the system had been achieved because the load-
deflection curve being created real time had leveled off long before this point.

The problems with the LVDTs measuring slip at the point of loading in Static Test 2 were
not encountered in this test due to the change in mounting system applied in this test. The only
point of concern during this was that at higher deflections the slope of the deck in the shear span
was so steep that the hydraulic jack on Girder 1 was forced out of plumb and it was possible that
the swivel plate at the base of the jack could be shot out of place. Also, the out of plumb jack
could put a bending force into the load cell causing it to read lower loads than were actually
being applied. However, it was determined that friction would keep the swivel plate in place and
that the swivel plates at the top of the load cell and bottom of the jack would correct for the out-
of-plumbness. No other problems were encountered in Static Test 3.

From examining the test specimen before, during, and after the Test 3, it became obvious
that the main failure mode test was tearing of shear stud through the rib web, the same as in
Static Test 2. However, the blowouts were much more defined in Test 3 because the specimen
was loaded to a significantly larger deflection than Test 2. Three different examples of this

failure are shown in Fig. 6.10. The first picture shows a rib blowout from Girder 1 where the
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concrete between the rib web and the shear stud completely crushed. The second image shows a
blowout example at one of the deck sheet overlap points, which is interesting because only the
deck section on the bottom ruptured while the web part of the overlap stayed intact. This
indicates that the rupture more than likely initiates at imperfections in the steel deck that result
from the welding of the shear stud. The third picture in Fig. 6.10 shows a rib blowout from
Girder 2 where the concrete in the rib has significant cracking. These blowouts were first
noticed at a total deflection of about 1.75 in. in the ribs closest to the end of the span with the
blowouts increasing in the shear span as the test continued. The same high-pitched “pinging”
noise was observed at the point of steel rupture as in Test 2. The locations of each of the
blowouts in the shear span being tested are shown in Fig. 6.11, with blowouts being indicated by
an “X” going through that rib location. As can be seen, blowouts and rupture of the cold form
steel deck ribs occurred at every rib location in the shear span except for the ribs closest to the
point of loading, where the slip is limited by the large amounts of friction at the interface due to
the nearby loading. This supports the conclusion reached in Test 2 that blowouts would have
occurred at almost every rib in the shear span in that test if loading had not been stopped. No

blowouts or bulging were observed in the mid-span side of loading.

Figure 6.10: Examples of shear stud failures at the end of Static Test 3
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Figure 6.11: Shear stud blowout locations at the end of Static Test 3

Significant damage was also done to both the steel girders and concrete deck. At the end
of Test 3, it was very obvious that a plastic hinge had formed in the steel girder by observing the
Luder Lines formed in the whitewash at the point of loading that formed 45 angles with the
respect to the bottom of the section, as shown first in Fig. 6.12. Vertical lines in the whitewash
near the top of both girders on either side of the point of loading also indicate that compression
yielding has occurred in that area. The presence of the Luder Lines and compression yielding
lines verifies that the steel section has yielded in this area, which is desired in achieving the
plastic moment of the specimen. It also appears that the top flange has buckled under the
compression load, as seen in the second picture in Fig. 6.12. With regards to the concrete deck,
significant cracking occurred over the course of the test. As was the case in Test 2, the largest of
the cracks traveled most of the way up the depth of the deck, telling us that very little of the deck
1s in compression, as was expected at the plastic moment, and also that by the end of the test the
specimen was acting almost like two separate bodies on either side of the loading point, the same
as in Static Test 2. Similar damage was observed in both girders. Therefore, based on the visual
results, it is believed that the plastic moment of the section was achieved. Figure 6.13 provides

some general images of the specimen at the end of testing.

110



Figure 6.13: Specimen at the end of Static Test 3

To validate the results of Static Test 3, it is necessary to show that the near half of the
specimen being tested had not been damaged by Static Test 2 conducted on the far half of the test
specimen. To accomplish this, a comparison was made between the moment-deflection results
of Test 1 and the moment deflection-results of Test 3 in the elastic moment region. Figure 6.14
shows the outcome of this comparison for both girders. As can be seen, the elastic response of
both girders is almost exactly the same in Test 3 as in Test 1, which indicates that the specimen
response has not changed significantly. Therefore, it was concluded that the moment results of
Test 3 have not been adversely affected by the testing on the far side of the specimen. The only
change noted is in the neutral axis results, which will be discussed in the “Strain Results”

section.
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Figure 6.14: Comparison of measured elastic deflections of Static Test 1 to Static Test 3

6.3.2 Moment and Deflection Results

This section discusses the moment and deflection results from Static Test 3. As with
Static Tests 1 and 2, the moment results presented here come from a direct calculation using the
loads recorded in the load cells above each hydraulic jack for each girder assuming a simply
supported beam with a quarter point loading. The deflections given here have been adjusted to
account for compression of the neoprene bearing pads and rotation at the supports as described in
the Static Test 1 results. The moment and deflection results of Test 3 are shown plotted in Fig.
6.15. As can be seen, the response of both girders is almost exactly the same, with the moment
and deflection values for Girder 1 being just slightly greater than Girder 2 for almost the entirety
of the test. Both girders exhibited a nearly identical linear response, with very few jumps or
inconsistencies, until a moment of approximately 510 ft-kips was reached at a deflection of
around 0.44 in. at which point the specimen began to exhibit non-linear behavior, as evidenced
by the leveling off of the curve. The specimen continued to take load with increasing deflections
until it reached a plateau at a moment of about 860 ft-kips per girder, at which point the applied

moment rose very little with the increases in deflection for the remainder of the test, indicating
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that the plastic moment capacity had been reached in each girder. The specimen was unloaded at
an adjusted deflection of 3.83 in. in Girder 1 and 3.80 in. in Girder 2. Both girders displayed a

similar unload response which will be discussed in further detail later in this section.
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Figure 6.15: Static Test 3 point of loading measured moment versus deflection

The measured plastic moment capacities of both girders were well below the calculated
moment capacity (M.) of 960 ft-kips, illustrated in Fig. 6.15 by the horizontal dotted line. The
maximum moment attained in Girder 1 was 890 ft-kips, which is 7.3% lower than the calculated
moment capacity. The maximum moment reached in Girder 2 was slightly less than in Girder 1
at 879 ft-kips, which is 8.4% lower than the calculated moment capacity. It is important to note
that the maximum moments in this test were closer to the calculated values than the measured
plastic moments from Static Test 2. However, the same conclusion that that one or more
elements of the test specimen (i.e. shear studs, steel girder, steel deck formwork, concrete deck)

did not perform as predicted in the calculation of plastic moment capacity is still reached as in

Test 2.
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The measured elastic deflections from Static Test 3 compares to the deflection values
calculated using the two levels of the AISC commentary provisions (2005) effective moment of
inertia equation (I.f) exactly the same as in Static Test 2. As before, when examining the test
specimen response in Fig. 6.15, it is obvious that the deflections in the linear-elastic region of the
test specimen, from O to about 510 ft-kips per girder, are less than the predicted elastic
deflections calculated using both 75% (recommended) and 100% of the AISC effective moment
of inertia based on a non-prismatic section. These predicted elastic deflections are shown in Fig.
6.15 by the dotted diagonal lines. The deflection values calculated using the unreduced L are
just slightly greater than the measured deflections in the elastic region and therefore are much
closer to the measured deflections than the 75% I.¢ deflection values. What is important is that
the unreduced L. provides an accurate prediction of the actual response without overestimating
the stiffness of the specimen, thereby producing a slightly conservative deflection calculation.

The unload portion of this test presented a similar linear to non-linear response as Static
Test 2. The unload response for both girders is nearly linear until a moment of approximately
560 ft-kips is reached, at which point the plot begins to curve in toward zero, meaning that the
change of deflection per increment of moment is increasing. The linear portion of the unload
runs parallel to the elastic loading region of the curve, which tells us that specimen is initially
unloading elastically. This response as well at the slip results (presented in future sections) lead
to the same explanation of this behavior as in Test 2, which is that the moment of 560 ft-kips is
the point at which the shear studs break contact with the concrete it had been bearing against as
slip had been increasing and as the shear studs disengage from the concrete, the loss of the

compressive force leads to a softening of the system due to lack of composite action.

6.3.3 Strain Results

This section contains the results and analysis of the strain gauge data taken during Static
Test 3. The strain data taken during this test was used primarily for the determination of the
plastic neutral axis for both girders during the test. The calculation of the neutral axis of the steel
girder for this test followed the same procedure described in Static Test 2 and therefore will not
be repeated. The results of the calculation of the neutral axis with respect to the applied moment

in Test 3 are presented in Fig. 6.16 along with the neutral axis results from Static Test 1 to act as
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a means of comparison. In examining the plot, it is obvious that the results from Test 3 do not
match up those from Test 1 as they are supposed to based on the fact that both should have the
same section properties. The neutral axis results for both girders from Test 3 are consistently
about 1 in. less than those calculated from Test 1, indicating that a change occurred in the test
specimen during Static Test 2 to cause this offset. It is unknown what caused this offset in
values between the first and third tests and therefore the reliability of the neutral axis results are
in question. It is possible that changes in how the data was recorded caused the offset, as a very
minor shift in strain could lead to the offset measured. Therefore, the results produced from the
neutral axis analysis will be reported but they will not be used to support the overall conclusions
of the test. This discrepancy will not affect the overall results of this test because the plastic
moment occurs when the section is fully yielded, so minor changes in strain will have no effect
on the yielded section. Also, it has already been established that no damage was done to the
specimen near side because the linear elastic response of Test 3 was nearly identical to the linear
elastic response of Test 1, shown in the Test 3 “Overview” section.

The neutral axes for of the two girders were offset from each other for the entire test, with
the calculated neutral axis for Girder 1 consistently being about 0.65 in. higher in the girder than
the neutral axis in Girder 2. It is believed that this offset in neutral axis between the two girders
can be explained by the larger values of slip in Girder 2 than in Girder 1 for the entirety of the
test, as illustrated in the slip results section to follow. In examining the plot below, the plastic
neutral axis is taken as the point where the curve is approximately vertical, as defined previously.
There are two locations in the results where the curve is approximately vertical. The first occurs
at lower moments before non-linear behavior of the specimen is reached, which indicates that
this is the location of the elastic neutral axis. The location of the plastic neutral axis (PNA) in
both girders is the second point where the neutral axis curve shifts to vertical, which is more
well-defined in this test than in Test 2 based on the larger vertical portions. The location of the
plastic neutral axis is taken as 16.1 in. from the bottom of the section for Girder land 15.3 in.
from the bottom of the section for Girder 2. Both of these values are lower than the predicted
PNA location of 16.54 in. from the bottom of the section found in the calculation of the plastic

moment capacity (see Appendix G).
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6.3.4 Slip Results

This section presents the results of the slip measurements taken at the steel-concrete
interface using linear variable displacement transducers (LVDTs) in Static Test 3. These results
are shown plotted versus moment in Figs. 6.17 and 6.18 for Girders 1 and 2, respectively. As
can be seen in Fig. 6.18, the value for the slip at the point of loading location on Girder 2 was cut
short well before the end of the test due to an unexplained bias on the sensor. The values
reported in the plots below represent the measurements taken before the bias is thought to have
occurred.

The two girders in Test 3 did not exhibit the same overall response, which differs from
the results of Test 2. In Girder 1, the end of the span location (C) reported the greatest slip for
the entire test, reaching a maximum value of 0.743 in. followed with the next greatest slip at the
mid-shear span location (B), with a maximum value of 0.720 in. The point of loading location
(A) reported the lowest values of slip for the entire test, reaching a maximum value of 0.341 in.
All locations exhibited a linear response until a moment value of about 550 ft-kips was applied at

which point the curves began to level off. In Girder 2, however, the values of the slip at the end
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of the span and at the mid-shear span locations were almost exactly the same for the entire test,
with the values at location B being just slightly lower than those at location C. The maximum
slip at the end of the span was 0.796 in. while at the mid-shear span it was 0.787 in., both of
which are greater than the maximum slips measured in Girder 1. All locations in Girder 2 began
to exhibit a non-linear response at a moment value 500 ft-kips, which is slightly lower than the
onset of non-linearity in Girder 1. These results indicate that Girder 2 should be slightly weaker
than Girder 1 and also have a slightly lower neutral axis, which agrees with results presented in
earlier sections.

It is important to examine the unload response of the test specimen. In both Girders 1
and 2, the slip response at the end of span and mid-shear span locations remained linear until
each girder was unloaded to about 550 ft-kips, which is close to the same unload moment that
marked the onset of non-linear unload response in the deflection results. This indicates that the
initial unload is elastic with regards to slip. After this point, the decreases in slip per increment
of unload increased, as shown by the curving of the lines in toward zero. This is thought to
result from the shear studs losing contact with the concrete at the 560 ft-kips point, as discussed
in the deflection results section. The specimen response differs slightly at the point of loading
location, where the slip unload response remains linear until a moment value of about 400 ft-
kips, which is significantly lower than the moment marking the onset of non-linear behavior at
the other locations. However, this change makes sense because the slip at the point of loading is
significantly less due to the effects of interface friction from the nearby load and therefore will

stay in contact with the surrounding concrete for a larger period of time.
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Figure 6.18: Interface slip results at for Girder 2 in Static Test 3
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6.4 Static Testing Design Implications

The results of both static tests to failure (Tests 2 and 3) show that the measured moment
strengths for both the one stud per rib and two studs per rib layouts were below the calculated
values, with the results of Static Test 3 being slightly closer to the calculated values than Static
Test 2. The predicted values were based on individual shear stud strengths calculated using the
design equation (Eq. 2.26) given in the American Institute of Steel Construction’s Steel Design
Manual (2005). It is believed that this occurred because the shear studs did not reach their full
calculated capacity because the steel deck form ruptured at a lower load than anticipated, leading
to blowouts through the rib web that caused a reduced resistance to slip at the steel-concrete
interface. This failure mode was observed in both Tests 2 and 3. This also supports the design
assumption of weak side stud placement. To adjust for this, the reduction factors to the full shear
stud strength (AsF,) in the AISC specification (2005) provisions used to account for the number
of studs in a rib (R,) and for strong or weak side placement (R;) must be reduced to allow for this
lower shear stud strength. Because the measured values in Test 3 were closer to the calculated,
Test 3 must be examined first to determine an appropriate value for R, because R, appears to
have less of an effect on this layout and therefore will be kept equal to 1.0. To get the calculated
value of the plastic moment capacity to match the measured value in Test 3, the R, factor has to
be reduced from 0.6 to 0.47. This new value of R;, is supported by the findings of Rambo-
Roddenberry (2002), where testing showed that the appropriate value for R;, is 0.48. The new R,
factor is found by applying the R, of 0.47 to the calculated value of the plastic moment for Test 2
and then reducing R, down from 0.85 (for two studs per rib) until the calculated value equaled
the measured value. This occurs at an R, value of 0.7, which is less than the design value
reported in Roddenberry (2002) of 0.85.

The linear elastic response of all three static tests conducted show that the calculated
deflections in the elastic range using the AISC commentary provisions (2005) for the effective
moment of inertia (I.¢r) equation, both unreduced and with the recommended 0.75 reduction
factor applied, are greater than the measured values in testing. Therefore, the deflection values
calculated using the unreduced L are a more accurate predictor of the test specimen response
while still remaining slightly on the conservative side. Also, it is important to note that the
calculated values were a little bit closer to the measured values in the one stud per rib layout, a

fact observed in the fatigue testing as well, although not enough to make a significant difference.
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6.5 Summary of Laboratory Static Testing

In order to determine the ultimate moment strength of a bridge constructed using
continuous permanent metal deck forms, independent static testing was conducted on each half
of the test specimen. Each half of the specimen was loaded until it stopped taking load,
indicating that the moment capacity of that half had been reached. The goal was to compare the
measured moment capacities of the two different levels of partial composite action to the values
calculated using current AISC specification (2005) provisions to determine if they were
applicable to this construction method or if modifications had to be made to facilitate this
system. Three static tests were run on the test specimen. Static Test 1 was conducted on the
near side; however it was only loaded in the elastic range of the near side to gather data on the
elastic response. Static Test 2 was conducted on the far side of the bridge and was loaded until a
point after the plastic moment capacity had been achieved. Static Test 3 was conducted back at
the near side and was loaded until past the point where the plastic moment had been attained.
The results from Test 1 verified that Test 2 had not significantly affected the results of Test 3.

Measurements of load, deflection, strain, and slip were taken for both girders in each of
the tests conducted. The load and deflection data was used to determine the plastic moment
capacity of each girder while the strain and slip data was used as a method of describing the
moment-deflection results observed. A summary of the measured and calculated moment
capacities for the two pertinent static tests is provided in Table 6.1. As can be seen, the
measured values of the plastic moment capacities for Tests 2 and 3 were below the values
calculated using AISC (2005) provisions. To get the calculated plastic moment capacity values
to match the measured, modifications to the full shear stud strength reduction factors are
necessary. For one stud per rib, R, must remain at 1.0 while R, must be changed from 0.6 to
0.47 and for two studs per rib, R, changed from 0.85 to 0.7 and R, will change from 0.6 to 0.47

as noted.

Table 6.1: Summary of laboratory static testing

Plastic Moment Capacity
Test Measured (ft-kips) | Calculated (ft-kips) | % Difference
Static Test 2 - Girder 1 984 1150 -14.4%
Static Test 2 - Girder 2 989 1150 -14.0%
Static Test 3 - Girder 1 890 960 -7.29%
Static Test 3 - Girder 2 879 960 -8.44%
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Chapter 7: Conclusions and Recommendations

7.1 Conclusions

The continuous permanent metal deck form system provides a quick and efficient method
of constructing short-span simply supported composite steel girder bridges. However, because
shear studs have to be welded to the girder through the steel deck at rib locations, the number of
shear stud locations is limited to the number of ribs in the shear span while the spacing of the
shear studs is restricted to the rib spacing of the steel deck. This results in a condition where the
fatigue resistance provisions in the AASHTO LRFD Bridge Design Specifications (2007) cannot
be satisfied because the rib spacing of the steel deck, and therefore the shear stud spacing, is
almost always larger than the maximum stud spacing calculated from the AASHTO shear stud
fatigue resistance equation. Also, because the number of shear studs that can be used is limited
by the number of ribs, it is possible that a partial composite system will result if there are not
enough studs to create a fully composite system when the maximum numbers of studs per rib are
used. Currently, the AASHTO LRFD (2007) does not allow for the partial composite design of
bridges.

The purpose of this research was to investigate the fatigue resistance and static strength
of a full-scale bridge test specimen, designed as a typical two interior girder section, constructed
using the continuous permanent metal deck form system at two different levels of composite
action that utilized a one and two studs per rib layout. Fatigue testing was conducted to
determine the fatigue resistance of the specimen at both levels of interaction and then evaluated.
This was followed by static tests to failure to determine the plastic moment capacity at both
levels of interaction. Results of the testing were compared to existing design models and

modifications specific to this construction method are made.

7.1.1 Lateral Bracing by Steel Deck during Construction

Part of this research involved the investigation of whether the steel deck can be treated as
a shear diaphragm that provides adequate lateral restraint to the girder compression flange during
the placement of the concrete deck using the continuous permanent metal deck form system.
Current AASHTO LRFD (2007) provisions do not allow the steel deck to be treated as

continuous bracing for the steel girders. The goal was to determine if the steel deck is sufficient
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to act as full compression flange bracing, during bridge construction, without the use of
intermediate diaphragms or cross frames, when shear studs are welded through the steel deck
into the girders. Therefore, the test specimen was constructed without intermediate diaphragms
or cross frames.

Calculations performed indicated that the steel deck used in the test specimen had
adequate strength and stiffness to provide full bracing during the deck placement. These results
were verified when the concrete deck was poured on the test specimen. The bottom flanges of
girders 1 and 2 only moved 0.263 in. and 0.262 in., respectively, outward from the longitudinal
centerline of the specimen, which represents about 0.31% of the girder spacing (7 ft). No other
significant changes were observed. It is important to point out that these results are applicable
only to the test setup used in this research and do not indicate that the steel deck can adequately

brace the steel girders in all applications.

7.1.2 Laboratory Fatigue Testing

Two fatigue tests were conducted as part of this research. The load range for each test
was calculated as the stress range on each shear stud required to cause failure at 1 million cycles
based on the AAHSTO LRFD (2007) fatigue design equation using the section properties of the
test specimen. The goal of the fatigue testing was determine if this design equation is overly
conservative for the continuous permanent metal deck form construction method with one and
two studs per rib. Measurements of vertical deflection, slip, and strain were taken at set
increments during each test to track the loss of stiffness in the specimen during each test.

Fatigue Test 1 was conducted at the near side quarter point of the test specimen with the
purpose of fatiguing the shear studs between the point of loading and near side end of span
where there was a one stud-per-rib design. A cyclic load with a range of 50 kips was distributed
to load points above each girder through a spreader beam for a total of 1,200,000 cycles, with no
failures occurring during the test. The vertical deflection at the point of loading in Girder 1
increased from -0.115 in. at the start of the test to -0.120 in. at one million cycles which
represents a 4.58% increase in deflection at the design number of cycles. Similarly, the vertical
deflection at the point of loading in Girder 2 increased from -0.115 in. at the start of the test to
-0.121 in. at one million cycles, which represents a 5.41% increase in deflection at the design

number of cycles.
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Fatigue Test 2 was conducted at the far side quarter point of the test specimen with the
purpose of fatiguing the shear studs between the point of loading and far side end of span where
there was a two studs-per-rib design. A cyclic load with a range of 95 kips was distributed to
load points above each girder through a spreader beam for a total of 1,200,000 cycles, with no
failures occurring during the test. The vertical deflection at the point of loading in Girder 1
increased from -0.211 in. at the start of the test to -0.225 in. at one million cycles which
represents a 6.68% increase in deflection at the design number of cycles. Similarly, the vertical
deflection at the point of loading in Girder 2 increased from -0.217 in. at the start of the test to
-0.237 in. at one million cycles, which represents a 9.41% increase in deflection at the design
number of cycles. For this test, however, the majority of the increase in deflection occurred
during settling period in the first 100,000 cycles of testing, accounting for 87.9% and 79.4% of
the total increases in deflection at one million cycles for Girders 1 and 2, respectively. Settling
was observed in the first 50,000 cycles of Fatigue Test 1, it represented a smaller amount of the
increase in deflection.

The slip results at the steel-concrete interface for both fatigue tests displayed the same
pattern. The values for the slip grew at an increasing rate as both tests went on and showed no
signs of leveling off. Therefore, it can be assumed that slips will continue to grow, leading to a
loss of composite action in the system which will result in increased deflections as cycling
continues. However, there does not appear to be direct correlation between the increase in slip
and the increase in deflection, so even though slip continues to increase, deflection may continue
to increase in the same linear fashion. There is no indication that a failure was imminent in

either fatigue test or that any shear studs received significant damage as result of the cycling.

7.1.3 Laboratory Static Testing

Three static tests were conducted as part of this research. The first test was loaded only
in the linear-elastic region of the specimen and was used to validate the results of the third test.
The second and third static tests consisted of loading until a point after the plastic moment
capacity of the specimen had been reached. The values used to calculate the plastic moment
capacity of the shear spans for each test were based on the individual shear stud static strength as
calculated in the AISC Specification for Structural Steel Buildings (2005), as opposed to values
calculated using the AASHTO LRFD (2007) specifications. The AISC design model was used
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because it takes into account the reduction of strength of a shear stud when placed in profiled
steel deck, whereas AASHTO does not.

Static Test 2 was conducted at the quarter point in the far half of the test specimen where
there was a two studs-per-rib layout. The calculated plastic moment capacity of this test location
was 1150 ft-kips. The maximum moment achieved in Girder 1 in this test was 984 ft-kips, which
is 14.4% lower than predicted. The maximum moment achieved in Girder 2 was 989 ft-kips,
which is 13.9% lower than predicted. Static Test 3 was conducted at the far half quarter point of
the specimen where there is a one stud-per-rib layout. The calculated plastic moment capacity of
this test location was 960 ft-kips. The maximum moment achieved in Girder 1 in this test was
890 ft-kips, which is 7.3% lower than predicted. The maximum moment achieved in Girder 2
was 879 ft-kips, which is 8.4% lower than predicted. The same shear stud failure mode was
observed in both tests, where the shear stud ruptured the steel deck due to excessive slip which
caused a blowout through the rib web.

The measured results of both tests to failure were lower than predicted, which is believed
to be the result of the individual shear studs not reaching their calculated capacity. To make the
calculated plastic moment values equal the measured values for both tests, the R, modification
factor must be reduced from 0.6 to 0.47 for weak side placement and the R, factor has to be
reduced from 0.85 to 0.7 for two studs-per-rib while staying equal to 1.0 for the one stud-per-rib
layout. Additionally, it was shown that the unreduced effective moment of inertia value as based
on AISC commentary provisions (2005) produces a more accurate prediction for the elastic

deflections in both tests.

7.2 Summary

The behavior of a full scale bridge specimen, designed as a typical two interior section of
a fictitious bridge and constructed using the continuous permanent metal deck form system,
under both fatigue and static loading conditions was considered for two different numbers of
shear studs in the span. An evaluation of the supplemental calculations and the laboratory testing
lead to the following conclusions:
* The steel deck formwork was sufficient in this case to act as full compression flange
lateral bracing for the top flange of the steel girders during the placement of the concrete

deck when the shear studs are welded through the steel deck into the girder.
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— This removes the necessity to include intermediate diaphragms or cross-frames in
the span, which makes construction faster and more economical.

— These results do not imply that steel deck will be sufficient lateral bracing during
bridge construction in all cases. Bracing requirements will still need to be evaluated
on a case-by-case basis.

* Both the one and two studs-per-rib layouts lost very little stiffness over the course of the
load cycles applied with no failures occurring or appearing to be imminent in either
layout, which tells us that the AASHTO LRFD (2007) equation for shear stud fatigue
resistance is conservative when applied to this construction method.

— The one stud-per-rib layout lost less relative stiffness than the two studs-per-rib
layout during cycling; however, when the effects of specimen settling are taken into
account, the two studs-per-rib layout lost less stiffness than the one stud.

— Curves fit to the deflection data for both tests extrapolated to five million cycles
show that the deflections at that point are still well below the deflections expected
with no composite action between the girder and the deck

* The measured plastic moment capacities of both shear stud layouts were below their
respective calculated values due to the inability of the individual shear studs to develop
their full predicated capacities calculated using AISC specification (2005) design models
due to premature rupture of the steel deck leading to blowouts of the shear studs through
the rib webs.

— To get the calculated values to equal the measured values, for a one stud-per-rib
layout the R, factor must stay equal to 1.0 while the R, factor gets reduced from 0.6
to 0.47 while for the two studs-per-rib layout the R, factor must get reduced from
0.85 to 0.7 and the R, must again get reduced from 0.6 to 0.47.

* The full value of the AISC commentary (2005) equation for the effective moment of
inertia of a partial composite beam provides a more accurate prediction of the elastic
deflections of the test specimen than the 75% value recommended in the commentary.

— The predictions for elastic deflection using the full effective moment of inertia is
closer to the measured values, however the reduced value provides a more

conservative estimate.
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7.3 Recommendations for Future Research

Based on the results of the fatigue and static tests conducted on the test specimen, it

appears that the continuous permanent metal deck form bridge construction method is a viable

alternative to current methods of bridge construction. However, before this system can be

implemented in real world environments, several aspects of the system require further research,

which are listed as follows:

Research investigating just the shear diaphragm properties of the steel deck when it is
used as lateral compression flange bracing for the steel girders should be conducted. The
effects of different bridge span lengths, deeper girders, different girder spacing, and
strength of the steel deck connection to the girders when welded studs are used should be
studied so that provisions specific to this construction method can be created.

Push out tests utilizing 7/8” shear studs welded through profiled steel deck in both the
weak and strong positions with one and two studs-per-rib layouts should be conducted to
determine the response of the system at failure to establish if modifications to existing
AISC specification (2005) provisions are necessary to accurately predict the failure
response.

Longer life fatigue tests should be conducted to investigate whether the behavior observed
in this study will continue for the life of the specimen or if stabilization may occur at some
point in the fatigue life.

Testing should be expanded beyond the short span, simply supported conditions with
rolled shapes studied in this research. Specimens constructed with built-up girders in a
continuous span system should be investigated to determine the response of the
continuous PMDF system with the additional fatigue considerations created if built-up
sections are used as well as the effects of moment reversal.

Profiled steel deck of different height, shape, and gage that has been provided by
Wheeling Corrugating should be investigated to determine the effects of these variables on

strength

126



References:

American Association of State Highway and Transportation Officials (AASHTO). (2007).
AASHTO LRFD bridge design specifications, American Association of State Highway and
Transportation Officials, Washington, D.C.

American Institute of Steel Construction, Inc. (AISC). (2005). Commentary on the Specification
for Structural Steel Buildings, Chicago.

American Institute of Steel Construction, Inc. (AISC). (2005). Specification for Structural Steel
Buildings, 13" ed. Chicago.

Barker, R.M., and Puckett, J.A. (2007). “Design of Highway Bridges, An LRFD Approach.” pnd
ed., John Wiley and Sons, Inc., Hoboken, NJ.

Easterling, W.S, Gibbings, D.R., and Murray, T.M. (1993). “Strength of Shear Studs in Steel
Deck on Composite Beams and Joists.” Engineering Journal, 30(2), 44-55.

Egilmez, O.0., Helwig, T.A., Jetann, C.A., and Lowery, R. (2007). “Stiffness and Strength of
Metal Bridge Deck Forms.” Journal of Bridge Engineering, 12(4), 429-437.

Federal Highway Administration (FHWA). (2006). 2006 Status of the Nation's Highways,
Bridges, and Transit: Conditions and Performance, FHWA, Washington D.C.

Grant Jr., J.A., Fisher, J.W., and Slutter, R.G. (1977). “Composite Beams with Formed Steel
Deck.” Engineering Journal, 14(1), First Quarter, 24-43.

Helwig, T.A., and Frank, K.H. (1999). “Stiffness Requirements for Diaphragm Bracing of
Beams.” Journal of Structural Engineering, 125(11), 1249-1256.

Helwig, T.A., Frank, K.H., and Yura, J.A. (1997). “Lateral-Torsional Buckling of Singly
Symmetric I-Beams.” Journal of Structural Engineering, 123(9), 1172-1179.

Helwig, T.A., and Yura, J.A. (2008a). “Shear Diaphragm Bracing of Beams. I: Stiffness and
Strength Behavior.” Journal of Structural Engineering, 134(3), 348-356.

Helwig, T.A., and Yura, J.A. (2008b). “Shear Diaphragm Bracing of Beams. II: Design
Requirements.” Journal of Structural Engineering, 134(3), 357-363.

Johnson, R.P. (1981). “Loss of Interaction in Short-Span Composite Beams and Plates.” Journal
of Constructional Steel Research, 1(2), 11-16.

Johnson, R.P. (1995). “Composite Structures of Steel and Concrete, Volume 1: Beams, Slabs,
Columns, and Frames for Buildings.” Blackwell Scientific Publications, London.

Johnson, R.P., and May, .M. (1975). “Partial Interaction Design of Composite Beams.” The
Structural Engineer, 53(8), 305-311.

Kwon, G., Hungerford, B., Kayir, J., Schaap, B., Ju, Y.K., Klingner, R.E. and Engelhardt, M.D.
(2007). “Strengthening of Existing Non-Composite Steel Girder Bridges Using Post-
Installed Shear Connectors.” Texas Univ. at Austin Center for Transportation Research.

Luttrell, L.D. (2004). Steel Deck Institute Design Manual, 31 Edition, Canton, Ohio.

McGarraugh, J.B., and Baldwin, J.W. (1971). “Lightweight Concrete-on-Steel Composite
Beams.” AISC Eng. J., 8(3), 90-98.

127



Oehlers, D.J., and Bradford, M.A. (1995). “Composite Steel and Concrete Structural Members”.
Elsevier Science, Inc., New York, New York.

Oehlers, D.J. and Foley, L. (1985). “The Fatigue Strength of Stud Shear Connections in
Composite Beams.” Proc. Instn. Civ. Engrs., 79(2), 349-364.

Oechlers, D.J., Seracino, R., and Yeo, M.F. (2000). “Effect of Friction on Shear Connection in
Composite Bridge Beams.” Journal of Bridge Engineering, 5(2), 91-98.

Ollgaard, J.G., Slutter, R.G., and Fisher, J.W. (1971). “Shear Strength of Stud Connectors in
Lightweight and Normal Weight Concrete.” AISC Engineering Journal, 8(2),55-64.

Rambo-Roddenberry, M.D. (2002). “Behavior and Strength of Welded Stud Shear Connectors.”
PhD Dissertation, Virginia Polytechnic Institute and State University, Blacksburg, VA.

Salmon, C.G, and Johnson, J.E. (1996). Steel Structures: Design and Behavior.” 4t Edition,
Prentice Hall, Upper Saddle River, NJ.

Slutter, R.G., and Fisher, J.W. (1967). “Fatigue Strength of Shear Connectors.” Highway
Research Record, 147, 65-88.

Winter, G. (1960), “Lateral Bracing of Columns and Beams.” ASCE Transactions, Vol. 125, pp.
809-825.

Wu, Y.F., Oehlers, D.J., and Griffith, M.C. (2002). “Partial-Interaction Analysis of Composite
Beam/Column Members.” Mechanics of Structures and Machines, 30(3), 309-332.

Yura, J.A. (1995). “Bracing for Stability-State-of-the-Art.” Proceedings, Structures Congress
XIII, ASCE, New York, 88-103.

Yura, J.A. (2001). “Fundamentals of Beam Bracing.” Engineering Journal, 38(1), 11-26.

Yura, J. A., Phillips, B., Raju, S., and Webb, S. (1992), “Bracing of Steel Beams in Bridges,”

Report No. 1239-4F, Center for Transportation Research, University of Texas at Austin,
October, 80 p.

128



Appendix A: Full Bridge Superstructure Design Calculations

A.1 Girder and Composite Design

- Only a summary of the bridge superstructure design is provided here because the full design is
too long to provide in this document

- Values for material properties in this section are design properties, not measured properties

- This design is for the setup with one stud per rib to produce a worst-case design

A.1.1 Design Bridge Details

- Bridge Details
Span = 30 ft Parapet Width = 1.5 ft
Width =44 ft Shear Stud Diameter = 0.875 in.
Girder Spacing =7 ft Stud Ultimate Stress = 65 ksi
Number of Girders =7 ADT = 20000 vehicles/day
Overhang = 2.25 ft No. Truck Lanes =2
Deck Thickness = 8 in. Highway Class = Urban Interstate

Deck Height =2.5 in.

- Concrete Deck Properties
Design Compressive Strength = 4 ksi
Unit Weight = 150 pcf

0.5

Modulus = 3834 ksi (=33000(w, )1'5 (fcl) )

- W21x50 Girder Properties

Area = 14.7 in.” Sy =94.5in.’

I, =984 in.* Flange Width = 6.53 in.
I,=24.9in.* Flange Thickness = 0.535 in.
Depth = 20.8 in. Web Thickness = 0.38 in.
Modulus = 29000 ksi G =11153.9 ksi

Yield Strength = 50 ksi J=1.14in

Cy = 2570 in.°
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A.1.2 Interior Girder Design Moments and Shears
- W21x50 Girder Properties

Moment Distribution Factor = 0.595 (based on two or more lanes loaded)

Fatigue Moment Distribution Factor = 0.391

Shear Distribution Factor = 0.743
- Dead Loads on Girders
Deck = 0.853 kip/ft (0.853 kip/ft per girder)
Girder Self-Wt = 50 Ib/ft (0.05 kip/ft per girder)
Stay-in-Place = 20 psf (0.14 kip/ft per girder)

Construction Excesses = 20 psf (0.14 kip/ft per girder)

- Dead Loads on the Composite Section

Wearing Surface = 15 psf (0.105 kip/ft per girder)
Barrier = 0.3 kip/ft (0.043 kip/ft per girder)

- Factored Moment and Shears

Taken at centerline of bridge

Table A.1: Interior girder factored moments and shears

A.1.3 Interior Girder Composite Section Properties
- Effective Deck Flange Width
Effective Flange Width = 7 ft (Girder spacing)

- Short and Long Term Section Properties (for one stud per rib)
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Interior Moment Envelope
Strength 1 Service I Service 11 Fatigue
Dead Load| Barrier Wearing | Live Load | 1.25DL+1.50 DL+WS+ .
WS+1.75LL DL+WS+LL | 30LL 0.75Fatigue
133.10 4.82 11.81 301.28 717.36 451.01 541.40 68.45
Interior Shear Envelope

Dead Load| Barrier Wearing | Live Load Strength I Service I | Service II

(Kips) (Kips) (kips) (kips) 1.25DL+1.50 DILA+WSHLL DL+WS+

s P P P | ws+1.75LL 1.30LL
17.75 0.64 1.58 56.17 123.65 76.14 92.99




Table A.2: Composite Section Properties

Property Short Term Long Term
Iy grans (in.%) 4476 3432
Shor girder (in.) 187.6 165.2
Stop girder (in.) 1070.6 3693.6

A.1.4 Constructability Check

- Flexure = based on Continuous Bracing Condition
Construction Loading = 166.4 kip-ft
fou = 21.1 ksi (largest stress in the compression flange under construction loading)
Resistance = ¢, R, F,, =50ksi ..OK

- Shear
Construction Loading = 22.2 kips
D/t =519 .C=10

@V =2174kips ..OK

A.1.5 Service Limit State
- Stress Limits
Bottom Flange = 47.5 ksi
Top Flange = 47.5 ksi

- Service Limit Stress Check

Table A.3: Service limit state stress check

Bottom Flange
Load Moment Seif bot Stress
Dead 1597.22 94.50 16.90
Barrier 57.86 165.22 0.35
Wearing Surface| 141.75 165.22 0.86
Live 4699.94 187.63 25.05
> 43.16  ksi

Bottom Flange Limit =47.5 ksi > Total Service Stress =43.16 ksi .. OK
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A.1.6 Fatigue Limit State
- Stress Range

ADTTygp, = 2550 Trucks/day

N = number of cycles in structure life = 164250000 cycles

A = 4400000000 ksi’
(A/N)'? =2.992 ksi
(Af) =4.377 ksi
- Fatigue Resistance
Based on Fatigue Category A
(AF)h = 24 ksi
0.5(AF)tu = 12 ksi > (Af) =4.377 ksi ..OK

A.1.7 Shear Stud Required Fatigue Pitch
- Background Calculations
N = 164250000 cycles
Z,=2.105 kips
Iy = 4476 in.*
Q=213.21in.}
Distribution Factor = 0.568
Load Factor = 0.75
Number of Studs/Row =1
- Required Shear Stud Spacing

Table A.4: Required shear stud fatigue spacing — 1 stud per rib

Location (ft) Max. Pos. Shear | Factored Pos. |Max. Neg. Shear] Factored Neg. Range Pitch (in.)
0 36.27 23.67 4.27 0 17.76 2.49
3 32.27 21.06 0.27 0 15.80 2.80
6 28.27 18.45 -3.73 -2.44 15.67 2.82
9 24.27 15.84 -7.73 -5.05 15.67 2.82
12 20.27 13.23 -11.73 -7.66 15.67 2.82
15 16.27 10.62 -15.73 -10.27 15.67 2.82

A.1.8 Strength Limit State
- Is section compact

D/t, =519 ..OK
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Fy=50ksi ..OK

(2Dep)/ty =0 ..OK

Section is compact
- Shear Check

V. =123.7 kips

@V, =2174kips ..OK
- Ductility Check

0.42D;=12.15in. > D,=2.57 in.
- Bearing Check

Based on 7 in. bearing length
Web Buckling
R, =123.65 kips
¢,R =182.40kips ..OK
Web Crippling
R, =123.65 kips
¢ R =11132kips ..NOT OK -> Bearing stiffeners required
- Bearing Stiffener Design
Use a plate 3 in. wide by 0.375 in. thick
(KL)/r=11.44
A=0.0165
R, =123.65 kips
@.P =156.04 kips
- Flexural Capacity — Partial Composite (1 stud per rib, weak side placement)
Q, =23.45 kips/stud

N = 23 studs to the point f maximum moment

>0, =539.9 kips
M, =717.4 kips

oM ,=957.7 ft-kips ..OK
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A.2 Concrete Deck Design

A.2.1 Design Moments
* Dead Load Critical Moments
- Dead loads
= Unfactored Loads

Dead loads calculated based on a 1 ft strip of deck

Waeck = 0.150(%)(1) =0.11875 k/ft

Weonst = l0oad due to construction excesses = (0.020)(1) = 0.020 k/ft
wys = load due to wearing surface = (0.020)(1) = 0.020 k/ft
Lyamier = load due to barrier = (0.3)(1) = 0.3
= Factored Loads
Use Strength I load combination: 1.25DC+1.5DW+1.75LL
wy = 1.25(.119 + 0.020) + 1.5(0.020) = 0.203 k/ft
- Results

Critical positive moments taken at the point of maximum positive moment

Critical negative moments taken at centerline of support

Analysis was performed in RISA 2D

+Mead = 0.770°"

~Mgeaa = 1.051°"

e Live Load Critical Moments

- Live loads
Live loading consists of the HL. — 93 Truck with impact loading applied
P=16(1.33)=21.3"

21.3kips  21.3 kips

Figure A.1: HL-93 truck transverse loading on bridge deck
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- Strip Widths
+M: W, =26 + 6.6s =26 + 6.6(7.0) = 72.2 in = 6.02 ft
—M: W_=48 +3.0s =48 + 3(7.0) =69 in = 5.75 ft

- Initial Unfactored results
Multiple presence factors included

Analysis preformed in RIS 2D with results reflecting maximum envelope moments

Table A.S: Deck design moments

1 Lane 2 Lanes 3 Lanes
+M -M \% +M -M \Y% +M -M \Y%

30.51 | 27.02] 25.86 30.51 | 29.38 32.83 30.87 29.38 | 28.92

All values are in kip-ft

2 Lanes loaded controls for both positive moment and shear while 3 lanes loaded controls
for negative moment

- Final live load moments

Use Strength I load combination: 1.25DC+1.5DW+1.75LL

+M,, = 1.75(%] = 17{%} — g g7kt

+

-M,, =175 M T 75 2238 _ g gge
W 5.75

¢ Design Moments

+M=+M,, ++M,, =8.97+0.770=9.74""

~M=-M,, +-M,, =8.94+1.051=9.99*"
A.2.1 Reinforcement Design and Cracking Control

¢ Reinforcement Design

- Geometric requirements
Cover: Deck Surfaces = 2.5 in. (clear)
Bottom CIP Slabs = 1 in. (clear)
Assume No. 5 bars for strength: dy, =0.625 in, A, =0.31 in.2
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dpos = 8_0.5_1.0_£22’5:6‘19 in.

dneg=8—2.5—ﬂ225:5.19in.

Smax = 1.5t = 1.5(8) = 12 in.

- Positive reinforcement
= Determine bar size and spacing

+M = 9,741t

She = section modulus of deck = ébh3 = (é}(IZ)(83 )=128in.?

f, = Concrete Modulus of Rupture = 0.37/f. =0.37+/4 =0.74 ksi

Mo = Spcf; = (128)(0.74) = 94,7250 = 7 g9kt
Min. M, = 1.2M,, =1.2(7.89) =9.74%"
min |1.33M, = 1.33(9.74)

Trial Ac= Mo = 974 _ (393452
4d  4(6.19)

Try No. 5 bars at 9 in (A = 0.41 in.*/ft)

= Check ductility and strength

_Af, (0.41)(60)
"7 085t (0.85)(4)12)

0.35d =0.35(6.19)=2.17in > 0.603 ..QK

=0.603 in.

oM, = (pAsfy[d —gj = 0.9(0.41)(60){6.19 -~ (&203)} =10.865" > Mu = 9.74%"

<. Use No. 5 bars at 9 in spacing, A, = 0.41 in.?
- Negative reinforcement
= Determine bar size and spacing
~M =9.99"

Min. M, = 1.2M,, =1.2(7.89)  =9.74%"
min | 1.33M, = 1.33(9.99)
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Trial Ac= Mo = 974 _( 460 in 2
4d  4(5.19)

Try No. 5 bars at 8 in. (A = 0.46 in.*/ft)
= Check ductility and strength

_ Af, (0.46)(60)
"7 0850 (0.85)4)12)

=0.676 in.

0.35d =0.35(5.19) =1.82in. > 0.6031in. ..QK

oM, =9A f, (d -~ gj = 0.9(0.46)(60){5. 19— [&276)} =10.04"" > M, =9.99 ™

<. Use No. 5 bars at 10 in spacing, As = 0.46 in.”
- Secondary reinforcement

= Determine bar size and spacing

Placed at the bottom of the slab (inside primary reinforcement)

S, =7.0 ft
220 220

= S83% > 67%, o p, =67%

Ps S. 7.0 P

A see = Ps(As pos) = 0.67(0.41) = 0.27 in/ft
-~ Use No. 4 bars at 8 in spacing, A; = 0.29 in.2

- Temperature and shrinkage reinforcement

A
Acris 0.11—2=0.1 1w =0.18 in./ft
f 60

y
Distribute reinforcement equally on both faces, Ast4s = 0.5(0.18) = 0.09 in./ft
- Use No. 4 bars at 12 in spacing (Smax)
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Secondary Primary Positive

Reinforcement Reinforcement
# @8 #H@9" 25" Top
J{ Clear Cover
g"
Solid ° ¢ ¢ ¢
Dep‘th T M \l / M M M M M X%
1" Bottom
|2:'5 o Primary Negative Clear Cover
orm . Reinforcement
Temp. and Shrinkage "
. #H @8
Reinforcement
# @ 12"

Figure A.2: Final deck reinforcement layout

¢ Control of Cracking Check

- General information

E. = 3834 ksi
n= E, :M:TS& usen=7.5
E. 3834

- Positive Moment Region (Service I)

M = 0.770 + 8.97 _ 5 74kt
1.25 1.75

12" NP
"} Ai=046inft

231" Z £
X

1.31"£
—
A= 041 in¥ft

6.19"

Figure A.3: Positive moment crack control cross-section

= Cracked section analysis
Assume the top steel is in tension
0.5bx” =nA_(d'—x)+nA_(d-x)
0.5(12)x* = (7.5)(0.46)(2.31—x)+(7.5)(0.41)(6.19 — x)
x=1.65in < 23lin .. Assumption OK

bx*

+nA, (d'—X)2 +nA, (d- x)2

Icr =
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3
I, =w +(7.5)(0.46)(2.31-1.65)" +(7.5)(0.41)(6.19 - 1.65)°
I = 82.85 in.*/ft

= Calculate maximum spacing

. (Myj_ (7.5)(5.74)(12)(6.19-1.65)
ST 82.85

cr

=28.31 ksi

Ye=0.75 (Class 2 Exposure)
d.=1.311n.

1+ . +
0.7(8-4d,) 0.7(8-1.31)

g - 7007, _ (700)(0.75)
"B (1.28)(28.31)

B = d L3108

=1449in > S=9in. - OK

Positive reinforcement provided is sufficient for control of cracking

- Negative Moment Region (Service 1)
M= 1.051 N 8.94) _ 5 g5kt
1.25 1.75

A 046 it

2.31" £
X

1.31" 5.19"
|t |
Al=0.41 in¥ft

Figure A.4: Negative moment crack control cross-section

= Cracked section analysis
Assume the bottom steel is in compression
0.5bx*> =—(n-1)A.(x —d')+nA (d—x)

0.5(12)x* = —(7.5-1)(0.41)(x = 1.31)+(7.5)(0.46)(5.19 — x)
x=1441in. > 131in. .. Assumption OK
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3
L. :b%+ nA (x—d') +nA (d—x)

L, =w+ (7.5-1)0.41)1.44-1.31) +(7.5)(0.46)(6.19 —1.44)

I, = 89.83 in.*/ft

= Calculate maximum spacing

(Myj _ (7.5)(5.95)(12)(5.19-1.44) _ 2235 ksi
I 89.83

cr

f =n

S

ve=1.0 (Class 1 Exposure)
d.=2.311n.

d 2.31

¢ = 1 ¢ =1+ =1.58
P 0.7(8-2.31)

+
0.7(8-d,)

Sy = 1000 _ (T0ONLO) ey o So10in. oK

B.f.  (1.58)(22.35)

Negative reinforcement provided is sufficient for control of cracking

* Shear Design

- Two way shear (punching shear)

= Determine tire patch area

W= 1My P 75033 10 ) 21490 in.
100 \ 2.5 25

d=6.69 in.
b, =20+ 6.69 + 14.9 + 6.69 = 48.28 in.

= Determine shear capacity of slab

d, = TtoC= 6.19-0.5(2.31) =5.04 in. 2> dy= 5.04in.
0.9d. =0.9(6.19) =5.57 in.
min | 0.72h =0.72(8) =5.76 in.
Bc = ratio of long side to short side of tire patch =M =1.24
(14.9+6.69)
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V.= (0.063 + O'g%j\/ﬂ b.d, = (0.063 + 01' 12246}/1 (48.28)(5.04) =80.1*

C

= 0.126)/f, b,d, =0.12614(48.28)(5.04)=613k -V, = 613"

@Va=0.9(61.3) =55.17
Vo =(1.75)(1.33)(16) = 37.24* < ¢V,=55.17k -~ OK

Vv

cmax

- One way shear (beam shear)

= Determine tire patch area
V, =0.0316(2){/f. b,d, =0.0316(2W/4(12)(5.04) =7.64*
V. <0.25f.b.d, =0.25(4)(12)(5.04) =60.48"

oV =0.9(7.64) = 6.88"
Loads taken at d, from flange tip

Ve = (22'369 j(1.75) =6.21%
’ 6.30

V . =0.358"

u,dead

Vu=621+0358=657" < ¢V.=6.88 ..0OK

A.3 Steel Deck Design

A.3.1 Design Moments

- Design loads

g5 = weight of solid slab = (150)(%) =100 psf

qr = weight of concrete in flutes = (150)(%) =12.5 psf

q. = construction load = 50 psf
qr = weight of 20 gage form = 2.25 psf
wi= (g, +q, +q. +q, (1 ft)=(100+12.5+50+2.25)1 ft) = 164.75 Ib/ft
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- Design Moments
= Moments calculated using RISA 2D
Design Span =7 ft

Figure A.S: RISA 2D moment graphic output for steel deck

+Mmax = 436 1b-ft = 5232 in.-1b
—Mmax = =741 Ib-ft = —8892 in.-1b
A.3.2 Stress Checks
- Allowable stress
fa=36000 psi
- Resisting moment
S, = section modulus of form = 0.457 in’

M, =f,S,=(36000)0.457) = 16452 in-lb

A.3.3 Deflection Checks
- Allowable deflection

w= U erin <0sin
800 800

- Form Deflection
I, = moment of inertia of form = 0.623 in.*
= Deflections calculated assuming simply supported to produce an upper bound

_ SwL'_ (5)(0.16475)(7)*(1728)
™ 384E]  (384)(29000)(0.623)

=0.492 in.

= Deflections calculated assuming fixed ends to produce a lower bound

oL _(016475)7) (1728)
™ 384EI (384)(29000)(0.623)

=0.099 in.

= Actual deflection will lie closer to fixed end condition, therefore deflection check is OK
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Appendix B: Fatigue Load Range Calculations

B.1 Background Information

B.1.1 AASHTO LRFD (2007) Design Equation
- Base equation

nz,

p = pitch of shear studs <

sr

n = number of shear connectors per group

Z, = fatigue resistance of an individual shear connector = o d ’> (%)d 2

o =345-4.28log N

d = shank diameter of shear connector

N = number of cycles in the design life

V- = horizontal fatigue shear range per unit length = (V )2 + (F fat )2

fat

V,0

Viur = longitudinal shear force per unit length = I

Q = first moment of inertia of transformed system
Vi = vertical shear force range under the fatigue load
I = second moment of inertia of transformed section

Fy, = radial fatigue shear range per unit length

B.1.1 Modified Equation for Testing
- Shear connector pitch (p) is set at the rib spacing (8 in.)
- Equation is solved for the required vertical shear range to cause failure at 1,000,000 million

cycles

* Specimen is not curved or skewed .. F,, =0

2 2 2 2 V
V, =V P+, F =, Fr0F =v,, =22
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nv, =l

" p0
- Vertical shear in shear span
P
i 0.25L ‘ 0.75L
\
! L
0.75P 0.25P
Girder Reactions
0.75P

—10.25P

Girder Vertical Shear

Figure B.1: Girder reactions and vertical shear with quarter point loading

- Load required to reach a given vertical shear

3 4

Vf :ZP 9 Prequ =§Vf

B.2 Fatigue Test 1

B.2.1 AASHTO LRFD Load Range
- Moment of Inertia
= Static strength of shear studs assuming weak side placement from AISC Steel Design

Manual (2005)
Qn = min(ins QnZ)

scC

2
A, =xr’= ”[&275) =0.6013 in.”
0, =05A_+/fE. =0.50.6013),/(5.8)(4400) =48.03 kips
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0,=R R A_F =(0.6)1.0)0.6013)65)=23.45 kips

plgtisc
Oy controls ... O, =23.45 kips
= Moment of inertia calculated using AISC Steel Design Manual (2005) equation for
effective moment of inertia with partial shear connection

I,=1I+ &(1,, —1,)=984+ M(smm ~984)=3344.14 in.*
! C, (14.7)(60)

- Individual connector shear resistance (Z,)

o =34.5-4.28log N =34.5—4.2810g(1,000,000) = 8.82

Z, =ad® =(8.82)0.875) =6.753 kips
(5_;)‘1 = (?}0875)2 =2.105kips < Z =6.753 kips ..OK

- First moment of inertia (Q)

= Value for distance to neutral axis (y;) taken from strain gauge test results
0= (y,, —%)Ag = {22.35 — (?j}Mﬂ =175.67 in.3

- Vertical shear range required

v M2l _ (1)(6.753)(3344.1)
fread = po  (8)(175.67)

=16.07 kips

- Quarter-point load required to achieve this vertical shear range

4 4 .
Povi =5V reqa = (§j16.07 =21.4 kips

req'd 3 )

- Use a load range of 25 kips/girder

= Accounts for a conservative value for I, calculated using the AISC equation

B.2.2 Load per Shear Connector
- Horizontal shear per unit length at interface

V.0 (25)0.75)175.67)
o 3344.1

X

=0.985 kips/in.
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- Force per shear connector

£, =20 B985 g e i

con
n

B.3 Fatigue Test 2
B.3.1 AASHTO LRFD Load Range
- Moment of Inertia

= Static strength of shear studs with weak side placement from AISC Steel Design
Manual (2005)

Qn = min(Qn], QnZ)

2
A =xr’= x[Mj =0.6013 in.”

Q,, =0.5A_+/f.E. =0.5(0.6013),/(5.8)(4400) =48.03 kips
Q,,=R,R A F,=(0.6)0.85)0.6013)(65)=19.93 kips
Qy2 controls ... O, =19.93 kips

= Moment of inertia calculated using AISC Steel Design Manual (2005) equation for

effective moment of inertia with partial shear connection

I,=1+ &(1,, —1,)=984+ M(5162.4—984)=4061.1 in.*
! C, (14.7)(60)

- Individual connector shear resistance (Z,)

o =34.5-4.28log N =34.5—4.2810g(1,000,000) = 8.82

Z =od* =(8.82)0.875)" = 6.753 kips

(?j‘lz B (?}0875)2 =2.105kips < Z,=6.753 kips .. OK

- First moment of inertia (Q)

= Value for distance to neutral axis (y;) taken from strain gauge test results

0= -2}, ~[23:30-(2221a7-10057 m:
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- Vertical shear range required

_nz,, _(2)(6.753)4061.1)

Viod = =35.98 kips
fregd =700 (8)(190.57) P
- Quarter-point load required to achieve this vertical shear range
4 4 .
Prequ = gvf’req.d = (§j3598 =479 klpS

B.3.2 Load per Shear Connector
- Horizontal shear per unit length at interface

_ V0 _(37.9)190.57)
I, 4061.1

=1.778 kips/in.

2

- Force per shear connector

F :ﬂzwzinz kips

con n
- Use a load range of 47.5 kips/girder

= this is at the very upper limit of the testing equipment at reasonable run rates
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Appendix C: Material Property Results

C.1 Concrete Properties

C.1.1 Concrete Compressive Strength Results
- 4 in. by 8 in. cylinders used
- Two cylinders per truck at each of 7, 14, 21, and 28 days were tested

Area= 71’ =7(2)’ = 12.566 in.

Table C.1: Concrete cylinder compressive test results

Time Truck 1 Truck 2
( d; 5 Test 1 Test 2 Average | Strength Test 1 Test 2 Average | Strength
y (Ibs) (Ibs) (Ibs) (psi) (Ibs) (Ibs) (Ibs) (psi)
0 0 0 0 0 0 0 0 0
7 51500 5300 28400 2260.0 46000 45000 45500 3620.8
14 60500 65500 63000 5013.4 65000 60000 62500 4973.6
21 64500 69000 66750 5311.8 67500 64000 65750 5232.2
28 72500 75500 74000 5888.7 64500 66000 65250 5192.4
6000
so00 R
.’g
~ 4000
<
)
c
o
n
P 3000
=
[%)]
(%2}
o
S
£ 2000
3 —e— Truck 1
-0+ Truck 2
1000 -
0 <r. T T T T T
0 5 10 15 20 25 30
Time (days)

Figure C.1: Concrete compressive strength gain
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C.1.2 Concrete Modulus Results

Table C.2: Concrete modulus results for both trucks

C.2 Steel Girder Properties

TRUCK 1
Load Displacement (x10°) in. Strain (x10°) Stress % Max Stress @ £=0.00005 (ksi) Static Modulus (ksi) Average E
(kips) # Run1 | Run2| Run3 | Run1 | Run2 | Run3 ] (ksi) Stress Run 1 Run 2 Run 3 Run 1 Run 2 Run 3
2 20 30 20 1.90 2.86 1.90 0.16 2.7% 0.31 0.26 0.27 4238.4 4482.6 4464.7 4400
4 55 65 65 524 | 619 | 6.19 | 0.32 5.4% Stress @ 40% of f' (ksi)
6 90 100 100 8.57 9.52 9.52 0.48 8.1% Run 1 Run 2 Run3
8 130 145 145 12.38 13.81 | 13.81 0.64 10.8% 2.36 2.36 2.36
10 165 180 180 15.71 17.14 | 17.14 0.80 13.5% Strain @ 40% of f' (xlO’s)
12 205 220 220 19.52 20.95 | 20.95 0.95 16.2% Run1 Run 2 Run 3
14 240 255 255 22.86 24.29 | 24.29 1.11 18.9% [53.33 51.71 51.62
16 270 300 295 25.71 28.57 | 28.10 1.27 21.6%
18 310 335 330 29.52 31.90 | 31.43 1.43 24.3%
20 345 370 370 32.86 35.24 | 35.24 1.59 27.0%
22 390 400 400 37.14 38.10 | 38.10 1.75 29.7%
24 425 440 440 40.48 41.90 | 41.90 1.91 32.4%
26 475 475 475 45.24 | 45.24 | 45.24 2.07 35.1%
TRUCK 2
Load Displacement (x10°°) in. Strain (x107) Stress % Max Stress @ £=0.00005 (ksi) Static Modulus (ksi) Average E
(kips) | Run1 | Run2 | Run3 Runl | Run2 | Run3] (ksi) Stress Run 1 Run 2 Run 3 Run 1 Run 2 Run 3 (ksi)
2 30 30 25 2.86 2.86 2.38 0.16 3.1% 0.28 0.26 0.28 3855.8 4191.9 4185.5 4100
4 60 65 60 571 | 619 | 571 ) 032 6.1% Stress @ 40% of f¢' (ksi)
6 100 95 100 9.52 9.05 9.52 0.48 9.2% Run 1 Run 2 Run 3
8 135 145 145 12.86 13.81 | 13.81} 0.64 12.3% 2.08 2.08 2.08
10 185 180 185 17.62 17.14 | 17.62 ] 0.80 15.3% Strain @ 40% of f.' (xlO’s)
12 220 225 225 20.95 21.43 | 21.43] 0.95 18.4% Run 1 Run 2 Run 3
14 270 260 265 25.71 24.76 | 25.24 1.11 21.5% 51.64 48.31 47.83
16 305 300 300 29.05 28.57 | 28.57 1.27 24.5%
18 355 335 335 33.81 31.90 | 31.90 1.43 27.6%
20 405 380 375 38.57 36.19 | 35.71 1.59 30.7%
22 445 410 415 42.38 39.05 | 39.52 1.75 33.7%
24 495 460 455 47.14 43.81 | 43.33 1.91 36.8%
26 540 505 500 51.43 48.10 | 47.62 ] 2.07 39.8%

- Three tensile coupons taken from the flange and three coupons taken from the web of one

of the steel girder drops

- All girders came from the same manufacturing heat and therefore it was decided to only

take coupons from one of the steel girder drops
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Table C.3: Steel girder coupon tensile test results

Yield Ultimate

.2 Load Stress Load Stress

Sample | Area (in )| i (ksi) (kips) (ksi)
Flange 1 0.8376 48.17 57.51 61.5 73.42
Flange 2 0.7894 46.55 58.97 61.22 77.55
Flange 3 0.7845 46.05 58.70 60.75 77.44
Web 1 0.5598 33.25 59.40 41.4 73.95

Web 2 0.5905 36.34 61.54 44.94 76.10

Web 3 0.5599 35.66 63.69 42.79 76.42

C.3 Steel Deck Properties

- Three tensile coupons taken from leftover sections of the steel deck used in the test
specimen
- Values for yield stress given are taken as the 0.2% offset value

- Values for ultimate stress given are the maximum stress achieved in each tensile coupon

Table C.4: Steel deck coupon tensile test results

Yield Ultimate
Load Stress Load Stress
S 1 in.2
ampie | Area(in) o (ksi) (Ibs) (ksi)

Coupon 1 0.0184 1781.6 96.90 1807.1 98.30
Coupon2 | 0.0184 1775.1 96.60 1797.1 97.80
Coupon3 ]| 0.0183 1762.3 96.10 1805.8 98.50
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Appendix D: Steel Deck Form as Lateral Bracing Background Calculations

D.1 Bracing Lateral Stiffness

D.1.1 Steel Deck Form Stiffness Requirements
- Calculations provided are for the test specimen, not the design bridge
- Load and resistance factors are included to provide a conservative result for design
- Required effective shear modulus for steel deck form (diaphragm)
am,-c;m)

e omds,

2
/4 7E
M, :¢L_\/(Eg1yGJ)+( 5 gj 1.,

b b

(12)(30) (12)(30)

M, = 905.41 in.-kip

M, =09 {LN [(29000)(24.9)(11153.85)(1.14)]+ {MT (24.9)(2570)

C, = 1.14 (assumed for uniform loading)

s, =(71t)(12) = 84 in.

M, = 1.25[%)[(30)(12)] 2[%) = 1760.06 in.-kip

_ 4[1760.06 — (0.814)(905.41)]
=T 0.75(0.5)(20.8)(84)

= 6.25 kip/in./rad

D.1.2 Steel Deck Form Stiffness Provided
- Form is 20 gage Strongweb provided by Wheeling Corrugating
- All formulas and values taken from the Steel Deck Institute Diaphragm Design Manual
(2004)
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2

S [ = Slip Coefficient
200 +n,0, +2n, S—f

s

E =steel deck modulus of elasticity = 29500 ksi
t = steel deck thickness = 0.0395 in.

w = steel deck cover width = 32 in.

[ = panel length = 14 ft

= structural connector flexibility = .15 _ LIS
! 1000V 1000~/0.0359

S = side-lap connector flexibility = 30 _ 3.0
' 1000V 1000+/0.0359

>x, 2(8)+2(16) _ s
w Bl 32 o

=0.006069 in./kip

S

=0.015833 in./kip

o, = end distribution factor =

- x, = distance from panel centerline to any fastener at the end support
n, = number of purloins excluding those at ends =0

n, = number of stitch connectors within length / =5

- Taken here as the number of stitch connectors between supports

C= (29500)[wj(0.006069) 2 000606 (14)(12) =9.877
2(1.5)+0+ 2(5)['}
0.015833
, Et
G =
265+ 93P o
d 1

s=2(e+w,)+ f=2(1+25)+4.1=11.1in.

- values for e, wy, and f measured from drawings of the steel deck cross-section
d =deck pitch = 8 in.
D = steel deck warping constant = 400

- estimate based on number of end fasteners deck profiles of similar geometries

[, = distance between supports = 7 ft
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o - 29500(0.0359) — 34.58 kip/in.

¥ IOREC

D.2 Bracing Lateral Strength

D.2.1 Steel Deck Form Connector Strength Requirements
- Strength requirements are based on a 5 edge fastener pattern over the cover width of 32 in.
- Correction factor for strength

G. .
C, :§+l —reqd :§+l(£j= 0.795
4 4\ G 4 4\ 34.58

prov
-Brace moment per unit length

M, =0.001 M;_I;C, 0,001 (1760.06)§3()02)g(32)(0.795)

=1.164 in.-kips/in.

- Component of brace force perpendicular to beam longitudinal axis

P _M,w, M, 1164
Y125w, 125w, 125 125

= 0.931 kips

- Component of brace force parallel to beam longitudinal axis

2 (M;,wd J _ 2(1.164)32) 0035 kips

] 5(84)5)

- Critical resultant load on a single shear connector

Fo=+(F, ) +(F, ) =+(0.931) +(0.035) =0.932 kips

D.2.1 Steel Deck Form Connector Strength Provided
- Strength of shear connector weld — Salmon and Johnson (1996)
0, =A,f, =(0.6013)(65)=39.08 kips
- Bearing and tear-out strength of steel deck form
Values calculated for the one stud per rib location because this is the more critical layout

R, =2.4dtF, = 2.4(0.875)(0.0359)(98.0) = 7.39 kips

- Bearing and tear-out controls
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Appendix E: Vertical Deflection Sample Calculations

E.1 Fatigue Test 1

E.1.1 Derivation of Equations
- Assume that all neoprene bearing pads behave linearly and compress the same amount under
the same load
- Near side supports (closest to the load) receive 75% of the total load while the far side
supports receive 25% of the total load based on statics
- Therefore, assume that the far side deflection is three times less than the near side

1
A, ==A
far 3 near

- The actual deflection in the measured dial gauge deflection minus the interpolated bearing

pad contribution derived below

P
7' _ 6”
.25P 30'-0" .15P
FAR NEAR
Aﬁl ) /
J/\J\ Adiﬁ Anear
O'SAdiff O.75Adiff -
A B S
Figure E.1: Support deflection — Fatigue Test 1
1 2
A=A —A =A ——A =ZA
diff near far near 3 near 3 near
1 1Y 2 1 2
A ==A, +A, =|=|ZA, |+-A, ==
mid 2 diff far ( 2 j( 3 near j 3 near 3 near

Aqtr = %Adlﬁ + Afar = (éj(gAnearj + lAnear = gAnear
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E.1.2 Mid-Span Sample Calculation
- Data is taken from DG 1-A at 500,000 cycles, Static Test #1

1-A value at 1 kip = 0.1872 in.
1-A value at 51 kip = 0.3563 in.
A,_,=0.3563-0.1872=0.1691 in.
S-1 value at 1 kip = 0.5471 in.
S-1 value at 51 kip = 0.4963 in.
A, =0.5471-0.4963 =0.0508 in.

near

A, =EA =(%)0.0508=0.0339 in.

mid 3 near

Aoy =0.1691-0.0339 =0.1352 in.

E.1.3 Quarter-Span Sample Calculation
- Data is taken from DG 1-B at 500,000 cycles, Static Test #1

1-B value at 1 kip = 0.0288 in.

1-B value at 51 kip = 0.1896 in.

A, ; =0.1896 -0.0288 =0.1608 in.

S-1 value at 1 kip = 0.5471 in.

S-1 value at 51 kip = 0.4963 in.

A, ... =0.5471-0.4963 =0.0508 in.

near

A, = %Am, = (%jo.osog =0.0423 in.

Aoy =0.1608—0.0423 =0.1185 in.

E.2 Fatigue Test 2

E.2.1 Derivation
- Data taken from both supports

- Same process as above, however load is now closer to far side
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7-6'
775P 30'-0" 25P
NEAR FAR
-
D ﬂ /H Sb
R 075/ yy 05
S B A

Figure E.2: Support deflection — Fatigue Test 2

E.2.2 Mid-Span Deflection Calculation
- Data is taken from DG 1-A at 500,000 cycles, Static Test #1
1-A value at 1 kip = 0.2020 in.
1-A value at 96 kip = 0.5501 in.
A,_, =0.5501-0.2020 =0.3481 in.
S-1 value at 1 kip = 0.6201 in.
S-1 value at 96 kip = 0.4536 in.

A, =0.6201-0.4536 =0.1582 in.

S-1b value at 1 kip = 0.3039 in.
S-1b value at 96 kip = 0.2670 in.
A .. =0.3039-0.2670 =0.0369 in.

near

near

Avg = %Ad,ﬂ +A,, = Gj(o. 1582 —0.0369)+ 0.0369 = 0.0976 in.

Ar_pay =0.3481-0.0976 = 0.2505 in.
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E.2.2 Quarter-Span Deflection Calculation
- Data is taken from DG 1-B at 500,000 cycles, Static Test #1
1-B value at 1 kip = 0.1424 in.
1-B value at 96 kip = 0.4861 in.
A, =0.4861-0.1424 =0.3437 in.
S-1 value at 1 kip = 0.6201 in.
S-1 value at 96 kip = 0.4536 in.

A, =0.6201-0.4536 =0.1582 in.

S-1b value at 1 kip = 0.3039 in.
S-1b value at 96 kip = 0.2670 in.
A . =0.3039-0.2670 =0.0369 in.

near

near

A = %Ad,ﬂ + A, = Gj(o. 1582 -0.0369) +0.0369 =0.1279 in.

Aoy =0.3437-0.1279 =0.2158 in.
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Appendix F: Fatigue Testing Results

F.1 Fatigue Test 1

F.1.1 Deflection Results

Table F.1: Deflection results for Girders 1 and 2 in Fatigue Test 1

Cycle DG 1-A DG 1-B DG 2-A DG 2-B

1 Deflection (in.) -0.1316 -0.1148 -0.1309 -0.1147
% Change 0.00% 0.00% 0.00% 0.00%

10 Deflection (in.) -0.1328 -0.1151 -0.1314 -0.1152
% Change 0.90% 0.34% 0.38% 0.40%

100 Deflection (in.) -0.1322 -0.1148 -0.1313 -0.1154
% Change 0.46% 0.00% 0.37% 0.58%

1000 Deflection (in.) -0.1326 -0.1148 -0.1315 -0.1153
% Change 0.76% 0.04% 0.51% 0.53%

10000 Deflection (in.) -0.1337 -0.1156 -0.1329 -0.1158
% Change 1.56% 0.76% 1.57% 0.96%

50000 Deflection (in.) -0.1324 -0.1157 -0.1335 -0.1160
% Change 0.61% 0.79% 1.98% 1.15%

100000 Deflection (in.) -0.1333 -0.1166 -0.1348 -0.1161
% Change 1.27% 1.58% 3.00% 1.22%

200000 Deflection (in.) -0.1329 -0.1161 -0.1356 -0.1175
% Change 0.95% 1.21% 3.63% 2.44%

300000 Deflection (in.) -0.1342 -0.1171 -0.1362 -0.1177
% Change 1.93% 2.08% 4.06% 2.58%

400000 Deflection (in.) -0.1346 -0.1177 -0.1368 -0.1183
% Change 2.25% 2.55% 4.51% 3.10%

500000 Deflection (in.) -0.1352 -0.1184 -0.1367 -0.1189
% Change 2.69% 3.17% 4.46% 3.64%

600000 Deflection (in.) -0.1359 -0.1192 -0.1377 -0.1194
% Change 3.21% 3.85% 5.19% 4.08%

700000 Deflection (in.) -0.1376 -0.1201 -0.1381 -0.1195
% Change 4.57% 4.69% 5.50% 4.18%

800000 Deflection (in.) -0.1370 -0.1193 -0.1384 -0.1204
% Change 4.05% 3.95% 5.73% 4.93%

900000 Deflection (in.) -0.1374 -0.1199 -0.1371 -0.1205
% Change 4.38% 4.44% 4.76% 5.00%

1000000 Deflection (in.) -0.1370 -0.1200 -0.1381 -0.1209
% Change 4.08% 4.58% 5.54% 5.41%

1150000 Deflection (in.) -0.1375 -0.1205 -0.1387 -0.1223
% Change 4.42% 4.97% 5.98% 6.57%

1200000 Deflection (in.) -0.1382 -0.1208 -0.1397 -0.1230
% Change 4.99% 5.30% 6.77% 7.25%
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F.1.2 Slip Results

Table F.2: Interface slip results for Girders 1 and 2 in Fatigue Test 1

Cycle DG1-A LVDT1-B | LVDT1-C | LVDT2-A | LVDT2-B | LVDT 2-C

1 Slip (in.) -0.0011 -0.0015 -0.0011 -0.0011 -0.0016 -0.0013
% Change 0.00% 0.00% 0.00% 0.00% 0.00% 0.00%

10 Slip (in.) -0.0013 -0.0015 -0.0011 -0.0011 -0.0016 -0.0013
% Change 17.65% 0.23% -2.75% -2.63% -1.66% 0.00%

100 Slip (in.) -0.0013 -0.0014 -0.0011 -0.0011 -0.0016 -0.0013
% Change 14.71% -1.82% -2.75% -1.75% -0.83% 0.00%

1000 Slip (in.) -0.0012 -0.0015 -0.0011 -0.0011 -0.0016 -0.0013
% Change 8.82% 0.91% -0.31% -6.14% -0.42% 0.00%

10000 Slip (in.) -0.0012 -0.0016 -0.0012 -0.0011 -0.0017 -0.0014
% Change 8.82% 8.41% 11.01% 0.58% 6.03% 9.52%

50000 Slip (in.) -0.0012 -0.0016 -0.0013 -0.0012 -0.0017 -0.0014
% Change 8.82% 9.09% 16.51% 4.39% 7.48% 14.29%

100000 Slip (in.) -0.0011 -0.0016 -0.0012 -0.0012 -0.0017 -0.0014
% Change 0.00% 8.41% 11.01% 8.77% 4.99% 7.14%

200000 Slip (in.) -0.0012 -0.0016 -0.0012 -0.0012 -0.0017 -0.0014
% Change 5.88% 7.73% 7.95% 8.48% 8.52% 7.14%

300000 Slip (in.) -0.0011 -0.0016 -0.0012 -0.0013 -0.0018 -0.0015
% Change -5.88% 8.64% 14.37% 12.28% 13.31% 15.87%

400000 Slip (in.) -0.0011 -0.0016 -0.0012 -0.0013 -0.0019 -0.0015
% Change -2.94% 9.32% 12.84% 11.40% 20.17% 16.67%

500000 Slip (in.) -0.0011 -0.0016 -0.0013 -0.0013 -0.0020 -0.0015
% Change -2.94% 10.23% 16.51% 11.40% 23.28% 21.43%

600000 Slip (in.) -0.0011 -0.0017 -0.0012 -0.0013 -0.0021 -0.0016
% Change 0.00% 12.95% 12.84% 11.40% 29.31% 28.57%

700000 Slip (in.) -0.0011 -0.0017 -0.0013 -0.0013 -0.0022 -0.0017
% Change 0.00% 13.18% 16.51% 14.91% 37.01% 35.71%

800000 Slip (in.) -0.0013 -0.0017 -0.0013 -0.0014 -0.0024 -0.0020
% Change 14.71% 15.91% 22.02% 21.35% 49.06% 54.76%

900000 Slip (in.) -0.0013 -0.0017 -0.0013 -0.0014 -0.0025 -0.0021
% Change 17.65% 18.18% 19.27% 19.88% 56.96% 69.05%

1000000 Slip (in.) -0.0013 -0.0018 -0.0013 -0.0014 -0.0026 -0.0022
% Change 11.76% 20.45% 22.02% 19.30% 60.50% 71.43%

1150000 Slip (in.) -0.0014 -0.0019 -0.0014 -0.0015 -0.0028 -0.0025
% Change 26.47% 26.14% 30.28% 33.92% 75.68% 96.03%

1200000 Slip (in.) -0.0016 -0.0019 -0.0014 -0.0016 -0.0029 -0.0027

% Change 38.24% 29.55% 30.28% 38.60% 81.29% 110.32%
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F.1.3 Strain Results

Table F.3: Strain gauge results for Girder 1 in Fatigue Test 1

Cycle SG1-1 SG1-2 SG1-3 SG1-4 SG1-5 SG1-6 SG1-7

1 Strain (pe) 270.4 203.4 147.0 90.1 25.6 208.8 151.1

% Change 0.00% 0.00% 0.00% 0.00% 0.00% 0.00% 0.00%

10 Strain (pe) 270.6 204.2 147.6 90.4 27.2 210.2 152.3
% Change 0.06% 0.39% 0.44% 0.35% 6.21% 0.68% 0.84%

100 Strain (pe) 270.9 204.2 147.8 90.2 26.2 210.2 152.0
% Change 0.18% 0.39% 0.54% 0.17% 2.49% 0.69% 0.63%

1000 Strain (pe) 270.4 203.7 147.1 90.2 26.2 2104 151.7
% Change 0.00% 0.16% 0.11% 0.17% 2.47% 0.76% 0.42%

10000 Strain (pe) 272.8 204.2 147.0 89.4 223 210.2 151.4
% Change 0.88% 0.39% 0.00% -0.71% -13.07% 0.69% 0.21%

50000 Strain (pe) 271.9 203.6 146.2 88.3 21.3 209.4 150.4
% Change 0.53% 0.08% -0.54% -1.94% -16.78% 0.30% -0.42%

100000 Strain (pe) 274.1 205.0 147.0 88.3 20.4 211.0 151.7
% Change 1.35% 0.78% 0.00% -1.94% -20.50% 1.06% 0.42%

200000 Strain (pe) 273.9 204.5 146.5 87.5 20.0 210.5 151.7
% Change 1.30% 0.55% -0.32% 2.82% -21.75% 0.84% 0.42%

300000 Strain (pe) 275.7 206.1 147.3 87.7 19.4 211.8 151.9
% Change 1.94% 1.33% 0.22% -2.65% -24.24% 1.45% 0.53%

400000 Strain (pe) 2717.6 207.2 147.8 88.1 18.9 212.9 152.8
% Change 2.65% 1.88% 0.54% -2.13% -26.11% 1.98% 1.16%

500000 Strain (pe) 279.2 208.8 148.9 88.6 19.1 214.7 153.8
% Change 3.23% 2.66% 1.30% -1.59% -25.46% 2.82% 1.79%

600000 Strain (pe) 280.1 209.6 149.0 88.8 18.8 215.3 154.1
% Change 3.59% 3.05% 1.41% -1.42% -26.75% 3.12% 2.00%

700000 Strain (pe) 281.6 210.2 149.7 88.8 18.1 216.1 154.9
% Change 4.12% 3.37% 1.84% -1.42% -29.21% 3.51% 2.52%

800000 Strain (pe) 281.1 209.8 149.3 88.5 17.5 215.8 154.7
% Change 3.94% 3.13% 1.62% -1.77% -31.71% 3.35% 2.42%

900000 Strain (pe) 280.9 209.6 148.9 87.8 17.0 215.6 154.6
% Change 3.88% 3.05% 1.30% -2.48% -33.55% 3.27% 2.31%

1000000 | Strain (pe) 281.6 209.6 149.0 88.0 16.9 215.8 153.9
% Change 4.12% 3.05% 1.41% -2.30% -34.17% 3.35% 1.89%

1150000 | Strain (pe) 283.0 211.0 149.8 88.0 16.7 217.0 155.2
% Change 4.64% 3.75% 1.95% -2.31% -34.79% 3.95% 2.73%

1200000 | Strain (pe) 283.3 210.6 149.5 87.7 16.4 216.7 154.4
% Change 4.76% 3.52% 1.73% -2.65% -36.04% 3.80% 2.20%
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Table F.4: Strain gauge results for Girder 2 in Fatigue Test 1

Cycle SG2-1 SG2-2 SG2-3 SG2-4 SG2-5 SG2-6 SG2-7
1 Strain (ug) 283.5 210.5 160.0 92.9 23.9 214.6 154.4

% Change 0.00% 0.00% 0.00% 0.00% 0.00% 0.00% 0.00%

10 Strain (g) 284.0 211.3 160.2 93.4 239 214.9 155.8
% Change 0.17% 0.38% 0.10% 0.52% 0.00% 0.15% 0.93%

100 Strain (ug) 284.0 210.9 160.4 93.5 23.6 215.1 155.6
% Change 0.17% 0.16% 0.20% 0.68% -1.34% 0.22% 0.82%

1000 Strain (ug) 284.0 211.3 160.0 93.5 23.0 2154 155.6
% Change 0.17% 0.38% 0.00% 0.69% -3.99% 0.37% 0.82%

10000 Strain (g) 285.4 212.1 160.5 922 20.7 216.0 155.2
% Change 0.68% 0.76% 0.30% -0.69% -13.34% 0.67% 0.52%

50000 Strain (ug) 285.7 212.0 160.0 91.4 20.1 216.0 154.7
% Change 0.79% 0.69% 0.00% -1.54% -16.01% 0.67% 0.21%

100000 Strain (pg) 289.7 214.2 161.5 922.1 19.6 218.6 156.4
% Change 2.20% 1.74% 0.90% -0.86% -18.00% 1.86% 1.34%

200000 Strain (ug) 289.7 214.4 161.3 91.8 19.6 218.6 156.0
% Change 2.20% 1.82% 0.80% -1.20% -18.02% 1.86% 1.03%

300000 Strain (ug) 292.3 215.5 161.8 91.6 17.5 219.7 156.6
% Change 3.10% 2.35% 1.10% -1.37% -26.67% 2.38% 1.44%

400000 Strain (€) 293.7 216.4 162.4 91.4 16.6 220.8 157.4
% Change 3.61% 2.81% 1.49% -1.55% -30.69% 2.90% 1.95%

500000 Strain (ug) 295.5 217.4 163.4 91.6 16.9 221.8 157.9
% Change 4.23% 3.26% 2.09% -1.37% -29.35% 3.35% 2.27%

600000 Strain (g) 296.0 218.2 163.1 91.6 16.4 2223 158.0
% Change 4.40% 3.63% 1.89% -1.37% -31.35% 3.57% 2.36%

700000 Strain (g) 297.1 218.5 163.4 90.8 15.3 222.8 157.7
% Change 4.80% 3.79% 2.09% -2.24% -35.99% 3.80% 2.16%

800000 Strain (ug) 295.3 217.2 161.6 89.4 14.8 220.8 156.4
% Change 4.17% 3.18% 0.99% -3.78% -38.02% 2.90% 1.33%

900000 Strain (g) 295.6 216.6 161.1 88.3 14.3 220.5 155.6
% Change 4.29% 2.88% 0.69% -4.98% -40.02% 2.76% 0.82%

1000000 Strain (ug) 294.9 216.0 160.4 88.1 13.2 220.0 155.0
% Change 4.01% 2.58% 0.20% -5.15% -44.69% 2.53% 0.41%

1150000 Strain (g) 298.4 218.0 160.8 86.5 8.8 221.6 155.3
% Change 5.24% 3.56% 0.49% -6.88% -63.32% 3.27% 0.61%

1200000 Strain (g) 298.7 217.7 160.2 85.4 7.8 221.5 155.2
% Change 5.36% 3.41% 0.09% -8.07% -67.34% 3.20% 0.51%
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Table F.5: Calculated elastic neutral axis for Girders 1 and 2 in Fatigue Test 1

Cycle GIRDER 1 GIRDER 2
1 ENA (in.) 22.38 22.19
% Change 0.00% 0.00%
10 ENA (in.) 22.49 22.20
% Change 0.51% 0.07%
100 ENA (in.) 22.42 22.19
% Change 0.19% 0.01%
1000 ENA (in.) 22.43 21.96
% Change 0.21% -1.03%
10000 ENA (in.) 22.11 21.82
% Change -1.21% -1.66%
50000 ENA (in.) 22.03 21.89
% Change -1.57% -1.36%
100000 ENA (in.) 21.94 21.82
% Change -1.97% -1.66%
200000 ENA (in.) 21.90 21.80
% Change -2.17% -1.73%
300000 ENA (in.) 21.83 21.65
% Change -2.45% -2.43%
400000 ENA (in.) 21.79 21.58
% Change -2.63% -2.75%
500000 ENA (in.) 21.80 21.57
% Change -2.61% -2.77%
600000 ENA (in.) 21.77 21.54
% Change -2.75% -2.92%
700000 ENA (in.) 21.71 21.44
% Change -2.98% -3.37%
800000 ENA (in.) 21.68 21.39
% Change -3.15% -3.61%
900000 ENA (in.) 21.63 21.31
% Change -3.36% -3.93%
1000000 ENA (in.) 21.61 21.26
% Change -3.44% -4.17%
1150000 ENA (in.) 21.59 20.95
% Change -3.55% -5.57%
1200000 ENA (in.) 21.55 20.87
% Change -3.73% -5.95%
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F.2 Fatigue Test 2

F.2.1 Deflection Results
Table F.6: Deflection results for Girders 1 and 2 in Fatigue Test 2

Cycle DG1-A DG1-B DG2-A DG2-B
1 Deflection (in.) -0.2476 -0.2106 -0.2566 -0.2168

% Change 0.00% 0.00% 0.00% 0.00%

10 Deflection (in.) -0.2477 -0.2110 -0.2537 -0.2153
% Change 0.03% 0.15% -1.11% -0.71%

100 Deflection (in.) -0.2477 -0.2113 -0.2565 -0.2169
% Change 0.04% 0.32% -0.02% 0.02%

1000 Deflection (in.) -0.2481 -0.2116 -0.2592 -0.2185
% Change 0.20% 0.47% 1.01% 0.80%

10000 Deflection (in.) -0.2525 -0.2161 -0.2584 -0.2233
% Change 1.99% 2.60% 0.70% 3.01%

50000 Deflection (in.) -0.2548 -0.2192 -0.2590 -0.2256
% Change 2.93% 4.05% 0.95% 4.06%

100000 Deflection (in.) -0.2591 -0.2230 -0.2697 -0.2330
% Change 4.65% 5.88% 5.09% 7.45%

200000 Deflection (in.) -0.2537 -0.2185 -0.2654 -0.2291
% Change 2.48% 3.71% 3.45% 5.68%

300000 Deflection (in.) -0.2509 -0.2157 -0.2628 -0.2273
% Change 1.33% 2.43% 2.43% 4.84%

400000 Deflection (in.) -0.2512 -0.2163 -0.2644 -0.2288
% Change 1.45% 2.71% 3.03% 5.53%

500000 Deflection (in.) -0.2508 -0.2158 -0.2647 -0.2291
% Change 1.29% 2.46% 3.17% 5.67%

600000 Deflection (in.) -0.2531 -0.2178 -0.2665 -0.2312
% Change 2.24% 3.41% 3.85% 6.65%

700000 Deflection (in.) -0.2541 -0.2188 -0.2671 -0.2313
% Change 2.65% 3.85% 4.10% 6.67%

800000 Deflection (in.) -0.2553 -0.2207 -0.2671 -0.2319
% Change 3.10% 4.77% 4.09% 6.96%

900000 Deflection (in.) -0.2530 -0.2185 -0.2656 -0.2308
% Change 2.19% 3.71% 3.51% 6.45%

1000000 Deflection (in.) -0.2600 -0.2247 -0.2727 -0.2372
% Change 5.01% 6.68% 6.28% 9.41%

1100000 Deflection (in.) -0.2586 -0.2236 -0.2708 -0.2366
% Change 4.44% 6.17% 5.52% 9.14%

1200000 Deflection (in.) -0.2593 -0.2247 -0.2710 -0.2371
% Change 4.74% 6.69% 5.63% 9.37%
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F.2.2 Slip Results

Table F.7: Interface slip results for Girders 1 and 2 in Fatigue Test 2

Cycle LVDT1-A | LVDT1-B | LVDT1-C | LVDT2-A | LVDT2-B | LVDT 2-C

1 Slip (in.) -0.0006 -0.0022 -0.0019 -0.0010 -0.0023 -0.0025
% Change 0.00% 0.00% 0.00% 0.00% 0.00% 0.00%

10 Slip (in.) -0.0007 -0.0022 -0.0019 -0.0010 -0.0024 -0.0026
% Change 5.79% 1.06% -0.69% 3.01% 3.17% 1.31%

100 Slip (in.) -0.0006 -0.0022 -0.0021 -0.0010 -0.0024 -0.0026
% Change 1.58% 0.30% 6.22% 0.00% 1.59% 2.49%

1000 Slip (in.) -0.0007 -0.0023 -0.0023 -0.0010 -0.0025 -0.0028
% Change 5.79% 5.30% 17.62% 2.68% 7.78% 9.55%

10000 Slip (in.) -0.0007 -0.0024 -0.0027 -0.0011 -0.0025 -0.0032
% Change 16.84% 9.38% 40.93% 13.71% 9.51% 26.83%

50000 Slip (in.) -0.0008 -0.0022 -0.0031 -0.0013 -0.0025 -0.0036
% Change 29.47% -0.45% 59.59% 32.11% 6.05% 39.79%

100000 Slip (in.) -0.0009 -0.0022 -0.0032 -0.0013 -0.0024 -0.0037
% Change 42.11% -2.42% 64.25% 32.44% 5.48% 44.50%

200000 Slip (in.) -0.0009 -0.0021 -0.0033 -0.0014 -0.0024 -0.0038
% Change 48.42% -4.24% 68.39% 35.45% 3.75% 48.04%

300000 Slip (in.) -0.0009 -0.0021 -0.0034 -0.0014 -0.0024 -0.0039
% Change 48.42% -4.69% 73.58% 39.46% 3.75% 51.57%

400000 Slip (in.) -0.0010 -0.0021 -0.0034 -0.0014 -0.0026 -0.0040
% Change 50.00% -2.87% 78.24% 43.48% 10.23% 55.10%

500000 Slip (in.) -0.0010 -0.0022 -0.0036 -0.0015 -0.0026 -0.0041
% Change 50.53% 0.15% 85.84% 47.83% 13.69% 62.17%

600000 Slip (in.) -0.0010 -0.0023 -0.0037 -0.0015 -0.0028 -0.0043
% Change 56.84% 5.14% 90.67% 50.50% 20.03% 69.24%

700000 Slip (in.) -0.0010 -0.0024 -0.0039 -0.0016 -0.0029 -0.0044
% Change 61.05% 9.38% 101.55% 57.19% 26.22% 73.95%

800000 Slip (in.) -0.0011 -0.0025 -0.0042 -0.0016 -0.0033 -0.0047
% Change 71.58% 13.16% 115.89% 59.53% 42.22% 85.73%

900000 Slip (in.) -0.0011 -0.0026 -0.0045 -0.0017 -0.0037 -0.0050
% Change 73.68% 18.76% 131.61% 68.23% 59.08% 97.51%

1000000 Slip (in.) -0.0012 -0.0028 -0.0048 -0.0017 -0.0040 -0.0054

% Change 86.32% 27.23% 147.15% 66.89% 72.48% 110.47%

1100000 Slip (in.) -0.0012 -0.0032 -0.0053 -0.0018 -0.0044 -0.0057

% Change 96.84% 44.33% 173.58% 75.92% 88.04% 124.61%

1200000 Slip (in.) -0.0013 -0.0034 -0.0057 -0.0018 -0.0047 -0.0061

% Change 111.58% 56.13% 195.34% 80.60% 101.01% 139.92%
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F.2.3 Strain Results

Table F.8: Strain gauge results for Girder 1 in Fatigue Test 2

Cycle SG3-1 SG3-2 SG3-3 SG34 SG 3-5 SG 3-6 SG 3-7
1 Strain (pe) 515.6 404.3 292.0 177.2 38.0 392.0 295.0

% Change 0.00% 0.00% 0.00% 0.00% 0.00% 0.00% 0.00%

10 Strain (pe) 516.2 404.1 291.8 176.8 36.9 392.3 295.0
% Change 0.12% -0.04% -0.05% -0.18% -2.94% 0.08% 0.00%

100 Strain (pe) 516.5 404.8 292.8 176.8 36.2 392.1 295.2
% Change 0.19% 0.12% 0.27% -0.18% -4.61% 0.04% 0.06%

1000 Strain (pe) 517.5 404.3 290.6 174.8 32.6 392.0 294.2
% Change 0.38% 0.00% -0.49% -1.35% -14.23% 0.00% -0.27%

10000 Strain (pe) 524.4 408.6 292.6 173.5 259 396.4 296.0
% Change 1.71% 1.07% 0.22% -2.06% -31.80% 1.14% 0.32%

50000 Strain (pe) 529.3 411.3 293.1 171.9 20.5 398.5 296.3
% Change 2.67% 1.74% 0.38% -2.97% -46.03% 1.67% 0.43%

100000 Strain (pe) 536.2 416.6 296.3 172.9 19.2 403.9 300.1
% Change 4.01% 3.04% 1.47% -2.43% -49.37% 3.05% 1.73%

200000 Strain (pe) 523.9 406.5 287.9 167.5 17.2 393.9 292.2
% Change 1.62% 0.55% -1.42% -5.48% -54.83% 0.49% -0.97%

300000 Strain (pe) 518.6 401.7 286.0 165.5 17.2 389.6 287.9
% Change 0.60% -0.63% -2.07% -6.55% -54.81% -0.61% -2.42%

400000 Strain (pe) 517.6 400.9 284.4 163.6 15.3 388.6 287.1
% Change 0.40% -0.83% -2.62% -7.64% -59.84% -0.86% -2.69%

500000 Strain (pe) 516.7 399.8 283.1 162.8 14.3 387.2 286.1
% Change 0.22% -1.11% -3.06% -8.08% -62.34% -1.22% -3.02%

600000 Strain (pe) 521.0 403.2 284.7 162.8 14.0 390.4 287.7
% Change 1.06% -0.27% -2.50% -8.08% -63.19% -0.40% -2.47%

700000 Strain (pe) 522.1 403.8 285.2 162.2 12.9 391.3 287.9
% Change 1.28% -0.12% -2.34% -8.44% -66.12% -0.16% 2.42%

800000 Strain (pe) 524.1 405.2 285.0 161.1 9.7 392.3 287.9
% Change 1.65% 0.24% -2.40% -9.07% -74.48% 0.08% -2.43%

900000 Strain (pe) 517.6 399.7 280.1 157.3 7.2 386.8 2834
% Change 0.41% -1.15% -4.09% -11.23% -81.18% -1.30% -3.93%

1000000 | Strain (pe) 531.3 409.3 287.9 161.6 7.5 396.7 290.3
% Change 3.05% 1.23% -1.41% -8.80% -80.33% 1.22% -1.61%

1100000 | Strain (ne) 528.9 407.3 285.0 158.2 3.7 394.4 287.7
% Change 2.59% 0.76% -2.39% -10.69% -90.38% 0.62% 2.47%

1200000 | Strain (pe) 533.0 409.4 284.5 156.0 -1.4 396.3 287.9
% Change 3.39% 1.26% -2.56% -11.94% | -103.76% 1.10% -2.42%
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Table F.9: Strain gauge results for Girder 2 in Fatigue Test 2

Cycle SG4-1 SG4-2 SG4-3 SG4-4 SG4-5 SG4-6 SG4-7
1 Strain (pg) 533.2 408.9 303.7 195.3 44.7 401.3 294.7

% Change 0.00% 0.00% 0.00% 0.00% 0.00% 0.00% 0.00%

10 Strain (pg) 533.4 409.4 303.9 195.0 44.4 401.7 294.8
% Change 0.03% 0.12% 0.05% -0.16% -0.71% 0.12% 0.05%

100 Strain (pg) 534.6 409.5 304.4 195.0 43.6 402.1 295.0
% Change 0.27% 0.16% 0.21% -0.16% -2.50% 0.20% 0.11%

1000 Strain (ug) 536.3 410.0 304.2 194.4 40.1 402.9 295.0
% Change 0.57% 0.28% 0.16% -0.49% -10.32% 0.40% 0.11%

10000 Strain (ug) 545.4 416.9 306.8 193.6 34.2 408.6 297.8
% Change 2.29% 1.96% 1.00% -0.90% -23.48% 1.83% 1.08%

50000 Strain (ug) 550.2 419.0 307.3 190.8 28.9 411.0 298.0
% Change 3.19% 2.47% 1.16% -2.29% -35.24% 2.43% 1.13%

100000 Strain (pg) 558.4 424.9 310.6 192.1 26.7 416.9 301.4
% Change 4.72% 3.92% 2.27% -1.63% -40.20% 3.90% 2.27%

200000 Strain (pg) 546.2 414.8 302.9 186.5 229 407.7 294.3
% Change 2.44% 1.45% -0.26% -4.49% -48.75% 1.60% -0.11%

300000 Strain (pg) 542.4 412.0 300.1 183.7 21.9 403.3 291.0
% Change 1.72% 0.75% -1.21% -5.95% -50.90% 0.52% -1.25%

400000 Strain (pg) 542.0 410.7 299.1 182.4 19.6 403.3 290.0
% Change 1.65% 0.43% -1.53% -6.62% -56.23% 0.52% -1.57%

500000 Strain (ug) 540.6 409.1 296.9 180.2 17.6 401.4 287.8
% Change 1.38% 0.04% -2.27% -7.76% -60.51% 0.03% -2.33%

600000 Strain (ug) 544.6 412.3 299.1 180.8 17.2 404.6 290.4
% Change 2.14% 0.83% -1.53% -7.43% -61.56% 0.84% -1.46%

700000 Strain (ug) 546.5 4132 299.3 180.8 15.1 405.6 290.5
% Change 2.50% 1.06% -1.47% -7.43% -66.19% 1.07% -1.41%

800000 Strain (pg) 548.6 414.3 299.4 179.2 11.4 406.5 290.5
% Change 2.89% 1.33% -1.43% -8.25% -74.38% 1.31% -1.41%

900000 Strain (pg) 542.3 409.4 295.1 175.9 9.2 401.9 286.4
% Change 1.72% 0.12% -2.85% -9.96% -79.37% 0.16% -2.82%

1000000 Strain (pg) 558.1 420.9 302.9 180.2 8.3 412.8 293.9
% Change 4.67% 2.94% -0.26% -7.76% -81.50% 2.87% -0.27%

1100000 Strain (ug) 556.0 418.5 300.5 176.7 3.5 410.7 291.5
% Change 4.28% 2.35% -1.05% -9.55% -92.17% 2.35% -1.08%

1200000 Strain (ug) 558.7 420.1 301.0 176.0 -0.9 4124 2924
% Change 4.78% 2.74% -0.90% -9.88% -102.13% 2.79% -0.76%
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Table F.10: Calculated elastic neutral axis for Girders 1 and 2 in Fatigue Test 2

Cycle GIRDER 1 GIRDER 2

1 ENA (in.) 22.22 22.55

% Change 0.00% 0.00%

10 ENA (in.) 22.17 22.53

% Change -0.22% -0.07%

100 ENA (in.) 22.15 22.50
% Change -0.30% -0.24%

1000 ENA (in.) 21.98 22.36
% Change -1.06% -0.86%

10000 ENA (in.) 21.70 22.08
% Change -2.32% -2.08%

50000 ENA (in.) 21.47 21.84
% Change -3.34% -3.15%

100000 ENA (in.) 21.41 21.74
% Change -3.62% -3.61%

200000 ENA (in.) 21.33 21.63
% Change -3.97% -4.09%

300000 ENA (in.) 21.32 21.58
% Change -4.04% -4.32%

400000 ENA (in.) 21.25 21.48
% Change -4.34% -4.75%

500000 ENA (in.) 21.21 21.39
% Change -4.50% -5.14%

600000 ENA (in.) 21.18 21.37
% Change -4.68% -5.25%

700000 ENA (in.) 21.13 21.29
% Change -4.89% -5.57%

800000 ENA (in.) 21.01 21.16
% Change -5.44% -6.18%

900000 ENA (in.) 20.91 21.08
% Change -5.89% -6.54%

1000000 ENA (in.) 20.91 21.03
% Change -5.87% -6.75%

1100000 ENA (in.) 20.76 20.86
% Change -6.53% -7.49%

1200000 ENA (in.) 20.58 20.73
% Change -7.34% -8.08%
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Appendix G: Test Specimen Strength Calculations

G.1 Additional Strain to Girder Yield

- Stress from construction

S, = Section modulus of steel section = 94.5 in.’ (AISC 2005)

Wi = (150)(8 + 2-5)[%)(7) +50=0.8594 Ib/ft

3w’ _ 3(0.8594)(30)°

M =Moment at the quarter point =
qir q p 30 %

=72.51 kip-ft =870.14 in.-kip

5 M, _870.14

. =9.21 ksi
S 945

- Additional strain to yield
f,=60.0ksi (from material tests, see “Appendix C”)
Assume a steel modulus of elasticity E; = 29000 ksi
C.n=/[, —0, =60.0-921=50.79 ksi

= %o 2 3070 _ 001751 = 1751 ps

grem
E, 29000

G.2 Plastic Moment Capacity Calculations

G.2.1 One Stud-Per-Rib Stud Layout
- Static strength of shear studs (Q,)

Q,=05A_f.E.<RRA_F,

pirgtisc

2 2
A, = z(d;j = z(@j =0.6013 in.?

fc' =5.80 ksi (from material testing, see “Appendix C”)

E.=4400 kst (from material testing, see “Appendix C”)
R, =0.6 (weak side stud placement, AISC 2005)
R,=1.0 (one stud per rib, AISC 2005)

0.5A_+/ f.E. =0.5(.6013),/(5.8)(4400) = 48.03 kips
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R R,A_F, =(0.6)1.0)0.6013)(65)=23.45 kips € Controls

ple ALy
Q, =23.45 kip
>0, =12(23.45)=281.4 kips
- Maximum horizontal load (Fax)
F,. =min(C,T)=min(0.85f.A,, A, f,)
C =0.85(5.8)(84)(8)= 3313 kips
T =(14.7)(60.0) = 882 kips € Controls
F,..=3882kips > Z 0,=281.4kips ..Part of the steel section is in compression
- Calculation of Plastic Moment

ZFX:O - C,+C,=T,

Cnl + Cn2 = Axfy - Cn2

Asfy - Cn
C,= Tl = fy (albf)
/ —C
Deck "
| Ribs
C.
W21x50
T,
|
Section Stress

Figure G.1: Plastic stress distribution, one stud-per-rib

A = area of steel beam = 14.7 in.?
by = thickness of beam flange = 6.53 in.
a; = depth of compression block into steel beam top flange

C; = compression force in concrete deck
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(Asfy —C,ﬂ] (882—281.4)
2 2 . .
a, = = =0.7661in.> 1, = 0.535 in.
f,b; (60)(6.53)

.. Part of the beam web is in compression
WT10.5x25 Section Properties:

A=736in2 1,=0.380in., d=10.4in., y=2.93in.
(4.£,),, =(7.36)(60.0) = 441.6 kips

 882-281.4

C., =300.3 kips < (AS /y )WT . Not all of top WT is in compression

P

> 0 =Co+C—(Af,)  =281.4+300.3—441.6 = 140.1 kips

b

P, = total force in the portion of the to WT web that is in tension

a, = depth of top WT web in tension = Pres = 140.1 =6.14 in.
fit,  (60.0)(0.38)
C 281.4

nl

a = depth of compression block in concrete deck = =(0.680 in.

0.85fb, 0.85(5.8)84)

Sum moments about the centroid of the top WT section to get M., (calculated capacity)

— a d - a —
M, = Cnl(y * Yook ~ Ej + 2Pweb(% -y- Etj + (Asfy )WT (dWZIXSO - 2)’)
M, = 281.4(2.93 +10.5 —0‘—268j + 2(140.1)(%8 -2.93 —6'—214j +441.6[20.8 - 2(2.93)]

M, =11513.9 in-kip = 959.5 ft-kips

16M,, _16(959.5)
3L 3(30)

P, = =170.6 kips

G.2.2 Two Studs-Per-Rib Stud Layout
- Static strength of shear studs (Q,)

Q,=05A_f.E.<RRA_F,

P g’ sc
2 2
A, = z(d;j = z(@j =0.6013 in.?

fc' =5.20 ksi (Truck 2 from material testing, see “Appendix C”)

E.=4100 kst (Truck 2 from material testing, see “Appendix C”)
R,=0.6 (weak side stud placement, AISC 2005)
R, =0.85 (two studs per rib, AISC 2005)
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0.5A_+ fE, =0.5(.6013),/(5.2)(4100) = 43.90 kips

R R.A_F, =(0.6)(0.85)0.6013)(65)=19.93 kips < Controls

prgt e

0, =19.93 kip
>0, =24(19.93)= 478.32 kips
- Maximum horizontal load (Fnax)
F,. =min(C,7)=min(0.85f,A,, A, f,)
C =0.85(5.2)(84)(8)= 2970 kips
T =(14.7)(60.0) = 882 kips € Controls
F,..=3882kips > z 0,=478.32kips ..Part of the steel section is in compression
- Calculation of Plastic Moment

YF=0 - C,+C,=T,

nl
Cnl + Cn2 = Axfy - Cn2

Af -C
n2 :%:f}v(albf)

— O

‘Cn2

W21x50

Section Stress

Figure G.2: Plastic stress distribution, two studs-per-rib

A = area of steel beam = 14.7 in.?

by = thickness of beam flange = 6.53 in.
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a; = depth of compression block into steel beam top flange
C; = compression force in concrete deck = > 0,

(Asfy—Cm] (882—478.32

G=r 2 J_\ 2 j=0.5151n.<tf =0.535 in.
f,b; (60)(6.53)

.. Only part of the flange is in compression

C, 478.32

a = depth of compression block in concrete deck = —=
0.85fb,  0.85(5.2)(84)

=1.291n.

C,, = f,ab, =(60.0)(0.515)(6.53) = 201.78 kips

Sum moments about the bottom of the steel section to get the plastic moment capacity

a a d
M, = Cnl(dWZIXSO T Vaeek ~ Ej + 2Cn2(dW21x50 - Elj - Asfy( _szlxso j

M, = 478.3(20.8 +10.5 —%) + 2(201.8)(20.8 —&215) - 882(%}
M_, =13780.4 in-kip = 1148.37 ft-kips

16M,, _16(1148.37)

P,=
< 3L 3(30)

=204.15 kips

G.3 Non-Composite Section Strength Calculations

G.3.1 Girder (W21x50)
- Strength based on fully braced beam condition
- Value taken from AISC specification (2005) Table 3.2
@M =413 kip-ft > M =459 kip-ft

G.3.2 Slab
- Divide slab into 1 ft strips (neglect rib concrete)

020

A =—"==03in’
BCTE
A
ar, = f L= 0.3(60) =0.304 in.
0.85f.,(12) 0.85(5.8)(12)
Af,_ 03(60) =0.339 in.

270857 ,,02) 0.85(.2)(12)
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d=8-(1+0.625+0.25)=6.125 in.

M, . =A fy(d —~ gj = 0.3(60)(6.125 -~ %) = 107.5 in-kip/ft = 8.96 ft-kips/ft

M, ., =A fy(d -~ %) = 0.3(60)(6.125 —%) = 107.2 in-kip/ft = 8.93 ft-kips/ft

- Strength at effective width (girder spacing)
M, .. =(1M, ,, =(7)8.96)=62.7 ft-kips

s,near

M, .. =M, ., =(7)8.93)=62.5 fkips

s, far

G.3.3 Combined slab and girder
M =M,+M

n,near

=459+ 62.7 =522 ft-kips

s,near

M, ., =M, +M

s, farr

=459 +62.5 = 522 ft-kips

n, far
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