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Determination of the Design Parameters for the Route 601 Bridge:
A Bridge Containing the Strongwell 36 in. Hybrid Composite Double Web Beam

Christopher Joseph Waldron
(ABSTRACT)

The Route 601 Bridge spans 39 ft over Dickey Creek in Sugar Grove, VA and
represents the first use of Strongwell’s 36 in. double web beam (DWB) as the main load
carrying members for a traffic bridge. The bridge was designed for AASHTO HS20-44 and
AASHTO alternate military loading with a targeted deflection limit of L/800. For the
preliminary design, conservative properties for the 36 in. DWB were assumed based on
experience at Virginia Tech with Strongwell’s 8 in. DWB used in the Tom’s Creek Bridge.
An elastic modulus (E) of 6,000 ksi and a shear stiffness (kGA) of 20,000 ksi-in® were
assumed and used with Timoshenko deformable beam theory to characterize the beams and
determine the deflections.

This thesis details the experimental work conducted in conjunction with the design of
the Route 601 Bridge, which had two goals. First, a deck-to-girder connection was tested to
determine if a bolted connection could develop composite action between the girder and the
deck. This connection was shown to provide a significant amount of composite action when
used with the 8 in. DWB and a composite deck, but little or no composite action when used
with the 36 in. DWB and a glue-laminated timber deck. Second, eleven 36 in. DWB’s were
tested to determine their stiffness properties (EI and kGA) to insure that these properties were
above the values assumed in the preliminary design, and all the beams had stiffness properties
that were close to or above the assumed values. The eleven beams were also proof tested to a
moment equivalent to five times the service load moment to insure the safety of the Route 601
Bridge. One beam was tested to failure to determine the failure mode and residual stiffness of
the 36 in. DWB. Finally, based on these results eight beams were chosen for the Route 601
Bridge.
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Chapter 1: Introduction and Literature Review

1.1 Introduction

Since the birth of civilization, humans have used composite materials for tools and for
construction applications. The earliest of these materials were wood (a natural composite)
and straw reinforced clay, and today engineers are regularly using steel reinforced concrete.

It should be no surprise, then, that Fiber Reinforced Plastic (FRP) composites are beginning to
gain popularity as a construction material. One of the areas where FRP composites are slowly
beginning to be used is bridge construction.

Several factors contribute to the slow rate at which the bridge community is accepting
these materials. Composites have significantly higher initial costs than do conventional
building materials, such as steel, concrete, and timber but, many of composite’s proponents
believe that composites exhibit lower life-cycle costs than conventional materials due to their
increased durability and reduced need for maintenance. However, so few bridges have been
built using fiber-reinforced composites that little long-term, real-world test data exists to
substantiate this idea. Furthermore, since so few bridges have been built, the construction
community has little experience with these materials and this has the effect of increasing the
initial construction costs even higher. Connection design tends to be more complicated with
composites due to their sensitivity to stress concentrations and free-edge effects at holes.
Finally, even though composites typically have higher stiffness-to-weight ratios than
conventional materials, their absolute stiffness is typically much lower than steel making it
nearly impossible to utilize their full strength due to the deflection limits imposed on many
bridges.

Despite these drawbacks, composites are gaining acceptance due to their advantages
over conventional materials. Composites typically have higher stiffness-to-weight and
strength-to-weight ratios than conventional materials. This allows bridge engineers to
produce significantly lighter bridges than can be designed with any other material. These
lighter structures allow for easier construction in remote locations, increased live load
capacities on existing abutments, and smaller mechanisms in moveable span bridges. Also, it
is believed that composites have greater durability and require less maintenance than
conventional materials. Unlike steel, composites do not corrode and do not need to be painted

and composites resist crack growth better than either steel or concrete.



For composites to gain widespread acceptance in the bridge community low-risk
projects utilizing these materials must be undertaken, and this is the reason that the steel
stringer, timber deck bridge on Route 601 over Dickey Creek in Smyth County, VA is being
replaced with a composite beam, timber deck bridge. To help mitigate the risk of building
this structure each beam to be placed in the bridge has been tested to determine its stiffness,
and one beam, identical to those in the bridge, has been tested to failure.

Also, a deck-to-girder connection has been tested to determine the effectiveness of this
connection in providing “composite action” between the deck and the girders. This composite
action is desired because it allows the overall stiffness of the bridge to be increased, and since
bridges designed using composite load-carrying members tend to be deflection controlled, an

increase in stiffness allows the bridge to be built with fewer girders.

1.2 The Route 601 Bridge

The existing Route 601 Bridge, (see Figure 1.1) constructed in 1932 is 15 ft (4.6 m)
feet wide and spans 30 ft (9.1 m) over Dickey Creek in Sugar Grove, VA. The bridge is
owned by the Virginia Department of Transportation and consists of eight, 8 to 10 in. deep
steel stringers with a timber deck supported on rubble abutments. In 1998, an inspection of
the bridge showed its superstructure to be in “poor condition” due primarily to corrosion. It
was then decided that this bridge would provide an excellent opportunity for Virginia Tech,
Strongwell, the Virginia Transportation Research Council (VTRC), and the Virginia
Department of Transportation (VDOT) to implement an innovative composite bridge
superstructure utilizing Strongwell’s 36 inch (914 mm) deep double web beam (DWB).

The replacement bridge (see Figures 1.2 and 1.3) was designed using the AASHTO
HS20-44 loading along with alternate military loading and a targeted deflection criterion of
L/800. The loading configurations and preliminary design are discussed in Chapter 2. The
new bridge will be 28 ft (8.5 m) wide from curb-to-curb (31.75 ft, 9.7 m total width) and
consist of eight 36 in. (914 mm) DWB’s spanning 39 ft (11.8 m) from center-of-bearing to
center-of-bearing, with a 42 in. (1.1 m) transverse beam spacing. The deck will consist of ten

4 ft long (along the longitudinal axis of the girders) by 30 ft wide by 5 % in. thick (1.2 m x

9.1 m x 130 mm) glue-laminated panels with glue-laminated guide rails and an asphalt

wearing surface. To support the new bridge the existing rubble abutments will be replaced



with concrete abutments. The widening of the span and subsequent moving of the abutments
is required because the new superstructure will be deeper than the existing superstructure,
and, as a result, the reduced clearance over the creek will restrict drainage. By lengthening

the bridge, any potential drainage or hydraulic problems are eliminated.

1.3 The Strongwell 36 in. Double Web Beam (DWB)
The Strongwell 36 in. (914 mm) DWB (see Figure 1.4) is a hybrid composite double-

webbed beam containing both E-glass and carbon fibers. The webs and subflanges are
composed of E-glass fibers in a vinyl ester resin whereas the top and bottom flanges are
composed of carbon fiber in a vinyl ester resin. The carbon fiber in the flanges serves two
primary purposes. First the carbon fiber flanges move the failure plane of the DWB into the
top flange and away from the flange-web interface. The failure mode is then delamination of
the top flange whereas for the all glass 8 in. (203 mm) DWB’s tested at Virginia Tech (Hayes
1998) the failure mode is delamination of the web-flange junction and buckling of the web.
By eliminating web buckling, the beam retains a reduced strength and stiffness after failure
providing a measure of safety in the event of a beam failure. Second, the carbon fiber in the
flanges serves to significantly increase the bending modulus of the beams. Testing of an 8 in.
prototype of this beam at Virginia Tech showed an increase in the elastic modulus in bending
from approximately 2,000 ksi for an all glass beam to approximately 6,000 ksi for the hybrid
beam (Hayes, 1998). Considering that bridges designed using composites are typically
deflection controlled, this threefold increase in stiffness makes a more competitive member
for bridge applications. Even with the increased stiffness due to the carbon fiber, the design
of the Route 601 Bridge was still deflection controlled.

The shape of the beam is unique and was designed with the properties of the composite
materials in mind. The double web shape of the beam provides greater shear stiffness than
would be provided by an I-beam with a web thickness equal to the thickness of one web of the
DWB. This increased shear stiffness is important since, unlike steel and concrete, shear
deformations in composites cannot be ignored. In fact, at the spans typical of short-span
bridges, shear deformation in composite members can account for as much as 20 percent of
the total deflection of the beam. The double web shape also provides greater torsional

resistance, including resistance to lateral-torsional buckling, than would a single web I-beam.



Strongwell Corporation, in Bristol, Virginia, manufactures the 36 in. DWB using the
pultrusion process. In the pultrusion process, reinforcing fibers and the resin matrix are
pulled through a die, or series of dies, that both shape and cure the material (Hyer, 1998).
Since this process is continuous, beams of any desired length can be manufactured by simply

cutting the beam off once it has reach the desired length.

1.4 Literature Review

A review of the literature pertaining to major bridge projects utilizing fiber-reinforced
composites as primary load-carrying members has been conducted, and an overview of these
projects is presented in the following sections. A brief overview of the status of the U.S.
infrastructure as well as the reasons for using Fiber-reinforced composites in infrastructure is
also presented to give insight into why composites are gaining popularity and what current

problems their use is addressing.

1.4.1 Current Status of U.S. Bridges
In 1996, the Federal Highway Administration (FHWA) reported that 31.4 percent of

the Nation’s 581,942 bridges are either structurally deficient or functionally obsolete.
Furthermore, the American Association of State Highway and Transportation Officials
(AASHTO) reported that just to maintain the current bridge conditions, 200,000 bridges will
need to be repaired or replaced in the next twenty years, (“States”, 1997) with a cost per year
estimated to be about $50 billion by the year 2000 (Brailsford, et. al. 1995). Now, in the year
2001, the condition of U.S. bridges is not much better. According to ASCE’s 2001 Report
Card for America’s Infrastructure, (Ichniowski, 2001), as of 1998, 29 percent of the nation’s
bridges were still structurally deficient or functionally obsolete, and it will cost $10.6 billion
per year, for 20 years, to eliminate all of the nation’s bridge deficiencies.

The typical bridge in the United States is designed for a life span of seventy years and
requires rehabilitation after thirty years due to deterioration. Most of this deterioration is
attributed to corrosion caused by the use of de-icing salts (Brailsford, et. al. 1995). This
somewhat rapid deterioration, when compared to the design life of the bridge, motivates
engineers to search for new materials that can resist the deleterious effects of de-icing salts as

well as the environment. One class of such materials is fiber-reinforced polymers.



1.4.2 Reasons for Using Composites

One primary reason for using composite materials in place of conventional materials,
such as steel and concrete, is that composites are more corrosion resistant than metals,
because they are more chemically stable; and more durable than both metals and concrete,
because they resist fatigue crack growth better than either material. This increased durability
has the potential to decrease maintenance costs and increase the service life of structures,
thereby, decreasing life-cycle costs and offsetting the higher initial cost of composite
materials (Sotiropoulos, GangaRoa, and Barbero 1996).

Another primary advantage over conventional materials is lower weight and the
resulting higher strength-to-weight and stiffness-to-weight ratios. If designed properly, an
FRP bridge can weigh less, last as long or longer, and increase bridge strength over either a
steel or concrete structure (Bodamer 1998). The lower weight of composites can also be an
advantage when the load carrying capacity of a bridge needs to be improved. By replacing a
steel or concrete structure with a composite structure, the dead load of the bridge is reduced
and, as a result, a larger live load can be carried without strengthening the abutments

(Ballinger 1992).

1.4.3 Bridges Constructed with Composites as Primary Load Carrying Members

Only pedestrian and traffic bridges constructed using a composite superstructure will
be presented in this section. Those bridges using composite materials as secondary elements

are outside the scope of this review.

1.4.3.1 Pedestrian Bridges
Pedestrian bridges will be presented first since the majority of composite bridges at

this time are pedestrian bridges. Pedestrian bridges provide a low risk application for
introducing composite materials, and by 1998, more than sixty such bridges had been
constructed (Mandigo, 1998). Not all sixty bridges will be presented here; instead, several of
the more important ones demonstrating the various uses and potential of composites will be

presented.



E.T. Techtonics designed and constructed two lightweight fiber-reinforced composite
pedestrian bridges in the summer of 1995, along the Point Bonita Lighthouse Trail in the
Marin Headlands near San Francisco, CA for the Golden Gate National Park Association.
The Golden Gate National Park Association required that both bridges be designed for 85 psf
live load, 125 mph winds with 40 psf uplift, a live load deflection of L/360 and a minimum
natural frequency of 5 Hz. The remote location of the site (the truck drop-off point was 1
miles from the site) and the aggressive marine environment, which had been causing
maintenance problems with the timber, steel, and concrete structures at the site, provided an
ideal situation for composites. The low weight of the composite structures allowed them to be
built in a parking lot near the site and airlifted into place, and the environmental durability of
composites provided advantages over steel, concrete or wood (Johansen, et. al. 1997).

The first bridge constructed along the trail, used for pedestrian and equestrian
activities, was 35 ft (10.7 m) long, and was constructed using the standard FRP Pratt truss
system developed by E.T. Techtonics. This system has two parallel chord trusses and each
truss is composed of double 8 in. (203.2 mm) channels for the top and bottom chords with 2
in. (50.8 mm) hollow square tubes as the vertical and diagonal members connecting the
chords. Horizontal cross pieces connecting the two trusses are 8 in. (203 mm) channels and
the horizontal bracing elements are 2 in. (50.8 mm) hollow, square tubes. The deck is
constructed of 3 in. (76.2 mm) by 12 in. (305 mm) southern yellow pine planking, and all
connections use stainless steel bolts (Johansen, et. al. 1998).

The second bridge, and longer of the two, spans 70 ft (21.4 m) and was constructed
using a modified version of the FRP Pratt truss. The top and bottom chords and vertical and
diagonal members of this truss are the same as in the shorter truss; however, the 8 in. (203.2
mm) channels are also used as horizontal members extending out 3 ft (0.91 m) from the side
of the bridge every 10 ft (3.08 m). Attached to these channels are 2 in (50.8 mm) hollow
square tubes that extend up and are attached to the top chord to provide lateral bracing for the
longer span. All of the FRP shapes were pultruded by Creative Pultrusions, Inc., of
Alumbank, PA and are composed of E-Glass fibers in a vinyl ester resin (Johansen, et. al.
1998).

Also in 1995, E.T. Techtonics used a similar truss for pedestrian bridge at the Antioch

Golf Club in Antioch, IL for the Chicago Department of Transportation. This bridge spans 45



ft (13.7 m) and is 10 ft (3.0 m) wide and is rated at 5 tons (44.5 kN) to carry both pedestrian
and golf cart traffic. The bridge was instrumented by the Northwestern University
Infrastructure Technology Institute (NU ITI) to monitor environmental conditions and
changes in structural response (NU ITI website).

E.T. Techtonics designed another similar truss bridge for the Eastern Federal Lands
Highway Division (EFLHD) of the Federal Highway Administration (FHWA) and the United
States Forest Service (USFS). The bridge located on the Falls Creek Trail in the Gifford
Pinchot National Forest spans 45.5 ft (13.9 m). The design of these bridges is typically
dominated by dead loads, especially snow, and typical USFS trail bridges are designed for
150 psf of snow. However, due to some recent collapses under snow loads and the USFS’s
unfamiliarity with composites, the USFS desired that this bridge be designed for 250 psf of
snow. This is equivalent to a snowfall that extends above the 3.5 ft (1.1 m) handrails on the
bridge. The bridge was also designed to withstand 100 mph (45 m/s) winds (Wallace, 1999).

The bridge is similar to the longer bridge built along the Point Bonita Lighthouse Trail
in the Marin Headlands near San Francisco, CA. However, for this bridge, all the fiber-
reinforced composite components were manufactured by Strongwell, and were off-the-shelf
parts from their EXTREN® line. Strongwell also manufactured the deck for the bridge which
consists of I-7000 1 in. (25 mm) grating topped with a ' in. (6 mm) EXTREN® plate with a
gritted surface to improve traction. Also, galvanized bolts and clip angles were used instead
of the stainless steel bolts used on the Point Bonita Lighthouse Trial Bridges (Wallace, 1999).

Strongwell also constructed a pedestrian bridge along with the University of Kentucky
and the Great Lakes Composites Consortium (GLCC) in the Daniel Boone National Forest in
Bath County, Kentucky. The bridge is a 60 ft (18.29 m) long by 6 ft (1.83 m) wide I-girder
pedestrian bridge. The two I-beams, manufactured by Strongwell, are 24 in. (609.6 mm) deep
and are composed of glass and carbon fibers in a vinyl ester resin. The carbon fibers were
placed in the flanges of the beam to increase the flexural stiffness of the beams, and this
bridge is the first to use such hybrid composite girders. The bridge deck is constructed of
fiberglass grating, and the bridge is post-tensioned using eight fiberglass rods to meet a
deflection criterion of L/180 at a live load of 85 psf (Harik, et. al. 1996).

Maunsell Structural Plastics, Ltd constructed one of the longest FRP bridges ever built

at a golf course in Aberfeldy, Scotland. The bridge is an all FRP cable-stayed span with an



overall length of 371 ft (113 m). The bridge consists of glass/isopolyester pultruded plank
and connectors. Each plank is 2 ft (61 cm) wide, 0.26 ft (8 cm) deep, and is composed of
seven cells. The connectors are 0.26 ft (8 cm) by 0.26 ft (8 cm), and three plank and four
connectors are joined together using epoxy applied to grooved mating surfaces to create a 7 ft
(213 cm) wide deck. Cables then fan from A-frame towers to support the deck (Bodamer
1998).

These bridges represent a few of the more notable pedestrian bridges designed and
built with FRP superstructrues. Each bridge, although carrying similar loads, was designed
using different load and deflection criteria. Design loads for the bridges range from 85 psf
(4.1 Pa) to 250 psf (12.0 Pa) and deflection limits range from L/180 to L/360. This represents
one of the current drawbacks to designing with FRP’s: no codes or specifications govern their
design loads or serviceability criteria. Often engineers are forced into ultra-conservative
designs to insure safety and performance since no codes or specifications can be used as
guides. Further research, design, construction, and monitoring of FRP bridges should provide

the information necessary to create design standards.

1.4.3.2 Traffic Bridges
Although more than sixty pedestrian bridges have been built in the United States using

fiber reinforced plastics; FRP traffic bridges are lagging behind considerably. This reluctance
to build traffic bridges is most likely due to the high visibility and high risk of such projects.
In spite of this reluctance by engineers, several experimental traffic bridges utilizing
composite materials have been constructed.

Two traffic bridges were built by a collaboration of the Idaho National Engineering
and Environmental Laboratory (INEEL), the Federal Highway Administration, the U.S.
Department of Energy, the National Oceanic and Atmospheric Administration (NOAA),
Lockheed Martin Missiles and Space Research and Development Division, Martin Marietta
Materials, the Idaho Transportation Department, the University of Idaho, and the Construction
Technology Laboratories (INEEL website). The first bridge, called the INEEL Bridge, was
installed at the INEEL Transportation Complex outside Idaho Falls, Idaho in 1995. The
bridge is 30 ft (9.1 m) long and 18 ft (5.5 m) wide, and was designed by the Lockheed Martin
Advanced Technology Center in Palo Alto, CA. The bridge was designed for HS20 loading



with a deflection criterion of L/800. The composites in the bridge are composed of E-Glass
fibers in vinyl ester and polyester resins. The bridge is made up of a 5.5 in (139.7 mm) deck
that is divided into three 10 ft (3.05 m) wide by 18 ft (5.5 m) long sections. The deck sections
are laid across three U-shaped beams and bolted together, and eight people installed the
INEEL Bridge in eight hours (Richards, et. al. 1998).

The second bridge designed and constructed by the same group is called the TECH 21
Bridge, and was installed in Butler County, OH. The TECH 21 Bridge is all-composite, two-
lane bridge that replaced a one-lane bridge with a daily traffic of approximately one thousand
vehicles that is expected to grow to two thousand vehicles per day. The bridge is 33 ft (10.1
m) long, 24 ft (7.3 m) wide and 33 in. (838 mm) deep. Approximately 15 people installed the
bridge in less than three hours. The TECH 21 Bridge is similar to the INEEL Bridge, except
it has more box-shaped girders and modular, trapezoidal deck sections. Both these bridges
represent a composite bridge system that is simple to construct and modular making them
ideal to be used repeatedly as temporary bridges (Richards, et. al. 1998).

In May of 1997, The West Virginia University’s Constructed Facilities Center
(WVUCEFC), the West Virginia Department of Highways, the Construction Engineering
Research Lab, and the Composites Institute constructed one such bridge in Lewis County,
West Virginia. The Laurel Lick Bridge is an all-composite replacement of a steel girder,
timber deck bridge designed for the American Association of State Highway and
Transportation Officials (AASHTO) HS25-44 loading. The bridge is 20 ft (6.10 m) long and
16 ft (4.88 m) wide with FRP wide flange stringers spaced 2.5 ft (0.76 m) apart. The stringers
are made with E-Glass fibers in a vinyl ester resin, and they rest on a substructure of FRP
piling/columns, FRP panels, and a concrete cap beam. Bonded with epoxy to the top of the
stringers is the Superdeck™ system with an % in. (1.0 cm) thick polyester polymer concrete
overlay (Lopez-Anido, Troutman, and Busel 1998).

Virginia Tech in cooperation with FHWA, the National Science Foundation (NSF),
the Town of Blacksburg, the Virginia Transportation Research Council (VTRC), the Virginia
Department of Transportation (VDOT) and Strongwell, have also built a composite bridge.
The Tom’s Creek Bridge is a composite stringer, timber deck replacement of a steel stringer,
timber deck bridge built in 1932. The new Tom’s Creek Bridge, completed in 1997 is 20 ft
(6.10 m) long and 22 ft (6.71 m) wide. The beams are Strongwell 8 in. (20.3 cm) deep,



double web, hybrid, composite beams with E-Glass fiber in the webs and carbon fiber in the
flanges to improve the flexural stiffness of the beams. The beams were placed on
approximately 12 in (30.5 cm) centers and rest on concrete abutments. The replacement was
designed to meet HS20-44 loading, and the completed structure demonstrated a L/450
deflection criterion (Hayes 1998).

One of the most interesting bridges to be built using composite materials is the Bond’s
Mill Lift Bridge. By using FRP composites Maunsell Structural Plastics, Ltd. was able to
design and build a lift bridge in England without the need for a lift tower or counterweights.
The bridge is 26.9 ft (8.2 m) long and 14.1 ft (4.3 m) wide, and because of the use of
pultruded glass/polyester FRP composite box sections for the superstructure, the bridge
weighs only 9,920 Ib (44 kN). This allows a hydraulic mechanism to be used to lift the two
movable sections of the bridge. Also, due to the high strength to weight ratio of composites,
the bridge can support 88,184 1b (392 kN), or almost nine times its own weight (Bodamer
1998).

Finally, one of the most ambitious projects proposed and designed, although not
currently scheduled for construction, is the 15/Gilman Advanced Composite Cable-Stayed
Bridge. The bridge will carry two lanes of traffic, two bicycle lanes, pedestrian walkways,
and a utility service tunnel across Interstate 5 in La Jolla, California. The bridge will consist
of composite stay cables attached to a 150 ft (46 m) composite A-frame pylon carrying the
roadway 450 ft (137 m). Three alternative designs were considered and assessed on their
component and system characteristics as well as on their manufacturing cost. The most
feasible design was determined to be a dual cable plane system supporting edge girders of
wound carbon shells filled with concrete. Partially grouted carbon tube cross beams run
transversely connecting the two edge beams together and providing support for prefabricated
deck panels constructed of either fiberglass or concrete (UCSD website).

Although a literature review revealed that several traffic bridges, ranging in length
from 20 ft (6.1 m) to 33 ft (10.1 m), have been built in the past decade using composites as
their primary load carrying members, the majority of design engineers are still not
comfortable designing with composites. This is because composites are still a relatively new
material in the civil engineering field, and little work has been done to determine the

applicability of current codes and specifications to these materials. The majority of these
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traffic bridges were designed using AASHTO HS20 or HS25 design loads, however, the exact
design criteria is not discussed. The AASHTO Specifactions (AASHTO, 1996) provide
guidance on the loads that should be placed on the bridges, but what dynamic load allowances
and how these loads are distributed between the FRP girders is not discussed. The AASHTO
Specifcations (AASHTO, 1996) provide little guidance on what dynamic load allowances and
wheel load distribution factors should be used with FRP girders, and as a result, engineers
often use the distribution factors for steel stringers. This practice was shown to be
unconservative for the dynamic load allowance and conservative for the wheel load
distribution factor for the Tom’s Creek Bridge (Neely, 2000), but no other research has
compared the in-service distribution of FRP girder bridges with the AASHTO Specifications.

Serviceability criteria for the traffic bridges constructed varied considerably. The
deflection limits for the bridges range from L/450 to L/800. This wide range of deflection
limits is because the AASHTO Specifications (AASHTO, 1996) do not provide guidance for
the deflection limits of bridges with FRP superstructures. Often engineers target a deflection
limit of L/800, which AAHSTO specifies for steel stringer bridges (AASHTO, 1996).
However, since FRP girders are not as stiff as steel girders, targeting this deflection limit is
often difficult and results in deflection controlled designs with significantly more capacity
than is required for the design loads.

Because so little research is available on the design parameters of FRP girder bridges,
the design parameters, including the load distribution factor, dynamic load allowance, and
deflection limit, specified in the AASHTO Standard Specification (AASHTO, 1996) for a
steel girder, timber deck bridge were used for the Route 601 Bridge. Design decisions, as
discussed in Chapter 2 were also made using experience gained from the research into the
Tom’s Creek Bridge. Furthermore, the lack of a significant amount of this information

indicates that more research in this area is required.

1.5 Objectives/Scope

Engineers from Virginia Tech, Strongwell Corp., VDOT, and VTRC have designed a
FRP girder bridge along Route 601 in Sugar Grove, VA, which is longer than any mentioned
in the literature. The Route 601 Bridge has a simply-supported span of 39 ft (11.9 m) from

center-of-bearing to center-of bearing and uses Strongwell’s hybrid composite 36 in. DWB.
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This bridge is the first bridge to be designed and constructed using the 36 in. DWB, and the
bridge is to serve as a demonstration project for the future use of this beam. One of the main
goals of the design was to replace a steel girder bridge with a FRP composite girder bridge
(although not using an exact beam-for-beam replacement) while still allowing for
conventional decking, railing, and secondary components to be used.

The objective of this research is to determine the design parameters of the 36 in. DWB
for use in the Route 601 Bridge, to verify the parameters used in the preliminary design of the
bridge, and insure, through testing, that the bridge will meet the specifications set forth in the
design. To achieve this goal, each of the eight beams to be placed in the bridge were tested to
determine its bending and shear stiffness and to ensure that these values are above what was
assumed in the design. The beams were tested in four-point bending (see Figure 1.5) to
produce a constant moment region with no shear in the center. Once this was completed, the
stiffnesses of each beam were used in the finite difference model used in the preliminary
design to re-evaluate the bridge. Furthermore, each of the eight beams to be used in the
bridge was proof-tested, in four-point-bending, to a load that produced a moment in the
constant moment region of five times that of the service load moment.

Also, a deck-to-girder connection was investigated previously at Virginia Tech and
this connection was re-investigated for use on this bridge. The connection uses several clip
angles to attach the deck by bolting through the web of the beam thereby eliminating the need
for holes in the flanges as can be seen in Figure 1.6. This connection was first investigated on
a small scale with Strongwell’s 8 in. DWB and a composite deck, consisting of 4 in. x 4 in. X

Y4 in. (102 mm x 102 mm x 6.4 mm) EXTREN® tubes bonded together with a ¥ in. (6.4 mm)

EXTREN® plate bonded to the top. The goal of this testing was to determine the increase in
stiffness this connection provided over the traditional non-composite connection (or a
connection in which no horizontal shear is transferred between the deck and the beam.

After completing the small scale testing to determine the applicability of the
connection, a scaled-up version of the connection was tested to determine how the connection
would be used in the bridge. For this test, the scaled-up version of the connection was used to
connect glue-laminated deck panels measuring 4 ft long (in the longitudinal direction of the

girder) by 5 ft wide by 5 ¥ in. thick (1.2m x 1.5m x 130mm) to the 36 in. DWB. The increase
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in stiffness due to composite action between the girder and the deck provided by various
connection configurations was then investigated.

In conclusion, this research has three primary objectives. First, this research is to
determine the design parameters of the 36 in. DWB and verify that these parameters exceed
the conservative values chosen in the preliminary design. Second, this research is to verify,
though proof testing of each girder to be placed in the bridge, that the bridge can successfully
carry the design loads. Finally, this research is to determine if a bolted deck-to-girder
connection can increase the overall stiffness of the bridge through partial composite action
between the girder and the deck without placing holes in the top flange of the girder.
Completion of these objectives will ensure that the design of the Route 601 Bridge is safe and
verify that the bridge will meet the specifications set forth in that design. Completion of these
objectives will also give the design engineers and governing bodies the confidence to build

the new Route 601 Bridge using the Strongwell 36 in. DWB.
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Chapter 2: Preliminary Design

Before testing of the girders and the deck-to-girder connection could be accomplished,
a preliminary design of the bridge needed to be completed. The goals of this design were to
determine the number of beams required to meet the design specifications as well as to

determine the required deck thickness.

2.1 Design according to AASHTO Methods

The bridge is designed for HS20-44 and HS20-AML (alternate military loading)
loading with a targeted deflection limit of L/800 (for a 39 ft (11.9 m) effective span this is
0.59 in. (15 mm)). Since the composite girders are replacing steel girders, VDOT chose to
target the same deflection limit (L/800) that the AASHTO Standard Specification (AASHTO,
1996) indicates for steel girder bridges. Both HS20-44 and HS20-AML are load
configurations from the 16" addition of the AASHTO Standard Specification (AASHTO,
1996). AASHTO HS20-44 loading consists of a three axle truck with a front axle weight of 8
kips (35 kN) (4 kips or 17.5 kN per wheel) and two rear axles of 32 kips (145 kN) (16 kips or
72.5 kN per wheel) as shown in Figure 2.1. The spacing between the front two axles is 14 ft.
(4.3 m), and the spacing between the rear two axles can vary from 14 ft to 30 ft (4.3 m to 9.1
m). The spacing of the rear axles is chosen to produce the maximum load effect on the
bridge. AASHTO HS20-AML loading consists of two 24 kip (110 kN) axles spaced 4 ft (1.2
m) apart as shown in Figure 2.2.

For the initial design it was assumed that, as is often the case with composite
structures, the deflection limit controls the design. Therefore, the first step in the design
process was to determine a preliminary transverse girder spacing and the resulting number of
girders required to meet the design specifications. To do this, a finite difference model,
developed by Michael D. Hayes for the Tom’s Creek Bridge (Hayes, 1998), was employed.
In this model, conservative properties for the bending and shear stiffnesses of the beams were
assumed. These properties were determined from preliminary testing of the 36 in. DWB done
in December of 1998. An elastic modulus (E), in bending, of 6,000 ksi (41.4 MPa), and a
shear stiffness (kGA) of 20,000 ksi-in” (89.0 MPa-m?) were chosen. It was also assumed (and
will be verified later) that the HS20-44 loading controls the design over the HS20-AML

18



loading. Two HS20-44 trucks with a dynamic load allowance of 30% were placed on the
bridge to produce the maximum deflection (this placement for a 39 ft span can be seen in
Figure 2.3). Girder spacing design curves (Figure 2.4) for deflection limits of L/400, L/600,
L/800, and L/1000 were then generated. A dynamic load allowance of 30% (impact factor of
1.3) was chosen based on the AASHTO Standard Specification in spite of the fact that this
value was shown to be unconservative for the Tom’s Creek Bridge.

The maximum allowable girder spacing to meet an L/800 deflection limit was
determined by entering Figure 2.4 on the left with a span of 39 ft (11.9 m) and moving
horizontally to the intersection with the L/800 curve. Then, a vertical line was dropped to the
girder spacing axis. This process resulted in a maximum allowable girder spacing of 3.1 ft
(0.95 m). However, experience with the Tom’s Creek Bridge showed that this model is
conservative (Hayes, 1998) since it ignores curb stiffening provided by the guide rails as well
as plate action of the deck; therefore, a spacing of 3.5 ft (1.1 m) was chosen. Hence, for a 28
ft (8.5 m) wide bridge, 8 girders are required.

Once the preliminary girder spacing was established, the design was continued using

AASHTO distribution factors. A distribution factor of 5%, where S is the girder spacing, in

feet, was chosen for the bridge. This is the distribution factor that the AASHTO Standard
Specification indicates for a steel stringer, timber deck bridge. It is also the distribution factor
that was used in the design of the Tom’s Creek Bridge, and was shown to be conservative for
that bridge (Neely, 2000). The same dynamic load allowance of 30% (impact factor of 1.3)
that was used in determining girder spacing design curves was also chosen here in accordance
with the AASHTO Standard Specification. A summary of the design parameters can be seen
in Table 2.1.

Using a 3.5 ft (1.1 m) girder spacing, the distribution factor (S/5) becomes 0.70. A
single girder, therefore, carries 70 percent of a single line of wheel loads of the HS20-44 or
HS20-AML trucks. The HS20-44 and HS20-AML loads, including distribution and impact,
were then independently placed on the girders, as can be seen in Figures 2.5 and 2.6 to
produce the maximum load effect. For the case of HS20-44 loading (Figure 2.5), this occurs
when “a” (the distance from the center-of-bearing to the front axle of the truck) is 3.17 ft
(0.97 m) and “b” (the spacing of the two rear axles) is 14 ft (4.3 m). The resulting maximum

moment is then 197 ft-kips, and it occurs at the center wheel load. For the case of HS20-

19



AML loading (Figure 2.6) this occurs when the wheel loads are centered about the middle of
the bridge or when “a” is 17.5 ft (5.3 m). The resulting maximum moment, occurring
between the wheel loads, is then 191 ft-kips. Therefore, the AASHTO HS20-44 truck
controls as was assumed for the determination of the girder spacing.

The deflections for the HS20-44 and HS20-AML loads are determined using shear
deformable beam theory (see Hayes, 1998 for a complete discussion). For a shear deformable
beam, with a single point load at a distance “a” from one end, the midspan deflection is

determined from the following equation:

_ Pa(3L —4a”) N Pa
ms T ARE] 2kGA
where E = Elastic Modulus

[ = Moment of Inertia of the Cross - Section
kGA = Effective Shear Stiffness

as%

Substituting E = 6,000 ksi, [ = 15,291 in4, kGA =20,000 ksi-inz, and the appropriate load and
“a” for each wheel load on the girder and using the principle of superposition, the deflection
at midspan due to the HS20-44 truck was determined to be 0.658 in. (17 mm). The deflection
due to the HS20-AML loading was determined to be 0.615 in. (16 mm) in a similar manner.
The HS20-44 truck yields a deflection criterion of L/710, and the HS20-AML loading yields a
deflection criterion of L/760. Although the controlling value of L/710 is slightly less than the
desired L/800, no changes to the design were made. Since conservative properties were used
in the design, it is expected that the bridge will approach and potentially exceed the desired
L/800 deflection limit.

2.2 Design Check using Finite Difference Model

Once the design using AASHTO methods was completed. The same finite difference
model that was used to develop the girder spacing design curves was used to verify the
design. The bridge was modeled as glue-laminated panels resting on discrete linear springs

that represent the FRP girders. For a detailed description of this model see Hayes (1998).
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The model was run only for two HS20-44 trucks on the bridge (see Figure 2.3) since it is the
controlling load, and the model produced a maximum moment of 234 ft-kips and a maximum
deflection of 0.78 in. (20 mm) or a deflection criterion of L/600. Although this deflection is
39 percent greater than the desired 0.59 in. (15 mm) corresponding to a deflection limit of
L/800, the model was shown to be conservative for the Tom’s Creek Bridge. In fact, the
model overpredicted deflections by as much as 50 percent for the Tom’s Creek Bridge
(Hayes, 1998). This difference is attributed to curb stiffening provided by the guide rails,
plate action of the deck, and more rigid boundary conditions at the abutments (Hayes, 1998).
A summary of the maximum moments and deflections, along with the deflection criterion of

each of the design methods, can be seen in Table 2.2.

2.3 Determination of Glue-laminated Deck Thickness

The final aspect of the bridge that needed to be determined in the preliminary design
was the glue-laminated deck thickness. This was needed to insure that the deck-to-girder
connection testing was done with the same deck that will be used in the bridge. The deck
manufacturer provided Table 2.3 (Little, 2000) showing the maximum allowable effective
clear spans and overhangs for various sized decks. For the 36 in. DWB, the effective clear
span was determined to be the distance from the face of the web of one beam to face of the
web of the adjacent beam, and the effective overhang was determined to be the distance from
the face of the web to the edge of the deck (Figure 2.7). The effective clear span was
determined to be 30 in. (762 mm) and the effective overhang was determined to be 27 in. (686
mm) as shown in Figure 2.9. Therefore, the overhang controls, and a 5)in. (130 mm) thick

deck is required.
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2.4 Tables and Figures

38 ft clear span;

Span: 39 ft from center-of-bearing to center-of-bearing
Width: 28 ft curb-to-curb + 2 ft for guardrails = 30 ft total
Load Distribution Factor: A
Dynamic Load Allowance: 30%
Bending Modulus (E) 6,000 ksi
Shear Stiffness (kGA) 20,000 ksi-in”
Moment of Inertia (I) 15,291 in"
Other Beam Properties: Shear deformation included (10-12%);
torsional stiffness neglected
Targeted Deflection Limit: L/800
Resulting Beam Spacing: 3.1 ft, but 3.5 ft is chosen 2> L/710
Resulting Load Distribution S/5=0.7
# of FRP Girders: 8

Table 2.1 — Preliminary Design Parameters

AASHTO LDF Approach | Finite Difference Model
HS20-AML | HS20-44 HS20-44
FRP girder spacing: 42” uniform 42” uniform
Max moment per Girder 191 k-ft 197 k-ft 234 k-ft
Max deflection: L/760 L/710 L/600

Table 2.2 — Moments and Deflections

Deck Thickness | Maximum Clear Span Maximum Overhang
3% 2'-6" I'-3"
5K 4'-6" 2'-3"
67 6'-0" 3'-0"

Table 2.3 — Allowable Deck Spans
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Chapter 3: Experimental Procedures

Two phases of experimental testing for the Route 601 Bridge were completed. The
first phase was the testing of a deck-to-girder connection that would eliminate the need for
holes in flanges of the composite beams while at the same time increasing the overall stiffness
of the bridge through a limited amount of composite action between the beam and the deck.
The rationale for eliminating holes in compression flange of the DWB is discussed in Chapter
5. The second phase of testing included the testing of eleven 36 in. DWB’s to verify the

design parameters used in the preliminary design.

3.1 Deck-to Girder Connection Testing

This phase of testing was broken into two parts. The first part consisted of testing a

small-scale version of the connection using the 8 in. DWB and a 4 ¥ in. (111 mm) composite

deck to determine the viability of this connection. The second part consisted of testing a full-
scale connection, in several configurations, with the 36 in. DWB and a 5% in. (130 mm)

glue-laminated deck, as the connection would be used in the Route 601 Bridge.

3.1.1 Small-Scale Connection

A method of connecting a FRP deck to a FRP girder was investigated to determine
the increased stiffness through composite action between the girder and the deck that this
connection provided. This connection was first investigated by Peter Hess in the summer of
1999 at Virginia Tech and was shown to produce significant partial composite action when
used with an all glass 8 in. DWB and the 4 in. (102 mm) FRP deck in which the tubes were
not bonded together. The FRP girder that was used for the testing for this thesis was
Strongwell’s 8 in. deep hybrid DWB (Figure 3.1), which has carbon fiber in the flanges, and
the deck that was used was constructed from off-the-shelf components of Strongwell’s
EXTREN® line. The deck was similar to the deck investigated by Peter Hess, except that the

individual tubes were boded together and a ¥ in. (9.5 mm) plate was bonded to the top using

a vacuum bagging process.
The deck (Figure 3.2) was approximately 2 ft (0.61 m) wide, 15 ft (4.6 m) long, and
4% in. (111 mm) deep, and was constructed by bonding forty five, 4 in. x 4 in. x % in. (102
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mm x 102 mm x 3.2 mm) FRP tubes together and bonding a % in. plate to the top. Two steel
plates measuring 2/ in. x 8 in. X / in. (64 mm x 203 mm x 6.4 mm) were placed between
the tubes at one foot intervals and held in place by threaded rods running the length of the
deck. The two steel plates allowed the deck to be connected to the beam. The deck-to-girder
connection (Figure 3.3 and 3.4) consisted of four, 2/ in. (64 mm) long, 3 in. X 5 in. X / in.
(76 mm x 127 mm x 6.4 mm) angles attached to the beam web. The plates extending down
from the deck were bolted to these angles completing the deck-to-girder connection. All bolts
in the connection were torqued to 35 ft-1b (47.5 N-m) to limit slip during the application of
load.

The fist step in this test was to determine the effective bending stiffness of the 8 in.
DWB with no deck in place so the increase in stiffness due to the deck. To do this, the beam
was tested in four-point bending (Figure 3.5) with loads applied at the third-points using a
spreader beam. The composite beam was simply supported on steel rollers and spanned 14 ft
(4.3 m) with lateral bracing on the spreader beam on both sides of the load. Deflection data
was collected from string potentiometers (wire pots) located at midspan and one of the
quarter-points and axial strains were collected at midspan. Four, 350 ohm, / in. (6.4 mm)
strain gages were placed at midspan. Once gage was placed on the bottom of the top flange,
two were placed on the web of the beam, 2/ in. (57 mm) from each flange, and one was
placed on the bottom of the bottom flange. The gage plan is illustrated in Figure 3.7.

The beam was loaded several times to achieve 1 in. (25 mm) of deflection, which
corresponded to a load of 10 kips, 5 kips per load point (45 kN, 22 kN per load point). Load
was applied using a 100 kip (445 kN) hydraulic actuator, and load was measured using a 50
kip (222 kN) aluminum load cell. Load, strain, and deflection data were recorded using a
National Instruments SXCI-1000 data acquisition system, and National Instruments Logger
software running on a laptop computer with a Pentium processor. This data was then used to
determine the effective bending stiffness (Ec]). In this case, the moment of inertia (I) was
known and the effective bending modulus (E) was determined. The effective bending
stiffness was determined so that bending and shear deflections are included in one stiffness
term using Bernoulli/Euler beam theory and is discussed in more depth in the Chapter 4.

Stiffness testing of the beam/deck system was completed using the same four-point

bending set-up and span as the testing of the beam (Figures 3.5 and 3.6). The beam/deck
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system was tested with a deck-to-girder connection spacing of 1 ft, 2 ft, 3 ft, 4 ft, 6 ft, and 12
ft (0.30 m, 0.61 m, 0.91 m, 1.8 m, and 3.7 m) and with no deck-to-girder connections.
Several connection spacings were investigated to determine if there was an upper bound or
lower bound on the composite action that the connection provided. An upper bound would be
indicated by no further increase in stiffness when the connection spacing was decreased, and a
lower bound would be indicated by no further decrease in stiffness when the connection
spacing was increased.

As with the testing of the beam without the deck, deflections were measured at
midspan and the quarter-points. Axial strains were measured at midspan and at connection
locations one through three. (The connections were numbered from left-to-right as they
appear in Figure 3.8). The same strain gages that were used for the testing of the beam were
used at midspan, and three additional, similar sets of gages were placed at connection
locations one through three. Eleven stain gages were also placed every 2 in. across the top of
the deck at midspan, and four gages were placed on one side of the bottom of the deck at
midspan to investigate shear lag across the deck. The gage plan for the beam/deck system is
illustrated in Figure 3.8.

The system was loaded, several times, to achieve a deflection of 1 in. (25 mm) for
each of the connection spacings. The load that was required to achieve this deflection
depended on the spacing of the deck-to-girder connections. Load, strain, and deflection data
was recorded using the same computer and data acquisition system that was used for testing
the beam. In this case the bending modulus (E) was known from the testing of the beam and
the effective moment of inertia (I.¢r) was calculated. The effective moment of inertia was
determined for all the connection spacings.

Finally, the beam/deck system was tested to failure using a connection spacing of 1 ft
(0.30 m). This was done to determine if the partial “composite action” of the deck and girder
changed the failure mode of the beam and to investigate whether or not the partial “composite
action” would decrease at higher loads due to connection slip or deformation. It was known
from previous testing at Virginia Tech that the beams failed by delamination of the
compression flange. A connection spacing of 1 ft (0.30 m) was, therefore, chosen because it
provided the most “composite action” and the greatest reduction in the stress in the

compression flange and, hence, the greatest likelihood of a change in failure mode.
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3.1.2 Full Scale Connection

Once the small-scale testing had revealed that an increase in stiffness was possible
using this type of connection, full-scale testing with the 36 in. DWB and a transverse glue-
laminated deck was performed. The deck was composed of ten, 4 ft (1.2 m) long (in the
longitudinal direction of the beam, 5 ft (1.5 m) wide and 5/ in. (130 mm) thick panels. The
full-scale connection (Figures 3.9 and 3.10) consisted of two, 4 in. (102 mm) long, 6 in. x 4
in. x % in. (152 mm x 102 mm x 13 mm) angles connected to the deck on each side of the
beam with the long leg extending down from the deck. These angles were connected to the
long legs of two, 4 in. (102 mm) long, 7 in. X 4 in. X % in. (178 mm x 102 mm x 13 mm)
angles, connected to the web of the beam. Although % in. (13 mm) thick angles are
significantly heavier than what is required for the strength of the connection, they were
chosen because they were the thinnest angles readily available with 6 in. (152 mm) and 7 in.
(178 mm) legs. Also, thicker angles would result in less connection deformation under load
and provide a better chance at partial composite action.

As before, the first step was to determine the properties of the beam without the deck.
The beam was tested in four-point bending (Figure 3.11) similar to the small-scale connection
(no spreader beam was used), and in three-point bending (Figure 3.12). For both test
configurations the beam spanned 40 ft (12.2 m) and was simply supported on steel rollers.
For the four-point test, the loads were applied 12 ft (3.7 m) from each end with two separate
actuators and with lateral bracing placed at the load points, and for the three-point test, the
load was applied at midspan with lateral bracing also at midspan. Again, deflections were
measured at midspan and the quarter-points using string potentiometers, and strains were
measured at midspan. Three strain gages were placed across the top flange, five across the
bottom flange, and three in the web. Across the top flange, one gage was placed along the
beam centerline and the remaining gages were placed 6 in. (152 mm) on either side of that
gage; while, a similar set-up was used on the bottom flange, except the gages were spaced at 3
in. (76 mm) intervals. In the web, one gage was placed along the beam centerline and the
remaining gages were placed 9 in. (289 mm) above and below that gage. The gage plan is

illustrated in Figures 3.11 and 3.12.

29



For the four-point test, the beam was loaded to 90 kips, 45 kips per actuator (400 kN,
200 kN per actuator), and for the three-point test, the beam was loaded to 50 kips (222 kN).
These loads produced a moment at midspan of approximately /5 the proof load to which
VDOT wanted each beam in the bridge tested or 2 % times the service load moment of a
girder in the bridge. Both test configurations used 100 kip (445 kN) hydraulic actuators with
50 kip (222 kN) load cells. Load, strain, and deflection data were recorded using the same
data acquisition system and computer that were used for the small-scale connection testing.
As with the small-scale testing, this data was used to determine the effective bending stiffness
of the beam (E.s1). Again, the moment of inertia (I) of the beam was known and the effective
bending modulus (E.f) was determined. The effective bending stiffness was determined so
that bending and shear deflections are included in one stiffness term using Bernoulli/Euler
beam theory, and will be discussed in more depth in the Chapter 4.

The beam/deck system was tested in four-point bending (Figure 3.13) with three deck-
to-girder connections per deck panel, and in three-point bending for three and two
connections per deck panel (Figure 3.14). Simply removing the center connection from the
three connections per panel configuration created the two connections per panel
configuration. The beam/deck system was tested with both two and three connections per
panel to determine if the addition of a connection at the center of the panel provided enough
additional stiffness to warrant the construction effort of adding the third connection. The
four-point and three-point test set-ups, spans, and gage plans for the beam/deck testing were
the same as for the testing done on the beam alone (Figures 3.11 through 3.13) except that the
deck precluded the use of lateral bracing. The strains and deflections from these tests were
used along with the effective bending stiffness of the beam to determine the increase in
effective or apparent moment of inertia (I ) of the beam/deck system due to the various
connection configurations. The data was also used to determine the shift in the neutral axis

due to partial composite action between the beam and the deck.

3.2 Beam Testing

The testing of the beams for the Route 601 Bridge had three parts. First, eleven beams
were tested to verify that their bending and shear stiffness exceeded those values assumed in

the preliminary design. Second, the eleven beams were proof tested to a load equivalent to
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five times the service load, which lead to eight beams being chosen to be used in the bridge.
Third, one of the three beams not to be used in the bridge was tested to failure to estimate the
flexural strength of the beam, determine the failure mode for the beam, and determine the

residual stiffhess of the beam after failure.

3.2.1 Stiffness Testing

Eleven beams were tested to determine their bending stiffness (EI), shear stiffness
(kGA), and effective bending stiffness (E¢gl), to insure that these values exceed those
assumed in the preliminary design. The bending stiffness and shear stiffness were determined
through the application of Timoshenko shear deformable beam theory. The elastic modulus
in bending was determined using top and bottom flange strain data. Then, the shear stiffness
was determined so that the midspan deflection of the beam corresponded to the deflection
predicted by Timoshenko shear deformable beam theory. The effective bending stiffness,
however, was determined using Bernoulli/Euler beam theory and, as a result, accounts for
both bending and shear deformations with one stiffness term. The process and equations used
to determine these values is presented in Chapter 4.

A span of 39 ft (11.9 m) from center-of-bearing to center-of-bearing was chosen for
the testing to match the design span of the bridge, and the beam was supported on elastomeric
bearing pads (Figure 3.15) to simulate the end conditions that will be used in the actual
bridge. Elastomeric bearing pads provide boundary conditions similar to the steel rollers used
in the previous testing; the pad allows rotation through axial compression of the pad and it
allows longitudinal expansion and contraction of the beam through shear deformation of the
pad.

The beams were tested in four-point bending with the loads applied at the third-points,
using a spreader beam, with a similar gage plan to what was used for the full-scale beam/deck
testing. Lateral bracing was provided at the load points on both the spreader beam and the 36
in. DWB. String potentiometers were placed at midspan and at one of the quarter-points to
measure the deflections. A +2 in. (= 51 mm) Linear Variable Displacement Transformer
(LVDT) was also used at midspan for the stiffness test since it could be calibrated more
accurately and contained less signal noise than the string potentiometer. LVDT’s with a range

of = 1 in. (£ 25 mm) were also used at one of the supports to measure the bearing pad
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deformation so the net deflection of the girder could be determined. Seven, 350 ohm, % in.
(6.4 mm) axial strain gages were placed at midspan to determine the bending strains under
load. Three gages were placed on the top flange and the bottom flange, with one gage on the
beam centerline and the remaining gages 6 in. (152 mm) on either side of that gage, and one
gage was placed in the web along the beam centerline. An axial gage was also placed 3 ft
(914 mm) from the support to measure any axial forces induced in the beam by the bearing
pads, and a shear bridge (two axial gages placed at £45°) was placed 4 ft (1.2 m) form the
support. The gage plan and set-up is illustrated in Figure 3.16.

The beams were loaded to produce approximately 1 in (25 mm) of net deflection at
midspan, which corresponded to a load of 50 kips, 25 kips per load point, (222 kN, 111 kN
per load point). Load was applied using a 400 kip (1,780 kN) hydraulic actuator and a hand
pump with a four-way metering valve, and load was measured with a 200 kip (890 kN) steel
load cell. Strain, deflection, and load data were recorded using an Optim Electronics
MegaDAC 3108 AC dynamic data acquisition system connected to a personal computer with
and Intel Pentium Processor running Test Control Software (TCS+), which was also
developed by Optim electronics. Each beam was loaded three times, and the bending stiffness
(EI), shear stiffness (kGA), and effective bending stiffness (Ecs 1) were determined for each
load cycle for each beam.

An alternate method of determining EI and kGA that required varying the span length
of the beam was employed for two of the beams tested. These beams were tested at 39 ft, 36
ft, 33 ft, 30 ft, 27 ft, 24 ftand 21 ft (11.9 m, 11.0 m, 10.0 m, 9.1 m, 8.2 m, 7.3 m, and 6.4 m)
using the same set-up (four-point bending with load applied at the third-points) and procedure
as mentioned above. For each span, both the supports and the load points were moved so that
the loads were still applied at the third-points of the span. Again, strain, deflection, and load
data were collected using the MegaDAC 3108 AC and TCS+ software and a discussion of how
this data was used to determine EI and kGA is provided in Chapter 4.

3.2.2 Proof Testing

In this phase of testing, the eleven 36 in. DWB’s were tested spanning 39 ft (11.9 m)
using a four-point bending configuration with loads applied at the third-points, again using a

spreader beam, to a moment equivalent to five times the service load moment, as specified by
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VDOT. As with the stiffness testing, lateral braces were provided at the load points on both
the spreader beam and the 36 in. DWB. From the preliminary design discussed in Chapter 2,
the design moment for a single girder in the bridge was 197 kip-ft (267 kN-m). Therefore, it
was decided to test each beam to an applied load of 150 kips, 75 kips per load point (667 kN,
334 kN per load point), since this load produced a constant moment between the applied loads
of 975 kip-ft (1,322 kN-m) or approximately five times the service load moment. The same
set-up and gage plan that was used for the stiffness testing (Figure 3.16) was used for the

proof testing.

3.2.3 Failure Test

The final test performed was the loading of one of the beams to failure. To
accomplish this, the beam was again loaded in four-point bending, with a 39 ft (11.9 m) span,
similar to the stiffness testing. However, for this test, the load was applied with two separate
400 kip hydraulic actuators, and the load points were moved from 13 ft (4.0 m) from the ends
of the beam (the third-points) to 16.5 ft (5.0 m) from the ends of the beam. This increased the
induced moment for a given load and decreased the load and deflection needed to cause
failure of the beam. For this test, lateral braces were provided on both sides of the load points
for the 36 in. DWB.

Again, string potentiometers were used at midspan and one of the quarter-points to
measure deflections; however, two string potentiometers were placed on 3 ft (0.91 m) long
“outriggers” at midspan to measure any induced torque in the beam. Twelve, 350 ohm, / in.
strain gages were placed at midspan. Three gages were placed across the top and bottom
flange, as was done with the stiffness testing, one gage was placed on the bottom of the top
flange and one on the top of the bottom flange on either side of the beam, and one gage was
placed on either side of the web along the beam centerline. In addition, gages were placed on
the top and bottom of the top flange at the load points to investigate whether a change in
stiffness occurred at the load points prior to delamination of the compression flange. Finally,
nine sets of shear bridges (two gages oriented at + 45°), spaced at 3 in. (76 mm) intervals,
were placed under the load for another research project. The set-up and gage plan is

illustrated in Figure 3.17.
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After the beam was loaded to failure (delamination of the compression flange, not a
complete catastrophic failure), it was loaded again to determine the residual stiffness of the
beam. The beam was loaded three times to 48 kips, 24 kips per load point (214 kN, 107 kN
per load point), which produced a constant moment between the supports of 396 kip-ft (537
kN-m), or approximately two times the service load moment. The strain, deflection, and load
data were used to determine the bending stiffness (EI), shear stiffness (kGA), and effective

bending stiffness (EcsI) of the beam after delamination of the compression flange.
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3.3 Figures
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Figure 3.4 — Photo of Small-Scale Connection
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Figure 3.6 — Photo of Small-Scale Beam/Deck Set-Up
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Figure 3.13 — Photo of Three-Point Full-Scale Connection Testing
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Chapter 4: Analysis Procedures

The stiffness properties for the 36 in. DWB were determined and compared to the
properties assumed in the preliminary design to insure that the actual beam properties meet or
exceed the values used in the preliminary design. Also, the stiffness properties of the
beam/deck systems tested were determined to evaluate the stiffness increase provided by the
deck-to-girder connection. For the beam/deck system testing only the effective bending
stiffness (a value for EI that includes both bending and shear deflection) for each of the
connection configurations was determined. However, for the testing of the 36 in. DWB’s to
be used in the bridge, the bending stiffness (EI), shear stiffness (kGA), and effective bending

stiffness (E¢s]) were determined.

4.1 Beam/Deck System Testing

As was discussed in Chapter 3, a deck-to-girder connection was tested, in several
configurations, for a 4% in. (111 mm) FRP deck on an 8 in. DWB and for a 5% in. (130 mm)
glue-laminated timber deck on a 36 in. DWB. The goal of this testing was to determine the
increase in stiffness provided by various connection configurations and evaluate the
applicability of the connection for use in the Route 601 Bridge. Before this could be done, the
effective bending stiffness (EcgrI) of the 8 in. DWB and 36 in. DWB had to be determined.
The moment of inertia (I) of each DWB was determined from the geometry of the girders and
the effective modulus (Ec) was determined using Bernoulli/Euler beam theory.

Bernoulli/Euler beam theory does not account for shear deformation. In this beam
theory, cross-sections of the beam that are plane and normal to the longitudinal axis before
bending remain plane and normal to the longitudinal axis after bending. This fact can be
proven for uniform bending, (i.e. bending with no shear forces) but Bernoulli/Euler beam
theory extends this to non-uniform bending (i.e. bending with shear forces) (Gere and
Timoshenko, 1997). However, for the 8 in. and 36 in. DWB’s shear deformations are
significant. In fact, it will be shown in Chapter 6 that for the 36 in. DWB spanning 39 ft (11.9
m), shear deformation accounts for greater than ten percent of the total deflection of the beam.
Therefore, the value of the bending modulus determined using the Bernoulli/Euler beam
theory is not the true value, but instead, it is an effective value that combines both bending

stiffness (EI) and shear stiffness (kGA) into a single stiffness term. Bernoulli/Euler beam
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theory provides the following equation for midspan deflection of a simply supported beam

with a load applied at a distance “a” from one end:

_ Pa(3L* —4a”)
ms. A8 EI
where P = Load (kip)

E = Elastic Modulus (ksi)

I=Moment of Inertia (in*)
L = Length of beam (in)

a< I/} (in)

The 8 in. DWB was tested, simply supported, in four-point bending with concentrated
loads applied at the third points of the beam. Therefore, upon substitution of % for “a” and
Ecs for “E” (as stated above, when using Bernoulli/Euler beam theory E.¢ must be used in
place of E since shear deformations are ignored) into the preceding equation and upon

superposition of the deflections from the two applied loads, the deflection becomes:

_23pp

" G48E,, I

and upon solving for the effective modulus (Ecs), the effective modulus becomes:

_23PP
T 648IA

The effective modulus (E.fr) was determined at a midspan deflection of approximately 1 in.
(25 mm) with a corresponding load of approximately 5 kips (22 kN) per load point (P =5
kips).

The 36 in. DWB was tested, simply supported, spanning 40 ft (12.2 m), in four-point
bending with loads applied 12 ft (3.7 m) from each end of the beam, and in three-point
bending with the load applied at midspan. For the four-point set-up, upon substitution of 3%/,
for “a” and E¢ for “E” into the Bernoulli/Euler deflection equation and upon superposition of

the deflections for the two applied loads, the deflection becomes:
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33PL

and upon solving for E¢g, the effective modulus in four-point bending becomes:

_ 33p¢
" 10001A,,

For the three-point set-up, upon substitution of % for “a” and E.g for “E”, the midspan

deflection becomes:

PL
A m.s. =
48E,, I

and the effective modulus for the three-point set-up determined by solving this equation for

Ee and is:

__PD
7 48IA

m.s.

The effective modulus (E.sr) was determined at a load of 45 kips (200 kN) per load point for
the four-point bending set-up (P = 45 kips) and a load of 50 kips (222 kN) for the three-point
bending set-up (P = 50 kips). These loads were chosen because they produce a moment at
midspan of approximately 2 the proof load to which VDOT wanted each beam tested.

Once the effective modulus for each DWB was determined, it was used to determine
the effective moment of inertia for the beam/deck system for each of the connection
configurations tested. The effective moment of inertia for the beam/deck system was
determined using the effective elastic modulus of beam even though the elastic modulus of
the beam/deck system was not the same as the elastic modulus of beam. The elastic modulus
of the tubes in the deck is 900 ksi; the elastic modulus of the top plate of the deck is 1,800 ksi,
and the effective elastic modulus of the beam is 6,000 ksi. However, by using the effective
elastic modulus of the beam, the effective moment of inertia determined can be compared to
the moment of inertia of the beam/deck system calculated using a transformed section

analysis. The effective moment of inertia was determined in a manner similar to the effective
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modulus. The Bernoulli/Euler beam deflection equation was used with the appropriate values
for the test set-up, and the equation is solved for L.
For the testing of the 4% in. (111 mm) FRP deck on a 8 in. DWB, the effective

moment of inertia was determined using the following equation:

23PC

. =

As with the determination of the effective modulus of the 8 in. DWB, the effective moment of
inertia was determined for each connection configuration at approximately 1 in (25 mm) of
deflection. Therefore, the load at which the effective moment of inertia was determined
varied for each connection configuration.

For the testing of the 5% in. (130 mm) glue-laminated timber deck on a 36 in. DWB,
the effective moment of inertia was determined using the following equation for the four-

point set-up:

33PL

of. =
1000E,, A,

and the following equation for the three-point set-up:

PL’

[, =——
eff
48E€ﬁAmv

As with the determination of the effective modulus of the 36 in. DWB, the effective moment
of inertia of each connection configuration was determined at a load of 45 kips (200 kN) per
load point for the four-point set-up (P = 45 kips) and 50 kips for the three-point set-up (P = 50
kips).

4.2 Beam Testing

Eleven beams were tested, according to the procedures in Chapter 3, to verify that
their properties meet or exceed the values assumed in the preliminary design. The properties
that were determined for each beam were their bending stiffness (EI), shear stiffness (kGA),

and effective bending stiffness (E¢l).
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4.2.1 Beam Stiffness Properties

Bending stiffness (EI) is familiar to the civil engineers, and for the majority of civil
engineering materials and applications is the only material/geometric quantity needed to
characterize a beam’s deflection under transverse loads. Bernoulli/Euler beam theory,
discussed in the preceding section, characterizes materials and applications where shear
deformations are negligible and bending deformations dominate the materials response.
Concrete and steel demonstrate behavior that is consistent with Bernoulli’s theory when used
with the typical span-to-depth ratios of most infrastructure applications. However,
composites, when used over the same span-to-depth ratios do not exhibit behavior consistent
with Bernoulli/Euler beam theory. The reason for this is that shear deformations are no
longer negligible. Composites have a higher modular ratio (%) compared to that of
conventional infrastructure materials indicating that they have a reduced shear stiffness in
comparison to their bending stiffness resulting in greater shear deformations.

To account for this, Timoshenko’s shear deformable theory is used (Dym and Shames,
1973). The derivation of a beam deflection equation for a simply supported beam with a load
applied at a distance “a” from one end is given by Michael Hayes in “Characterization and
Modeling of a Fiber-Reinforced Polymeric Composite Structural Beam and Bridge Structure
for Use in the Tom’s Creek Bridge Rehabilitation Project,” (Hayes, 1998). The resulting

equation is:

Pa(3L2 —4q* ) Pa
= +
" 48 EI 2kGA
where P= Load (kip)

E = FElastic Modulus (ksi)
[ = Moment of Inertia (in*)
L = Length of beam (in)
kGA = Effective Shear Stiffness (ksi-in*)

a< '/} (in)
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The deflection is now composed of two terms. The first term is the Bernoulli/Euler deflection
term, which is the deflection due to bending of the beam, and the second term represents the
deflection due to shear deformation of the beam.

Just as EI represents the bending stiffness of the beam, kGA represents the shear
stiffness of the beam. In the term kGA, G is the shear modulus of the beam, A is the shear
area of the beam, and k is a correction factor that accounts for a non-uniform shear
distribution and depends on the geometry (shape) and the material properties of the beam. A
method of calculating the shear correction factor was determined by Cowper (1966) and the
application of this to thin-walled composite beams is discussed by Bank (1987). Since it is
difficult to determine the shear modulus (G) experimentally and it is difficult to estimate G
and k for a composite section, the stiffness term, kGA, is determined, experimentally, as a
single quantity.

Shear deflection for the 36 in. DWB accounts for 16 percent of the total deflection at
midspan if the conservative properties from the design are substituted into the deflection
equation from Timoshenko’s shear deformable beam theory for four-point loading with the

loads applied at the third points, as the beams were tested. This correlates to an additional %

in. (3.2 mm) of deflection at the service loads of the Route 601 Bridge, and changes the
deflection criterion from L/780 to L/650. In comparison, the shear deflection for a steel,
W36x135 with a span of 39 ft (11.9 m) (same span-to-depth ratio as the 36 in. DWB in the
Route 601 Bridge) is only 4 percent of the total deflection at midspan determined according to
Timoshenko’s shear deformable beam theory for the same loading configuration. This is only
an additional Y, in. (0.3 mm) of deflection at the service loads for the Route 601 Bridge,
which is negligible.

To compute the deflections for the W36x135, the properties of the beam were taken
from the Manual of Steel Construction: Load and Resistance Factor Design, Second Edition
published by the American Institute of Steel Construction (AISC,1998). The bending
stiffness (EL, E=29,000 ksi [200 GPa] and I = 7,800 in* [3.25 x 109 mm"]) was determined to
be 226 x 10° k-in? (650,000 kN-m?) and the shear stiffness (kGA, k=1, G=11,200 ksi [77
GPa], A =21.33 in” [13.8 x 10 m?]) was determined to be 239,000 ksi-in* (1.06 GPa-m?).

The shear stiffness for an I-beam is equivalent to the shear modulus times the area of the web
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if the web is assumed to carry all the shear in the beam (Sims, et. al., 1987); hence, k is taken

as onc.

4.2.2 Determination of EI and kGA

Two methods were used to determine EI and kGA, and the experimental procedure for
each is described in Chapter 3. The direct method was used on all eleven beams and
employed a single four-point test set-up with the beam spanning 39 ft (11.9 m) and the loads
applied at the third-points of the span. The slope-intercept method was used on two of the
eleven beams and used several four-point test set-ups ranging in span from 39 ft (11.9 m) to
21 ft (6.4 m) with the loads applied at the third-points of the span for each set-up. This
method was not used for all the beams because it required significantly more time to
complete, since it required testing at several spans, and it gave questionable results. The
results for EI were inconsistent with the strains measured at midspan and the results for kGA

were inconsistent with the direct method as will be discussed in Chapter 6.

4.2.2.1 The Direct Method for Determining EI and kGA

For the direct method, the elastic modulus (E) was determined using top and bottom
flange strain data collected at midspan, and the shear stiffness (kGA) was determined using
the midspan deflection. A four-point test set-up was used so that a region of no shear would
exist between the load points. In this region, the strains measured through the depth of the
beam are the result of bending only. This allowed the strain measured at midspan to be used
to determine the elastic modulus (E) of the beam according to the following equation:

Mc

E=—
le

where M = Moment (k - in)
¢ = Centroidal Distance (in)
I = Moment of Inertia (in*)

& = Top or Bottom Flange Strain (in./in.)

Once the elastic modulus was known, the deflection data was used to determine the

shear stiffness (kGA). Upon substituting the geometry of the set-up (“a” = %) into the
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Timoshenko shear deformable beam deflection equation, and superimposing the results for

the two loads, the midspan deflection of the beam becomes:

_23PL L _PL
ms A8 EI - 3kGA

Everything is now known, except kGA, so the above equation is solved for kGA and is:

PL

_23pr
" 648El

kGA: {

The given equations for determining the bending modulus and the shear stiffness were then

used to generate plots of the bending modulus and the shear stiffness versus load.

4.2.2.2 Slope-Intercept Method for Determining EI and kGA

The slope-intercept method used deflection data from testing seven different spans in
four-point bending with the loads applied at the third-points. As discussed in Chapter 3, the
beams were tested at spans of 39 ft, 36 ft, 33 ft, 30 ft, 27 ft, 24 ft, and 21 ft (11.9 m, 11.0 m,
10.1 m, 9.1 m, 8.2 m, 7.3 m, and 6.4 m). Dividing both sides of the equation for the
deflection of a shear deformable beam loaded in four-point bending with loads applied at the

third-points by PL’ gives:

Am.s. _ 23 +( 1 )L
PL’  648EI \3kG4) I

m.s

. . . . A
This produces an equation with the form for a line where y = PL‘; , the slope,

1 1 23 A 1
= , X =—, and the y-intercept, b = ——— . Therefore, by plottin L yersus —
"TGea T Y P O = 4l Y PIOTHRE Tppy VORI

and fitting the data with a straight line (Figure 4.1.), the elastic modulus (E) and shear

stiffness (kGA) can be determined simultaneously. The elastic modulus is proportional to the

intercept (b) of the fitted line and is given by:

23

E=
6481b
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The shear stiffness is proportional to the slope (m) of the fitted line and is given by:

kGA = ——
3m

A
The average value of P’]? was determined for loads between 20 and 40 kips (89 kN — 178

kN), a range of loads 10 kips (45 kN) above and below the load that induces the service
moment in the beam, for each span. These values for each span were then plotted versus the
inverse of the span squared and the bending stiffness and shear stiffness for each beam was

determined using linear regression.

4.2.3 Determination of E.¢ for the 36 in. DWB

Once the bending modulus and shear stiffness were determined for each beam, they
were used to calculate the effective bending modulus. Again, the effective bending modulus
was determined by using the Bernoulli/Euler beam theory. However, unlike with the
beam/deck testing, the calculated values for the bending modulus and shear stiffness were
used instead of the measured deflection and load data. To determine the effective bending
modulus, the deflection of the beam was determined for a unit load using the Timoshenko
shear deformable deflection equation and the calculated bending modulus and shear stiffness,

and this value was set equal to the Bernoulli/Euler deflection as follows:

23PL  _PL __23PL
648El ' 3kGA 648E,, I

The resulting equation was solved for the effective bending to yield:

- 231
- 23 L 2161L
E kGA
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4.3 Figures
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Figure 4.1 — Slope-Intercept Method for Determining EI and kGA
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Chapter 5: Effectiveness of Deck-to-Girder Connection

As was discussed in Chapters 3 and 4, two variations of a deck-to-girder connection
were investigated. The deck-to-girder connection was designed to allow the bridge deck to be
attached to the girder web rather than the girder flange. This is important with FRP girders,
especially the 8 in. and 36 in. DWB, since any holes in the compression flange would result in
premature delamination of the flange due to stress concentrations and free-edge effects at the
hole locations. Experience with the 8 in. DWB used in the Tom’s Creek Bridge shows that
the beam fails by delamination of the compression flange, and, as will be discussed in Chapter
6, the 36 in. DWB fails in a similar manner, therefore, any holes placed in the compression

flange of these beams would result in a significant reduction in the capacity of the beam.

5.1 Overview of Composite Action

The primary objective of the deck-to-girder connection is to provide partial composite
action between the girder and the deck and to resist any uplift of the deck. Composite action
is desired to increase the stiffness of the girder/deck system, since, as was discussed in
Chapter 2, the design of the Route 601 Bridge, as well as the design of the majority of bridges
with FRP girders, is deflection controlled. Furthermore, composite action results in a
decrease in the strain in the compression flange of the beam as the neutral axis of the system
is shifted above the neutral axis of the beam and compression is transferred to the deck. This
results in a theoretical increase in the strength of the beam by allowing more load to be
applied before the delamination strain is reached in the compression flange.

For full composite action to be achieved, the deck and girder must act as a single unit,
i.e., there must be no longitudinal slip at the deck-to-girder interface under load. Full
composite action results in a linear strain distribution through the beam and the deck, which
means that the strain at the top of the compression flange of the beam matches the strain in the
bottom of the deck. With the bolted deck-to-girder connection investigated for the Route 601
Bridge, some slip between the deck and girder is inevitable due to connection slip and
connection deformation, therefore only partial composite action was expected. Partial
composite action results in a bilinear strain distribution through the beam and the deck (linear
strain through the deck and linear strain through the beam) with a discontinuity in the strain

distribution at the deck-to-girder interface. However, the neutral axis of the girder is shifted
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up from the centroid of the girder, and the strain in the compression flange is reduced over
what that strain would be without partial composite action.

The amount of composite action for various connection configurations for the 8 in.
DWB with an FRP deck and the 36 in. DWB with a transverse glue-laminated timber deck
was investigated. The amount of partial composite action was determined using several
criteria. The reduction is compression flange strain, the strain mismatch between the
compression flange of the girder and the bottom of the deck, the shift in the neutral axis of the
beam, and the increase in effective stiffness were all investigated for the 8 in. DWB and FRP
deck testing. For the 36 in. DWB and transverse glue-laminated timber deck testing, all of
these parameters were investigated except for the strain mismatch between the compression
flange of the beam and the bottom of the deck. This parameter could not be investigated since

stain data for the timber deck was not collected.

5.2 8 in. DWB with FRP Deck

As was mentioned in Chapter 3, the small-scale connection (Figures 3.3 and 3.4) was
tested with a connection spacing of 1 ft, 2 ft, 3 ft, 4 ft, 6 ft, and 12 ft (0.30 m, 0.61 m, 0.91 m,
1.2 m, 1.8 m, and 3.7 m). The primary objective of this testing was to determine if this
connection was successful in creating partial composite action between the deck and the
hybrid composite girder, and, if so, to determine the increase in stiffness of the girder/deck
system as a result of this partial composite action. So that the amount of partial composite
action for each connection configuration could be determined the beam was also tested
without the deck and the beam/deck system was tested with no deck to girder connections (no
composite action). Finally, the beam was tested to failure with a connection spacing of 1 ft
(0.30 m) to determine if the reduction in compression flange strain due to the deck-to-girder

connection increased the strength of the beam or changed the failure mode.

5.2.1 Stiffness Testing of Various Connection Configurations

Table 5.1 shows the various connection configurations and their respective effective
moments of inertia determined using the analysis procedures outlined in Chapter 4 and a
minimum of three load tests for each connection configuration. Table 5.1 also gives the

effective modulus of the girder that was used to determine the effective moments of inertia for
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each configuration. The effective moment of inertia is a direct measure of the bending
stiffness (EI) of the system since the effective modulus is held constant in the analysis for all
the connection configurations. As can be seen from Table 5.1, the increase in L due to the
various connection configurations over the girder/deck system with no deck-to-girder
connections varies from 33 percent for a connection spacing of 1 ft to 11 percent for a
connection spacing of 12 ft, and the increase in I.¢ over the girder without the deck varies
from 36 percent for a 1 ft connection spacing to 2.3 percent for no deck-to-girder connections.
For full composite action the effective moment of inertia was calculated to be 321 in using a
transformed section analysis and conservative moduli for the components of the deck (900 ksi
for the tubes and 1800 ksi for the top plate). This is an increase in I of 145 percent over the
L of the beam/deck system with no deck to girder connections and an increase of 151
percent over the ¢ of the girder.

In general, as the connection spacing was increased, L.¢, and the corresponding
bending stiffness of the girder/deck system decreased as seen in Table 5.1 and Figure 5.1,
which shows the load versus deflection curves for each connection configuration. The full
composite action curve shown in Figure 5.1 is the theoretical value determined from a
transformed section analysis. Noting that the connection spacings of 6 ft and 12 ft have the
same stiffness (El.¢) and almost identical load versus deflection curves, a lower limit on
partial composite action seems to be reached at a connection spacing of 6 ft. Therefore,
decreasing the connection spacing from 12 ft has no effect on the overall bending stiffness of
the system until that spacing is reduced to a value less that 6 ft. This point is illustrated in
Figure 5.2, which shows a plot of the effective moment of inertia of the girder/deck system
versus the connection spacing

Another indication that some composite action was being achieved is the shift in the
neutral axis location for the girder and the corresponding decrease in the compressive strain in
the top flange. Table 5.2 shows the average girder neutral axis location, measured from the
bottom of the girder, as well as the upward shift in the neutral axis for a minimum of three
load tests for each of the various connection configurations. Table 5.3 shows the average
maximum compressive strain in the girder for a minimum of three load tests for each of the
connection configurations as well as the percent decrease in compressive strain in top flange

compared to the girder/deck system with no deck-to-girder connections and the girder without
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the deck. The strain distributions through the girder used to determine the neutral axis
location along with the top flange compressive strain for each connection configuration are
shown in Figures 5.3 through 5.10. An upward shift in the neutral axis and decrease in top
flange compressive strain indicates that some composite action was occurring as some
compression was transferred to the deck. The larger the shift in the neutral axis and the
greater the decrease in top flange compressive strain, the greater the amount of composite
action.

In general, as the connection spacing was increased, the shift in the neutral axis
decreased and the compressive strain in the top flange of the girder increased. These trends
are shown in Tables 5.2 and 5.3 and in Figure 5.11, which shows an overlaid plot of the strain
distributions for the various connection configurations. The greatest shift in the neutral axis,
and therefore, the lowest top flange compressive strain, is for a connection spacing of 1 ft,
confirming what was seen with the effective moment of inertia calculations, that this spacing
produced the greatest amount of composite action. It is also interesting to note here that, as
was seen with the effective moments of inertia, a connection spacing of 6 ft produced the
same neutral axis shift and top flange compressive strain as a connection spacing of 12 ft,
indicating again that a lower limit on the composite action provided by the connection for the
spacings tested was reached at a spacing of 6 ft.

The final parameter investigated for the small-scale connection testing to determine
the relative amount of partial composite action for the various connection configurations was
the strain discontinuity between the top flange of the girder and the bottom of the deck. As
was discussed earlier, if full or complete composite action is achieved the strain distribution is
linear through the girder and the deck and the strain in the top flange of the girder must
therefore match the strain in the bottom of the deck. For the connection configurations tested,
there was significantly more compression in the top flange of girder than in the bottom of the
deck, as shown in Figure 5.11. In fact, in many of the connection configurations the bottom
of the deck was in tension indicating that only a small amount of composite action was
occurring.

This discontinuity in strain between the girder and the deck was averaged for a
minimum of three load tests for each connection configuration and is given in Table 5.3. A

larger discontinuity in strain indicates that more slip occurred between the deck and the
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girder, and therefore, less composite action was achieved. The strain discontinuity increased,
as it should, when the connection spacing was increased indicating again that a closer
connection spacing resulted in more composite action.

The strain across the deck was also investigated to determine if there was any shear
lag across the deck when using this deck-to-girder connection. The strain across the top of the
deck for all the connection configurations tested is shown in Figure 5.12. In each case, the
strain across the top and bottom of the deck shows no shear lag. Shear lag would be indicated
by less compressive strain away from the connection lines (outside of —5 in. and 5 in.) and
more compressive strain at and between the connection lines (-5 in. to 5 in.). This trend is not
shown across the top or bottom flange for any of the connection configurations investigated.
This lack of shear lag indicates that the connection is capable of involving the complete 2 ft
(0.61 m) wide deck used in the testing in partial composite action.

In conclusion, the deck-to-girder connection investigated was shown to provide some
composite action between the beam and the deck resulting in an increase in I.¢ of 11 percent
to 33 percent over the beam/deck system with no deck-to-girder connections. This composite
action was shown to increase as the connection spacing decreased from 6 ft to 1 ft (1.8 m to
0.3 m), as evidenced by the effective moment of inertia of the beam/deck system, the neutral
axis shift, and decrease in compression flange strain for the various connection
configurations. However, an increase in the connection spacing from 6 ft to 12 ft produced no
further loss in composite action indicating that a lower bound on composite action for this

connection and span was reach at a spacing of 6 ft.

5.2.2 Failure of Beam/Deck System with a Connection Spacing of 1 ft

Once the connection had been shown to produce some composite action for the
various connection configurations, the beam/deck system was loaded to failure with a 1 ft
connection spacing. The beam was loaded to failure to investigate whether or not the
decrease in compression flange strain was enough to change the failure mode of the beam.
The typical failure mode of the beam is delamination of the compression flange at a strain of
approximately 6,000 microstrain (Hayes, 1998). For the 8 in. DWB used in the small-scale
connection testing (E = 6,300 ksi, bending modulus not effective bending modulus), 6,000

microstrain corresponds to a moment of approximately 100 k-ft (136 kN-m). Recalling that
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the beam was tested in four-point bending spanning 14 ft (4.3 m) with the loads at the third-
points, this moment corresponds to a failure load of approximately 43 kips or 21.5 kips per
load point (191 kN, 95.5 kN per load point).

The total load applied to the beam at failure was approximately 46 kips (205 kN), as
seen in Figure 5.13, which shows the load versus deflection plot for the beam to failure and
the load versus deflection plot of the beam upon repeated loading after failure. This
represents an increase of seven percent over the failure load of a typical 8 in. DWB with no
deck. However, since only one failure test with the deck was performed this increase in
strength cannot be characterized as statistically significant. Furthermore, after a total applied
load of 20 to 25 kips (89 to 111 kN) the amount of composite action provided by the
connection decreased. This is illustrated by the declining slope of the load-deflection curve of
Figure 5.13, indicating that the overall stiffness of the beam was decreasing. This decrease in
stiffness was most likely caused by slip of the bolted connection when enough horizontal
shear was being transferred to overcome the fiction between the connected members. Due to
the decrease in composite action, the failure mode of the beam did not change from what was
seen in previous testing of the 8 in. DWB; the beam failed due to delamination of the top
flange. It is interesting to note that although the compression flange delaminated, the beam
continued to carry load at an overall stiffness of approximately 75 percent of the pre-failure
stiffness as shown in Figure 5.13. Therefore, the failure of the beam is not catastrophic, and a
measure of safety exists even after a beam has failed.

In conclusion, the deck-to-girder connection was shown to increase the strength of the
beam/deck system as much as seven percent over the beam alone, while leaving the failure
mode of the beam unchanged, and after failure, (compression flange delamination) the beam

continued to carry load at 75 percent of its pre-failure stiffness.

5.3 36 in. DWB with Glue-Laminated Timber Deck

Once small-scale testing with the 8 in. DWB indicated that the bolted deck-to-girder
connection was capable of creating some composite action, a full-scale version of the
connection that would be used in the bridge (Figures 3.9 and 3.10) was tested. As was
discussed in Chapters 3 and 4, this connection was tested using the 36 in. DWB and a glue-

laminated timber deck made up of 4 ft long (measured in the longitudinal direction of the
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beam), 5 ft wide (measured transverse to the beam), and 5% in. deep panels with two and
three connections per panel (Figure 3.14). Also, as with the 8 in. DWB, the beam was tested
without the deck and the beam/deck system was tested with no deck-to-girder connections to
determine a baseline so that the amount of composite action for the two connection schemes
could be determined.

As discussed in Chapters 3 and 4, the beam without the deck and the beam/deck
system with three connections per panel were tested in four-point bending. The connection
configuration of three connections per panel was tested first because it was estimated that this
connection configuration would result in the best balance between construction effort and
composite action. As shown in Table 5.4, upon averaging a minimum of three load tests, the
effective moment of inertia was determined for the beam/deck system with three connections
per panel to be 15,990 in versus a calculated moment of inertia for the 36 in. DWB of 15,291
in*. This is an increase in L of only 4.6 percent and the resulting stiffness increase is
illustrated with the load versus deflection plots in Figure 5.14. The deflection between the
beam and the beam/deck system does not vary greatly, as shown in Figure 5.14 and does not
approach the theoretical curve for full composite action. This small increase compared to the
theoretical full composite action increase of 88 percent, calculated using a transformed section
analysis and conservative a modulus for the deck (950 ksi), indicated that little composite
action was occurring between the beam and the deck. The small amount of composite action
produced by the connection in the full-scale test compared to the small-scale test is attributed
the poor bearing capacity of the deck. After several tests were completed it was noticed that
the holes through the deck had become enlarged due to bearing with the bolts as horizontal
shear was transferred between the girder and the deck. This enlargement of the holes allowed
a significant amount of slip to occur between the girder and the deck, and therefore composite
action was lost. This enlargement of the holes through the deck also represents a problem
upon repeated applications of load in a bridge structure. Under load it was noticed that the
panels shifted apart due to the enlargement of the holes in the deck. When the load was
removed, the panels remained separated and upon application of load again, the deck panels
had to shift back in contact with each other before the connection would bear on the deck and

transfer horizontal shear. Therefore, in a bridge structure, if an overweight vehicle were to
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stress the connection and open a gap between the panels that a vehicle of typical weight could
not close, little, if any, composite action would take place under normal loads on the bridge.

Even though the increase in stiffness was small, the shift in the neutral axis
(determined in Figures 5.15 and 5.16 and illustrated in Figure 5.17) and the decrease in
compressive strain in the top flange of the girder (seen in Table 5.5) do indicate that some
composite action occurred. The neutral axis shifted upward an average of 0.26 in. and the
compression flange strain decreased an average of 14 percent. The decrease in compression
flange strain may increase the capacity of the beam if the connection can maintain some
composite action until the top flange reaches its delamination strain. However, because the
bearing capacity of the deck is low, it is unlikely that composite action would remain
significant at failure loads, and since the service loads on the girders in the Route 601 Bridge
are far below the capacity of the 36 in. DWB, as will be discussed in Chapter 6, this was not
investigated.

The final testing of the full-scale connection was to test the beam/deck system in
three-point bending with three connections per panel, two connections per panel, and no deck-
to-girder connections. Again, each configuration was tested a minimum of three times and
the results presented are averages of those tests. For this testing only the effective moment of
inertia was determined for each configuration, and the results are presented in Table 5.6. As
the connections per panel were increased, the effective moment of inertia (L. ) of the
beam/deck system decreased, indicating a decrease in overall stiffness, as shown in Table 5.6
and Figure 5.18. The maximum effect of the deck-to-girder connections was for three
connections per panel and resulted in an increase in the effective moment of inertia of 2.4
percent over the effective moment of inertia with no deck-to-girder connections and 4.0
percent over the moment of inertia of the girder. Two connections per panel resulted in an
increase in I of 2.0 percent over the girder and virtually the same L. as the beam/deck
system with no deck-to-girder connections. Again, the load versus deflection curves for the
connection spacings tested did not approached the curve that represents theoretical full
composite action.

In conclusion, although the deck-to-girder connection was shown to provide a
significant amount of composite action (11 to 145 percent increase in L) for the 8 in. DWB

and the composite deck, the connection provided much less composite action for the 36 in.
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DWRB and timber deck. The deck-to-girder connection provided only a 0.4 to 2.4 percent
increase in I over the beam/deck system with no connections. This lack of composite action
is attributed to the poor bearing capacity of the deck. The bolts through the deck produced
significant bearing deformations in the deck creating slip between the deck and the girder
resulting in lost composite action and allowing the deck panels to shift apart.

The preliminary design of the Route 601 Bridge did not assume any composite action
between the deck and the girders, and therefore, the deflection criterion determined for the
bridge is not affected by the lack of composite action. Since the deck-to-girder connection
was shown to produce little composite action, the primary objective of the connection in the
completed bridge, is to resist uplift forces between the deck and the girders and to provide a
connection between the glue-laminated panels. Only two connections per deck panel are
required to resist the uplift forces determined from the finite difference model (2 kips per deck
panel), and since testing showed that the glue-laminated panels tended to shift apart under
load, it was decided to place the deck-to-girder connections across the panel joints, as seen in
Figure 5.19. This placement serves to more effectively tie the deck panels together and to

limit the relative slip of the panels.
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5.4 Tables and Figures

Connection | % Incr. Over % Incr. Over
Configuration (in4) No Connections No Deck
Full Comp. Action 3217 145% 151%
1 ft Spacing 174 33% 36%
2 ft Spacing 158 21% 23%
3 ft Spacing 154 18% 20%
4 ft Spacing 152 16% 19%
6 ft Spacing 145 11% 13%
12 ft Spacing 145 11% 13%
No Connections 131 0% 2.3%
No Deck 128" - 0%

Eefﬁ = 6,000 ksi

* - Value was calculated, not measured

+ - Full composite action was determined for an E of the tubes in the
deck of 900 ksi and an E for the top plate of the deck of 1,800 ksi using
a transformed section analysis.

Table 5.1 — Small-Scale Connection L,

Girder N.é. N.A. shift over |N.A. shift over
Connection Location No Connections No Deck
Configuration (in.) (in.) (in.)

1 ft Spacing 4.53 0.59 0.63

2 ft Spacing 4.28 0.34 0.38

3 ft Spacing 4.18 0.24 0.28

4 ft Spacing 4.16 0.22 0.26

6 ft Spacing 4.10 0.16 0.20

12 ft Spacing 4.10 0.16 0.20
No Connections 3.94 0 0.04

No Deck 3.90 -- 0

Eefﬁ = 6,000 ksi
* - Measured from the bottom of the beam

Table 5.2 — Small-Scale Connection Neutral Axis Locations
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Max. Girder Strain
Connection | Comp. Strain| % Decr. Over |% Decr. Over| Mismatch
Configuration (ue) No Connections| No Deck (ue)
1 ft Spacing -890 39% 39% 840
2 ft Spacing -1063 27% 27% 1070
3 ft Spacing -1124 23% 23% 1160
4 ft Spacing -1200 17% 18% 1200
6 ft Spacing -1219 16% 17%
12 ft Spacing -1219 16% 17% -
No Connections -1450 0% 1.0% 1550
No Deck -1464 -- 0%
Eeff_ = 6,000 ksi
* - No Data Available

Table 5.3 — Small Connection Girder Compressive Strains

Connection Letr. % Incr. Over
Configuration (in4) No Deck
Full Comp. Action| 28,800 88%
3 per Panel 15,991 4.6%
No Deck 15,2917 0%

Eefﬁ = 5,750 ksi

* - Value was calculated, not measured

+ - Full composite action determined for a modular
ratio between the beam and the deck of 6 using a
transformed section analysis.

(n = 6 is conservative, actual value 4.1 to 5.8)

Table 5.4 — Full-Scale 4-pt. Testing L.

Connection |Girder N.A.| N.A. shift over | Max. Girder | % Decr. Over
Location” No Deck Comp. Strain
Configuration (in.) (in.) (ue) No Deck
3 per Panel 0.10 0.26 -1130 14%
No Deck -0.16 0 -1320 0%

Eeff_ = 5,750 ksi

* - Measured from mid-height of the beam (18 in. from the bottom of the beam)
(+) is up and (-) is down

Table 5.5 — Full-Scale 4-pt. Testing N.A. Locations and Girder Compressive Strains
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Connection Ter, % Incr. Over % Incr. Over
Configuration (in4) No Connections No Deck
100% Comp. 28,800 85.4% 88.3%
Action
3 per Panel 15,909 2.4% 4.0%
2 per Panel 15,597 0.4% 2.0%
No Connections 15,536 0% 1.6%
No Deck 15291 - 0%

Eeff_ = 5,800 ksi

* - Value was calculated, not measured

+ - Full composite action determined for a modular ratio between the
beam and the deck of 6 using a transformed section analysis

(n = 6 is conservative, actual value 4.1 to 5.8)

Table 5.6 — Full-Scale 3-pt. Testing L.

Load (k)
»

Note: 12 ft spacing was omitted because its plot was

indistinguishable from the 6 ft spacing

Figure 5.1 —Load-Deflection Plots for 8 in. DWB Beam/Deck Testing
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Chapter 6: Beam Testing Results and Discussion

The beam testing for the Route 601 Bridge consisted of three parts, as discussed in
Chapter 3. The first two parts involved testing eleven beams to determine their elastic
modulus in bending, shear stiffness and effective elastic modulus in bending (E, kGA, and
E.sr) and then proof testing the same eleven beams to a load that produced a moment in the
beam equal to five times the service load moment for the Route 601 Bridge (197 k-ft). The
third part of the beam testing was to test one of the eleven beams to failure to determine the

capacity, failure mode, and post-failure stiffness of the 36 in. DWB.

6.1 Stiffness Testing

Eleven beams, chosen by Strongwell Corporation, were tested to determine their
elastic modulus in bending (E), shear stiffness (kGA), and effective elastic modulus in
bending (Ecs). The goal of this testing was to insure that the stiffness properties of the beams
meet or exceed the conservative values assumed in the design of the Route 601 Bridge and to
choose eight of the eleven beams to be used in the Route 601 Bridge. As discussed in Chapter
2, the design values are an elastic modulus in bending (E) of 6,000 ksi (41.4 GPa), a shear
stiffness (kGA) of 20,000 ksi-in” (89.0 Mpa-m?), and an effective elastic modulus in bending
(Eetr) of 5,000 ksi (34.5 GPa).

The structural properties of all the beams were determined according to the direct
method described in Chapter 4, and several plots were created for each beam. Plots of load
versus midspan deflection and E and kGA versus load were generated for each load test. A
typical load versus deflection plot is shown in Figure 6.1; a typical E and kGA versus load
plot is shown in Figure 6.2, and the E and kGA values for each beam are shown in Table 6.1.
The values of E and kGA reported in Table 6.1 are the average values taken between 20 kips
and 40 kips or 10 kips to 20 kips per load point (89 kN to 178 kN, 45 kN to 89 kN per load
point) for a minimum of three loads tests for each beam. The values of E and kGA for each
load test are presented in Appendix A. This load range was chosen because a load of 30 kips,
15 kips per load point (133 kN, 67 kN per load point) produced a moment equivalent to the
service load moment of 197 k-ft (267 kN-m).

The shear stiffness (kGA) appears to have increased considerably as the beam was

loaded, as shown in Figure 6.2. This, along with a slightly increasing slope of the load versus
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deflection curve in Figure 6.1, indicates that the beam was stiffening as it was loaded.
However, Timoshenko shear deformable beam theory, discussed in Chapter 4, states that kGA
is a material and geometric property and should, therefore, remain constant, and the overall
load versus deflection curve should be linear. The total midspan deflection in Timoshenko
deformable beam theory is the sum of a bending deflection that is linear with respect to load
and a shear deflection that is linear with respect to load and, therefore, should be linear with
respect to load itself. This behavior of increasing shear stiffness with load is currently
unexplained. This behavior may be a result of the application of Timoshenko shear
deformable beam theory to the 36 in. DWB. Timoshenko shear deformable beam theory
accounts for shear deformations, but in a simple manner, and a more complex shear
deformation theory may be needed to better predict the behavior of the 36 in. DWB.
However, for the application of this beam to bridge design this variation in shear stiffness is
not critical. In some tests the shear stiffness varied as much as 50 percent, however, this
variation results in a variation in deflection of only 5 percent. Furthermore, since the values
of shear stiffness were determined around the service load and kGA increases for higher
loads, the values used in the design of the bridge are conservative for an overload of the
bridge. And although the values are unconservative for lower loads, the total deflection at
these loads is not more than at the service load and does not, therefore, control the design.

As can be seen from Table 6.1, the elastic modulus in bending for the beams varies
from a low of 5,880 ksi for beam #23 to a high of 6,590 ksi for beam #4 and beam #5. The
shear stiffness varies from a low of 23,050 kis-in® for beam #8 to a high of 34,120 ksi-in” for
beam #10, and the effective modulus in bending varies from a low of 5,210 ksi for beam #19
to a high of 5,620 ksi for beam #4. Although beam #23 exhibited an elastic modulus two
percent below the design value, the beam was not eliminated from consideration for use in the
Route 601 Bridge because the shear stiffness, which is 54 percent above the design value,
when combined with the elastic modulus in bending produces an effective modulus that is
four percent above the design value. Since the effective modulus accounts for both shear and
bending deflections, the beam will exhibit deflections that are four percent above the
deflections predicted by the design. For all other beams, the shear stiffness and elastic
modulus were above the design limits and no beams were eliminated from consideration for

use in the bridge on this basis (E, kGA, or Es).
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The slope-intercept method of determining EI and kGA was investigated using the

first two beams tested, beam #8 and beam #10, and the issue of the beam stiffening with load

m.s.

. : : : : A
is compounded when using this method. The slope-intercept method relies on a plot of L

m.s

1 A
Versus 7 to determine EI and kGA of the beam. For a given span, PL“3. should be constant.

However, this term varies considerably with load, as seen in Figure 6.3, since the deflection

and the load are not related in a perfectly linear manner. It was decided to use the average

m.s.

= over the same load range used in the direct method to determine E and kGA (20-40

kips). These were averaged for a minimum of two load tests at each span and are the values
plotted in Figures 6.4 and 6.5 showing the linear curve fit used to determine EI and kGA for
each beam.

A comparison of the shear stiffness and elastic modulus from the direct method and
the slope-intercept method for the two beams is shown in Table 6.2. The slope-intercept
method over-predicts the elastic modulus and under-predicts the shear stiffness of both beams
when compared to the direct method. The slope-intercept method predicts the effective
elastic modulus accurately for beam #8 but under-predicts the effective modulus for beam #6
when compared to the direct method. The direct method uses strain data from a shear free
region of the beam to determine the elastic modulus and the slope-intercept method relies
only on deflection data. The strain gages were easily calibrated to less than one percent error
and had noise of less than five microstrain; however, the string potentiometers and LVDT’s
were calibrated to only to 1-1% percent error with a noise of 4o in. This, along with the
problems of the slope-intercept method discussed earlier, means that the direct method for
calculating the modulus was determined to be more accurate and was used for the remainder
of the beams. Also, since the direct method involves only testing the beams with the same
span as the Route 601 Bridge, it was determined that evaluating the beams at this span only
would result in the best evaluation of how the beams will behave in service in the Route 601

Bridge.
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6.2 Proof Testing

The Route 601 Bridge represents the first application of Strongwell’s 36 in. DWB,
therefore, the capacity, and failure mode of the beam are not known. Furthermore, little
environmental degradation and fatigue information is available. Therefore, for safety
concerns VDOT mandated that each of the 36 in. DWB’s to be used in the Route 601 Bridge
be tested to a moment equivalent to five times the service load moment. For bridges built
with conventional materials, safety factors are approximately two. Therefore, testing to a
safety factor of five is significantly more than would be typically required and may relieve
concerns about the unknown durability of the beams. For the Route 601 Bridge, this meant
testing each beam to 985 k-ft (1,356 kN-m) or a total applied load of approximately 150 kips
(see Appendix B for the compression flange strains from each test). Chapter 3 details the
procedure used to test the eleven 36 in. DWB’s investigated for use in the Route 601 Bridge.

Three beams were eliminated from consideration for use in the Route 601 Bridge
based on this testing. Each of these three beams showed visual flaws due to processing,
storage, or handling errors. Beam #6 and beam #13 contained resin rich and fiber rich areas
indicating a possible error during processing. In both beams a dry, fiber rich area began
emitting audible distress; for beam #6 these sounds came at an applied load of 150 kips (667
kN) and for beam #13 these sounds came at an applied load of 136 kips (605 kN). Upon re-
evaluation of the fiber rich and resin rich areas after loading, no additional distress could be
determined visually. The fiber rich and resin rich areas did not seem to grow nor did any
surface cracks appear or grow. No evidence of distress appeared in the deflection or strain
data for the beams either. The load versus deflection curve for beam #6 for the test during
which the audible distress was heard is shown in Figure 6.6 and the load versus strain plot for
the same test is shown in Figure 6.7. The same plots for beam #13 are shown in Figures 6.8
and 6.9. These plots indicate nearly linear-elastic behavior with no appreciable change in
stiffness throughout the testing. Even though small audible emissions were the only signs of
distress for these two beams, and both beams demonstrated the ability to carry in excess of
four times the service load before this occurred, the beams were eliminated from
consideration for use in the Route 601 Bridge because eight beams that did not have resin or
fiber rich regions were proof tested to five times the service load without producing audible

distress.
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The third beam that was eliminated from consideration was beam #5. The beam was
severely blistered across the top flange as shown in Figure 6.10. Upon reaching a load of
approximately 70 kips (311 kN), one of the blisters began to grow as evidenced by one of the
top flange strain gages. Load and strain were linearly related for loads up to 50 kips (222
kN), as shown in Figure 6.11. However, the strains in gage T5 increased sharply as the blister
began to cause a delamination under that strain gage, as indicated in Figure 6.12. The slope
of the load versus strain plot changes at about 70 kips (311 kN) and continues to decrease for
each successive test. In addition, for this beam, the global stiffness properties were effected
by the growing delamination. The load versus deflection plot for the beam up to 136 kips
(605 kN) (Figure 6.13), shows that the stiffness of the beam changed at approximately 70 kips
(311 kN). This is also illustrated in the load versus elastic modulus plot for several tests
(Figure 6.14). Again, the modulus changed at approximately 70 kips (311 kN). Even though
the beam safely carried in excess of twice the service load prior to growth of the blisters, the
beam was eliminated from consideration because of the apparent, premature, local
delamination of the top flange that makes the behavior of the beam unpredictable and may
cause premature failure of the top flange upon further application of load. The blisters may
also present a fatigue or environmental stability problem throughout the life of the bridge.

The blister may begin to grow at repeated applications of the service load or they may allow

moisture to enter the beam and grow as a result of freeze-thaw cycling.

6.3 Failure Testing of Beam #13

The final test performed was the failure of one of the 36 in. DWB to determine an
estimate for the moment capacity of the 36 in. DWB and determine the failure mode of the 36
in. DWB. Since three of the eleven beams had been eliminated during the proof testing and
the remaining eight beams were needed for the bridge, one of the three eliminated beams
would need to be failed. In addition, failing a beam with visual evidence of problem areas
and early audible distress would most likely provide a lower estimate for the moment capacity
of the problem free beams. Beam #13 was chosen because its resin rich and fiber rich areas
appeared to be the most stable upon visual inspection after proof testing, and the problem
areas were the farthest away from the constant moment region between the loads. The

procedures used for the failure testing of beam #13 are described in Chapter 3.
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The beam was tested to a total load of 170 kips, 85 kips per load point (756 kN, 378
kN per load point), which for the geometry of the test set-up corresponds to a moment of
1,400 k-ft (1,900 kN-m). This gives a factor of safety for the moment capacity of the beam of
seven. Failure of the beam occurred when the top flange delaminated under one of the load
points in an explosive manner, and then almost instantaneously separated along almost the
entire length of the beam. The point of initiation of the delamination is shown from the side
and top in Figure 6.15 and 6.16 respectively, and the lateral shift of the top flange due to the
delamination is shown in Figure 6.17. The interface between the carbon fiber and glass fiber
layers in the flange is an area of high interlaminar stresses due to the mismatch in modulus
between the layers, and these high interlaminar stresses probably caused the delamination to
occur. A load versus deflection plot to failure for the beam is shown in Figure 6.18, and this
plot shows that the beam demonstrated nearly linear behavior to failure. Linear behavior is
also shown in Figure 6.19, which shows the load versus strain plot for the beam. The strain in
the top flange upon delamination was 3,150 microstrain, which is seven times higher than the
service load strain.

The sudden and explosive nature of the 36 in. DWB’s failure coupled with the linear-
elastic behavior of the beam to failure may cause concern for civil engineers. The beam
provides little warning before failure, but the failure, while explosive and sudden, is not
catastrophic. The majority of the beam remains intact and the beam continues to carry load
with the significant damage to the top flange. The beam was loaded three times to twice the
service load moment after failure and no further delamination or distress occurred. Load
versus deflection plots for the beam before and after top flange delamination are shown in
Figure 6.20, and the figure indicates that the beam continued to carry load, in this case twice
the design load, after failure. Furthermore, the beam carries that load with an effective
modulus of 4,200 ksi (29 GPa), a loss of only 27 percent. This indicates that even if a beam is
overloaded causing the top flange to delaminate, the beam will continue to actively carry load
in the bridge upon repeated service loading if the load that caused the initial failure is
transient in nature and is removed or reduced upon failure of the beam. This removal or
reduction in load may be achieved in a bridge were the loads are moving across the structure

at highway speeds.
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Finally, a method of predicting when delamination was about to occur was also
investigated during the failure test. As discussed in Chapter 3, strain gages were placed on
either side of the beam on the top and bottom of the top flange at the load points since
delamination often initiates here. These gages were monitored to determine if a local stiffness
change occurred before delamination. The difference in strain between the top and bottom
gage plotted against load in Figure 6.21. If no stiffness change occurs in the flange between
the gages, this difference should increase linearly with load. However, several of the gages
show non-linear behavior before delamination, and only one gage (D1) shows linear-behavior
throughout most of the testing, as seen in Figure 6.21. This single test indicates that this
method may be viable in estimating when delamination is about to occur. However, the data
is not clear since all the gages did not trend in the same manner, and more testing is needed to

determine what trends in strain, if any, predict delamination.

6.4 Comparison of Test Results to Preliminary Design Parameters

Table 6.3 shows the stiffness properties for the eight beams in the bridge along with
the percent difference between the assumed design values (E of 6,000 ksi, kGA of 20,000 ksi-
inz, and E. of 5,000 ksi) and the actual properties of each beam. A positive difference
indicates that the actual beam properties are above the assumed design values. As was
discussed previously, all of the beam properties are above the design values except for the
elastic modulus in bending of beam #23, however the effective modulus in bending of beam
#23 is above the assumed value, so the beam was used in the bridge. The beams are listed in
the order they will be placed in the bridge in Table 6.3, and the location in the bridge
corresponding to each Route 601 Bridge ID Number is shown in Figure 6.22. It should be
noted that the stiffest beams were placed toward the outside of the bridge and the most
flexible beams were placed toward the middle. This was done because work with the finite
difference model used for the preliminary design and experience with the Tom’s Creek
Bridge, showed that placing the beams in this manner produced the stiffest overall bridge
structure (Hayes, 1998).

The strain in the eight beams at the service load moment and the safety factor required
to produce the failure strain determined from the failure of beam #13 (1,350 ue) is presented

in Table 6.4. It is unlikely that each beam will have the same failure strain as beam #13, but
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comparing the service strain for each beam to the failure strain of beam #13 provides a
measure of the safety of each beam since failing each beam to be used in the bridge is not
possible. It was noted previously that beam #13 failed at a moment of 1,420 k-ft (1,900 kN-
m), which is equivalent to a safety factor of 7.2 when compared to the service load moment of
197 k-ft (267 kN-m), and therefore, each beam, when compared to the failure moment of
beam #13, has a safety factor of approximately seven as well.

In conclusion, eleven beam were tested to determine their elastic modulus in bending,
shear stiffness, and effective elastic modulus in bending to insure that those properties meet or
exceed the design values, and to insure that each beam meets the requirements set forth in the
preliminary design. The eleven beams were also proof tested to a moment equivalent to five
times the service moment, and three beams were eliminated from consideration for use in the
Route 601 Bridge because of problems encountered during the proof testing. Two of these
beams presented small problems as discussed earlier that did not effect the global stiffness of
either beam or strength of beam #13. These beams were suited to be used in the bridge but
were not simply because eight other beams were chosen. Finally, one beam was tested to
failure to determine the approximate moment capacity and the failure mode of the 36 in.
DWRB, as well as the post-failure stiffness of the 36 in. DWB. The 36 in. DWB was
determined to have a factor of safety of approximately seven against the service moment for
the Route 601 Bridge, and the beam was determined to carry at least twice the service load

after failure with no additional distress and a stiffness loss of only 27 percent.
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6.5 Tables and Figures

Strongwell | Number of | Average | Average KGA | Average Eeff.
Beam ID # | Load Tests| E (ksi) (ksi-in2) (ksi)
2 8 6,450 24,250 5,490
4 7 6,590 25,190 5,620
5 7 6,590 23,980 5,580
6 7 6,470 25,250 5,540
8 26 6,350 23,050 5,380
10 4 6,200 34,120 5,540
11 7 6,180 26,170 5,350
13 6 6,230 25,670 5,370
19 6 6,050 24,780 5,210
21 7 6,060 24,990 5,230
23 6 5,880 30,730 5,220
Table 6.1 — Properties of the eleven 36 in. DWB’s
Avg. E from E from
Strongwell | Direct Method Curve Fit Percent
Beam ID # (ksi) Method (ksi) |Difference
8 6,350 6,860 8%
10 6,200 6,520 5%
Avg. KGA kGA from
Strongwell| from Direct Curve Fit Percent
Beam ID #| Method (ksi- | Method (ksi) |Difference
in?)
8 23,050 16,380 -29%
10 34,120 18,680 -45%
Avg. Er, from Eetr, from
Strongwell | Direct Method Curve Fit Percent
Beam ID # (ksi) Method (ksi) |Difference
8 5,380 5,382 0%
10 5,540 5,306 -4%
E. calculated for 39 ft span and 4-point loading with
loads applied at the third points.
(23PL*)/(648EI) + (PL)/(3kGA) = (23PL’)/(648E. 1)

Table 6.2 — Comparison of Methods for Determining E and kGA
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Route 601 [Strongwell| Average E| % Above | Average KGA | % Above| Average | % Above
Beam ID #|Beam ID #|  (ksi) Design (ksi-in2) Design |Eeff. (ksi)| Design

1 2 6,450 7.5 24,250 21 5,490 10

2 8 6,350 5.8 23,050 15 5,380 7.6

3 19 6,050 0.8 24,780 24 5,210 4.2

4 21 6,060 1.0 24,780 24 5,230 4.6

5 23 5,880 -2.0 30,730 54 5,220 4.4

6 11 6,180 3.0 26,170 31 5,350 7.0

7 10 6,200 3.3 34,120 71 5,540 11

8 4 6,590 9.8 25,190 26 5,620 12

Table 6.3 — Properties of the eleven 36 in. DWB’s Compared to Design Values

Route 601 | Strongwell | Service Load
Beam ID #| Beam ID # | Strain (ue) | Safety Factor
1 2 431 7.3
2 8 433 7.3
3 19 459 6.9
4 21 456 6.9
5 23 475 6.6
6 11 446 7.1
7 10 445 7.1
8 4 422 7.5

Table 6.4 — Service Load Strain for Each Beam and Safety Factor to Failure Strain
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Figure 6.17 — Lateral Shift of Top Flange
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Chapter 7: Conclusions and Recommendations

As a result of the testing of the deck-to-girder connections and the 36 in. DWB for the

Route 601 Bridge, the following conclusions and recommendations are made.

7.1 Conclusions

o The testing of a deck-to-girder connection for use with the 8 in. DWB and a composite
deck showed that a bolted connection was capable of creating a significant increase in
stiffness for the girder through partial composite action of the girder and deck. The
effective moment of inertia (I.¢) was used as a measure of the stiffness since the
elastic modulus was held constant in the analysis of each connection configuration.
The effective moment of inertia (I.fr) was shown to be as much as 36 percent higher

for the beam/deck system than for the girder alone.

e The composite action provided by the deck-to-girder connection for the 8 in. DWB
was shown to reach a lower limit at a spacing of 6 ft. At this point further increases in

connection spacing to a spacing of 12 ft produced no further loss in composite action.

e An upper limit on the composite action was not found for the deck-to-girder
connection for the 8 in. DWB. A 1 ft connection spacing produced significantly more
composite action than a 2 ft connection spacing indicating that more composite action

may be possible with a tighter connection spacing.

o The testing of a deck-to-girder connection for use with the 36 in. DWB and a glue-
laminated timber deck showed that this connection was not as capable of creating a
significant amount of composite action between the girder and the deck The
beam/deck system with three connections per deck panel was only 4.6 percent stiffer

than the 36 in. DWB alone.
e The small amount of composite action provided by the connection for the 36 in. DWB

is attributed to the poor bearing capacity of the deck. Significant bearing deformations

occurred at the locations of the bolts through the deck allowing slip to occur between
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the deck and the girder as the deck panels separated at the joints, thus limiting the

amount of composite action that was developed.

Due to the limited composite action and the slip between adjacent deck panels it was
recommended to place only two connections per panel in the Route 601 Bridge and to

have those connections span the deck joints to better tie the deck panels together.

Testing of eleven 36 in. DWB’s for the Route 601 Bridge showed that each beam
possessed stiffness properties greater than those assumed in design, except beam #23.
Beam #23 has an elastic modulus of 5,880 ksi, which is two percent below the
assumed value of 6,000 ksi. However, the shear stiffness (30,730 ksi-in?) is 54
percent higher than the assumed value of 20,000 ksi-in® producing an effective
modulus of 5,220 ksi, which is four percent higher than the assumed value of 5,000
ksi. Therefore, no beams were eliminated from consideration for use in the bridge

based on stiffness.

Three beams were eliminated from consideration for use in the Route 601 Bridge
based on the results of the proof testing. Beams #6 and #13 were rejected because of
audible distress in the resin and fiber rich areas prior to reaching the desired proof
load. However, neither beam showed evidence of a change in global stiffness due to
the audible distress. Beam #5 was rejected because of severe blisters along the top
flange that grew upon loading. Strain data showed that at least one of these blisters
initiated a delamination under gage T5 causing concern of premature delamination of

the whole top flange (premature failure).

Testing of beam #13 showed that the 36 in. DWB fails by delamination of the
compression flange. Furthermore, the beam was shown to have a moment capacity of
1,420 k-ft, which is in excess of seven times the expected moment in the Route 601
Bridge. Finally, the resin and fiber rich areas in this beam, which resulted in its

elimination from consideration for use in the Route 601 Bridge did not contribute to

97



the failure of the beam. The compression flange delamination occurred under the load

patch and away from any resin or fiber rich areas.

7.2 Recommendations

o In the design of the Route 601 Bridge several assumptions were made. The wheel
load distribution factor and the dynamic load allowance were the most significant of
these. The values used in the design were based on the AASHTO Specification for
steel girder bridges and on experience gained from the Tom’s Creek Bridge, which
was constructed with the 8 in. DWB. Before design with composite girders can
become common, a larger body of information from which to determine wheel load

distributions and dynamic load allowances must be established.

o The Route 601 Bridge design targeted a deflection limit of L/800, which resulted in a
safety factor of seven against failure of the girders. Lower deflection limits for
composite girder bridges, similar to the deflection limits for timber bridges, should be

considered to achieve more economical designs.

e Further research is needed in the area of deck-to-girder connections that provide
partial composite action between the girder and the deck to increase the stiffness of
composite girder bridges. As was mentioned previously, the lower modulus of
composites compared to conventional materials results in designs that are often
deflection controlled, and any manner of increasing the stiffness of composite

superstructures deserves further investigation.

o Although the fatigue and environmental effects were tested for the 8 in. DWB used in
the Tom’s Creek Bridge, the same effects need to be determined for the 36 in. DWB.
Future monitoring of the Route 601 Bridge should provide a measure of the fatigue
and environmental resistance of these beams when subjected to actual in-service

environmental conditions.
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A greater number of beams from several pultrusion runs should be tested to determine
their stiffness properties as well as their strength to better determine the manufacturing
consistency and properties of the beams. This should be accomplished, in part, by the
testing underway at Virginia Tech for the development of a design guide for the 36 in.
DWB. Determining the stiffness and strength of a greater number of beams will also
give engineers the needed information to create and implement the design guidelines
and codes and specifications required to make the design of FRP girder bridges

commonplace.

Finally, further investigation is needed to fully understand the shear behavior of
composite beams. The trends of kGA with load are not completely understood and
investigation of higher order beam theories may be needed to complete resolve this
issue. Although this investigation would increase understanding of the material
behavior of composite beams, the variation in kGA is not enough to prevent successful
implementation of composite beams for the purpose of bridge design. The variation in
kGA does not create enough variation in deflection calculations for the typical spans

that composite beams are used to be of a major concern for bridge engineers.
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Appendix A: E and kGA Results for Each Test of Each Beam

The following tables present the elastic modulus, shear stiffness, and effective elastic

modulus for each test performed on each beam. The load column represents the maximum

load to which each test was run with the 150 kip tests representing five times the service load.

However, for every test, the beam properties were averaged between 20 and 40 kips (10 kips

above and below the equivalent service load). Beam #8 was tested first, so it was tested in 10

kip load increments, all other beams were tested in 50 kip load increments. No data is shown

for the 50 kips tests of beam #10 because the deflection data was inaccurate and kGA could

not be determined. Finally, beam #13 was tested only to 136 kips and beam #5 was tested

only to 135 kips when audible emissions were heard from the beams and testing was stopped.

Strongwell | Route 601 E kGA Eetr. | Avg. E | Avg. KGA | Avg. Ey.
ID # ID # Load | (Msi) [(Msi-in”*2)| (Msi) | (Msi) |(Msi-in”*2)| (Msi)
2 1 50 | 6.43 22.63 5.42
2 1 50 | 6.49 23.07 5.48
2 1 50 | 6.51 23.09 5.49
2 1 50 | 6.51 23.24 5.50 | 645 24.25 5.49
2 1 100 | 6.48 25.16 5.54
2 1 100 | 6.40 25.17 5.49
2 1 150 | 6.38 25.48 5.48
2 1 150 | 6.37 26.17 5.49
4 8 50 | 6.60 24.71 5.62
4 8 50 | 6.58 24 81 5.61
4 8 50 | 6.59 24.79 5.61
4 8 100 | 6.60 24.23 5.60 | 6.59 25.19 5.62
4 8 100 | 6.60 25.60 5.65
4 8 150 | 6.60 25.83 5.65
4 8 150 | 6.53 26.34 5.62
5 NA 50 | 6.62 22.52 5.55
5 NA 50 | 6.61 23.27 5.57
5 NA 50 | 6.54 23.02 5.51
5 NA 70 | 6.59 23.62 5.57 | 6.59 23.98 5.58
5 NA 100 | 6.59 25.38 5.63
5 NA 100 | 6.58 25.82 5.64
5 NA 135 | 6.57 24.23 5.58
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Strongwell | Route 601 E KGA Eetr. |Avg. E| Avg. KGA | Avg. Egg.

ID # ID # Load | (Msi) [(Msi-in”*2)| (Msi) | (Msi) | (Msi-in*2) | (Msi)
6 NA 50 | 6.45 24.07 5.49

6 NA 50 | 641 24.68 5.48

6 NA 50 | 6.50 25.21 5.56

6 NA 100 | 6.49 25.54 5.56 | 647 25.25 5.54
6 NA 100 | 6.50 25.62 5.57

6 NA 150 | 6.49 25.72 5.57

6 NA 150 | 6.44 25.88 5.54

8 2 50 | 6.43 24.27 5.48

8 2 50 | 6.44 24.89 5.51

8 2 50 | 6.45 23.92 5.48

8 2 60 | 6.44 23.81 5.47

8 2 60 | 6.43 23.51 5.45

8 2 70 | 6.43 23.57 5.46

8 2 70 | 6.42 23.46 5.44

8 2 80 | 6.43 23.07 5.44

8 2 80 | 6.41 23.11 5.43

8 2 90 | 6.30 24.62 5.39

8 2 90 | 6.42 22.95 5.42

8 2 100 | 6.33 23.48 5.38

8 2 100 | 6.30 23.38 5.35 | 6.35 23.05 5.38
8 2 100 | 6.33 22.76 5.35

8 2 110 | 6.39 23.19 5.42

8 2 110 | 6.43 23.34 5.45

8 2 120 | 6.31 22.80 5.34

8 2 120 | 6.28 22.72 5.32

8 2 130 | 6.29 22.52 5.32

8 2 130 | 6.30 22.33 5.32

8 2 130 | 6.30 21.26 5.27

8 2 140 | 6.28 21.99 5.29

8 2 140 | 6.25 22.18 5.28

8 2 150 | 6.27 22.19 5.29

8 2 155 | 6.27 22.02 5.28

8 2 155 | 6.28 21.95 5.28

10 7 100 | 6.21 34.08 5.55

10 7 100 | 6.21 35.92 5.57 | 6.20 34.12 5.54
10 7 150 | 6.20 33.63 5.53

10 7 150 | 6.18 32.86 5.50
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Strongwell | Route 601 E KGA Eer. | Avg. E | Avg. KGA Avg. Er,
ID # ID # Load | (Msi) |(Msi-in*2)| (Msi) | (Msi) |(Msi-in"2) (Msi)
11 6 50 | 6.14 25.41 5.30
11 6 50 | 6.24 27.22 5.42
11 6 50 | 6.23 26.85 5.41
11 6 100 | 6.22 24.72 534 | 6.18 26.17 5.35
11 6 100 | 6.13 25.79 5.30
11 6 150 | 6.15 26.78 5.35
11 6 150 | 6.15 26.40 5.34
13 NA 50 | 6.24 24.32 5.34
13 NA 50 | 6.25 25.03 5.37
13 NA 50 | 6.24 25.19 537 | 6.23 25.67 5.37
13 NA 100 | 6.25 24 .85 5.37
13 NA 100 | 6.21 24.18 5.32
13 NA 136 | 6.20 30.45 5.47
19 3 50 | 6.01 24.39 5.17
19 3 50 | 6.03 25.11 5.21
19 3 50 | 6.05 25.23 523 | 6.05 24.78 5.21
19 3 100 | 6.05 25.34 5.23
19 3 100 | 6.09 24.46 5.24
19 3 150 | 6.05 24.14 5.20
21 4 50 | 6.11 24.5 5.25
21 4 50 | 6.08 2491 5.24
21 4 50 | 6.14 25.46 5.30
21 4 100 | 6.06 23.95 5.20 | 6.06 24.99 5.23
21 4 100 | 5.95 25.38 5.16
21 4 150 | 6.04 24.70 5.21
21 4 150 | 6.07 26.06 5.27
23 5 50 5.86 28.51 5.16
23 5 50 5.89 29.37 5.21
23 5 50 5.89 29.64 5.21 5.88 30.73 5.22
23 5 100 | 5.90 31.62 5.26
23 5 100 | 5.89 32.88 5.27
23 5 150 | 5.82 32.34 5.21
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Appendix B: Maximum Strains and Deflections for Each Test of Each Beam

The following tables present the maximum top flange strain (absolute value) and

midspan deflection for each test performed on each beam. The load column represents the

maximum load to which each test was run (150 kip tests represent five times the service load)

and the strain and deflection data are taken at this load. Beam #8 was tested first, so it was

tested in 10 kip load increments, all other beams were tested in 50 kip load increments. No

data is shown for the 50 kips tests of beam #10 because the deflection data was inaccurate.

Finally, beam #13 was tested only to 136 kips and beam #5 was tested only to 135 kips when

audible distress was heard from the beams and testing was stopped.

Strongwell | Route 601 Test Strain at Test Load Midspan Defl. at Test Load
ID # ID # Load (k) (ue) (in.)
2 1 50 713 1.07
2 1 50 711 1.07
2 1 50 709 1.06
2 1 50 710 1.07
2 1 100 1420 2.08
2 1 100 1430 2.08
2 1 150 2100 3.05
2 1 150 2140 3.08
4 8 50 699 1.05
4 8 50 701 1.05
4 8 50 699 1.04
4 8 100 1410 2.06
4 8 100 1400 2.04
4 8 150 2110 3.07
4 8 150 2110 3.07
5 NA 50 709 1.06
5 NA 50 709 1.06
5 NA 50 712 1.07
5 NA 70 993 1.47
5 NA 100 1380 2.02
5 NA 100 1380 2.02
5 NA 135 1820 2.64
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Strongwell | Route 601 | Load |Strain at Test Load | Midspan Defl. at Test Load
ID # ID # (k) (ue) (in.)
6 NA 50 721 1.06
6 NA 50 724 1.07
6 NA 50 718 1.06
6 NA 100 1440 2.12
6 NA 100 1440 2.12
6 NA 150 2170 3.17
6 NA 150 2170 3.17
8 2 50 719 1.06
8 2 50 720 1.06
8 2 50 719 1.06
8 2 60 865 1.27
8 2 60 865 1.27
8 2 70 1010 1.47
8 2 70 1010 1.47
8 2 80 1160 1.69
8 2 80 1160 1.69
8 2 90 1310 1.90
8 2 90 1300 1.90
8 2 100 1460 2.11
8 2 100 1460 2.11
8 2 100 1450 2.11
8 2 110 1590 2.30
8 2 110 1590 2.30
8 2 120 1740 2.51
8 2 120 1740 2.51
8 2 130 1890 2.72
8 2 130 1890 2.72
8 2 130 1890 2.73
8 2 140 2040 2.93
8 2 140 2040 2.93
8 2 150 2190 3.14
8 2 155 2260 3.25
8 2 155 2270 3.25
10 7 100 1480 2.09
10 7 100 1480 2.09
10 7 150 2200 3.10
10 7 150 2210 3.10

107




Strongwell | Route 601 | Load |Strain at Test Load |Midspan Defl. at Test Load
ID # ID # (k) (ue) (in.)
11 6 50 741 1.09
11 6 50 736 1.07
11 6 50 734 1.08
11 6 100 1470 2.15
11 6 100 1480 2.15
11 6 150 2230 3.21
11 6 150 2220 3.20
13 NA 50 738 1.09
13 NA 50 738 1.09
13 NA 50 740 1.10
13 NA 100 1470 2.16
13 NA 100 1480 2.17
13 NA 136 2010 2.84
19 3 50 763 1.12
19 3 50 762 1.12
19 3 50 762 1.12
19 3 100 1520 2.20
19 3 100 1520 2.20
19 3 150 2280 3.30
21 4 50 751 1.11
21 4 50 757 1.12
21 4 50 751 1.11
21 4 100 1520 2.24
21 4 100 1520 2.24
21 4 150 2270 3.30
21 4 150 2280 3.31
23 5 50 790 1.13
23 5 50 787 1.12
23 5 50 785 1.12
23 5 100 1570 2.22
23 5 100 1580 222
23 5 150 2370 3.31
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